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EXECUTIVE SUMMARY

Introduction

A two-span bridge, supported by steel H-piles and mechanically
stabilized earth (MSE) bridge abutments, was constructed as part
of a new interchange on I-65 in Whitestown, Indiana. The east
and west MSE abutment walls consisted of precast concrete fac-
ing panels, ribbed steel strips, and coarse-grained backfill soil.
A section near the middle of the east MSE abutment wall was
selected for instrumentation and performance monitoring. The
instrumented wall section consisted of four panels with seven
levels of reinforcement. The main goals of the project were (1) to
investigate the performance of a steel strip-reinforced MSE
abutment wall during construction and while in service, and (2)
to verify, based on the dynamic cone penetration test (DCPT)
blow count, the INDOT procedure for estimating the factored
bearing resistance of MSE wall foundations in fine-grained soils.

This report presents the site investigation results, the instru-
mentation layout, and the response of the MSE abutment wall to
both dead and live loads for various stages during and after
construction of the Whitestown Parkway Bridge. The instrumen-
tation included earth pressure cells, strain gauges, inclinometers,
and crackmeters. These sensors were used to measure the
magnitude and evolution of several quantities, such as the vertical
stresses at the base of the leveling pad and within the backfill soil,
the lateral stresses on the back of the wall facing, the tensile loads
in the reinforcement, the lateral deflection of the wall facing, the
contraction of the panel joints, and the settlement of the MSE wall
foundation. The data was collected continuously using multi-
plexers and dataloggers powered by solar panels.

Findings

® The ratio of the vertical stress measured at the base of the
leveling pad to the vertical stress calculated based on the self-
weight of the wall facing increased from 1.6 at stage 1 of wall
construction to 2.4 at stage 5 (the end of wall construction).
It subsequently increased to 3.2 after the bridge was
constructed and opened to traffic (stage 11). The factor of
safety for the leveling pad against bearing capacity failure
was estimated to be 3.0 at the end of wall construction and
2.3 after the bridge was constructed and opened to traffic.

® Based on the data obtained from the three instrumented piles
and the instrumented zone of the pile cap around these piles,
the piles carried about 90% of the dead load from the
superstructure during bridge construction, while the remain-
ing 10% was carried by the fill material in contact with the
pile cap. The mobilized cap resistance decreased to about 8%
at the end of bridge construction and to 6% after the bridge
opened to traffic for 4 months. Assuming no contribution
from cap resistance (as is typically done in MSE abutment
design), the average dead load per pile, which was based on
the data obtained for the three instrumented piles, was 477
kN (107 kips) at the end of bridge construction. This value
agreed with the unfactored dead load of 456 kN (103 kips)
per pile in the design of Bent 3 of the Whitestown Parkway
Bridge. During the live load test, approximately 91% of the
live load in the instrumented zone of the pile cap was carried

by the three instrumented piles, while the remaining 9% of
the live load was carried by the fill material in contact with
the pile cap.

® The coherent gravity method, the simplified method and the
simplified stiffness method are sensitive to the value of the
backfill soil peak friction angle ¢, used to calculate Ty,  at
the end of wall construction. For ¢, = 40°, the simplified
stiffness method provided the best estimate of 7).« for the
four instrumented levels of steel strips considered in this
study, whereas for ¢, = 34°, the methods generally
overpredicted the maximum reinforcement tensile loads at
the end of wall construction. For the Whitestown MSE
abutment wall, the value of T},.x increased by about 3%—5%
during the time period between the end of bridge construc-
tion until up to 4 months after the bridge was opened to
traffic. Because the contribution of dilatancy towards soil
shear strength may progressively degrade during the service
life of the MSE abutment wall due to traffic and other events
(e.g., earthquakes and rainstorms), the critical-state friction
angle ¢, of the backfill soil could be the most appropriate
value of friction angle to use in MSE abutment wall design.

® The maximum lateral displacement of the wall facing [= 12.1
mm (0.48 in.) or 0.24% of the height H of the reinforced fill]
at the end of bridge construction occurred at a depth of
2.8 m (9.2 ft or 0.56 H) below the top of the reinforced fill;
this is close to the depth where the maximum tensile load
Tmax [= 21.8 kN/m (1,494 1b/ft)] was measured in the
instrumented steel strips. During the live load test, the lateral
displacement of the wall facing increased by a maximum
value of 0.8 mm (0.03 in.) compared to the measurement
before the test; this occurred at a depth of 0.3 m (1 ft or
0.06H), which was near the elevation of the topmost
reinforcement level, where the largest increment in tensile
load [= 0.9 kIN/m (62 1b/ft)] was measured during the test.

® The vertical displacement w of the MSE wall foundation
(below the leveling pad) increased from 20 mm (0.8 in.) at the
end of wall construction to 26 mm (1.02 in.) at the end of
bridge construction; no significant change in pad settlement
was observed during the live load test. The relative
settlement w/B of the leveling pad was 6.5% at the end of
wall construction and 8.5% at the end of bridge construc-
tion. The value of the secant modulus of subgrade reaction
of the leveling pad decreased by 20%: from 11,450 kPa/m
(73 kst/ft) for a pad settlement of 12.7 mm (0.5 in.)
to 9,150 kPa/m (58 ksf/ft) for a pad settlement of 25.4 mm
(1.0 in.).

® The results of the DCPTs performed in the foundation soil
prior to wall construction showed that the factored bearing
resistance [= 6,600 psf (316 kPa)] obtained using the chart in
INDOT Construction Memorandum 15-08 (Miller, 2015) was
greater than the factored bearing pressure [= 5,100 psf (244
kPa)] at the base of the MSE wall foundation specified in the
contractor’s working drawing. In addition, the value of 6,600
psf (316 kPa) was close to the MSE wall factored bearing
resistance of 7,000 psf (335 kPa) derived from the
geotechnical report (based on the bearing capacity equation)
and specified in the project contract documents.

Implementation

The following steps should be considered for the preparation
and testing of the MSE wall foundation.



Perform SPT borings and CPT soundings as part of the
initial site investigation to determine the site stratigraphy
and foundation soil profile for the MSE wall project.
Excavate weak, fine-grained, surficial soil layers below the
MSE wall foundation based on the geotechnical report for
the specific MSE wall project under consideration.

After excavation, compact and proof-roll the surface of the

fine-grained foundation soil in accordance with INDOT

specifications.

Perform plate load tests in accordance with AASHTO (2020)

and ASTM D1194 on the proof-rolled, fine-grained founda-

tion soil (along the footprint of the MSE wall) to obtain an
unfactored bearing resistance of at least 3 tsf for MSE walls
shorter than 20 ft high.

a. A plate diameter of 12 in. (30 cm) may be used for MSE
walls shorter than 20 ft (6 m) high, whereas a larger plate
diameter of 30 in. (75 cm) is suggested for MSE walls
taller than 20 ft (6 m). According to ASTM D1194, the
plate load test should be performed until a peak load is
reached or until the total settlement reaches at least 10%
of the plate diameter. Scale effects, as mentioned in
AASHTO (2020), should be considered when extra-
polating the results of a plate load test (which reflects the
soil response to loading only up to a depth of about two
plate diameters) to a full-scale MSE wall foundation. In
addition, it is recommended that, prior to performing
the plate load tests, the undrained shear strength of the
fine-grained foundation soil at the MSE wall project
location increase to a depth that corresponds to the
width of the MSE wall foundation. The value of 3 tsf
(300 kPa) for the unfactored bearing resistance was
derived based on a typical backfill soil unit weight of 120

pef (18.85 kN/m?) and a factor of safety of 3 against
bearing capacity failure. Further research is needed to
determine the unfactored bearing resistances for Indiana
soils from plate load test results.
Backfill the excavation with compacted B-borrow material
and follow the quality control procedures provided in
INDOT specifications.
Construct the MSE wall on top of the compacted B-borrow
material.

Based on the results of the instrumentation of the Whitestown

MSE abutment wall, the following points may be considered for
implementation in MSE wall design.

1.

Determine the critical-state friction angle ¢, of the backfill
soil from direct shear or triaxial compression test results and
perform MSE wall external and internal stability design
checks using ¢, to account for potential degradation of the
dilative component of soil shear strength during the service
life of the MSE abutment wall.

For the reinforcement-panel connection limit state check, set
the value of the reinforcement-panel connection load 7o,
equal to the value of the maximum tensile load Tj,,x in the
reinforcement.

Perform preliminary bearing capacity and factor of safety
calculations for the leveling pad with the assumption that the
unfactored bearing pressure (or unit load) at the base of the
leveling pad is equal to two to three times the vertical stress
due to the self-weight of the wall facing. Increase the width of
the leveling pad and/or the concrete grade, as needed, to
ensure the stability and serviceability of the wall.
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1. INTRODUCTION
1.1 Background

Mechanically stabilized earth (MSE) walls have been
designed and constructed in the United States and
around the world for several decades (Miyata &
Bathurst, 2012a). Schlosser (1978) and Mitchell and
Villet (1987) reviewed the history and development of
the reinforced earth technology and the construction of
MSE walls. Over the past two to three decades, MSE
walls have been used to serve as bridge abutments.
MSE bridge abutments are primarily of two types:
“direct” abutments and “mixed” abutments (Anderson
& Brabant, 2005; Jones, 1996). In a direct MSE
abutment, the bridge beams are supported by a spread
footing constructed directly on top of the reinforced fill;
the MSE wall retains the approach embankment and
supports the loads from the bridge (Anderson et al.,
2012; Zevgolis & Bourdeau, 2007). A mixed MSE
abutment; however, is a pile-supported abutment,
where the wall facing provides lateral support for the
reinforced fill, while the piles support mainly the loads
from the bridge (FHWA, 2009a, b).

MSE wall systems are designed against both external
and internal stability ultimate limit states (AASHTO,
2020; Anderson et al., 2012; Bathurst, 2014, 2019;
FHWA, 2009a). The external stability ultimate limit
states include sliding, overturning, bearing capacity
failure, and global stability (Kim & Salgado, 2012a;
Leshchinsky et al.,, 2012; Luo, 2022; Stark et al.,
2019), while the internal stability ultimate limit states
include reinforcement rupture, reinforcement pullout,
and reinforcement-facing connection failure (Bathurst
et al., 2021; Bozorgzadeh et al., 2020; Huang et al.,
2012; Kim & Salgado, 2012b). MSE bridge abutments
are similar in principle to MSE walls, except that they
are subjected to both dead loads from the bridge
superstructure as well as live loads from vehicular
traffic throughout their entire service life.

Limited studies have been performed to investigate the
response of full-scale, instrumented MSE abutment walls
to dead or live loads. Runser (1999) reported the
construction of mixed MSE abutment walls [consisting
of cruciform concrete panel facing, ribbed steel strip
reinforcement, and a row of seven H-piles (HP 14 x 74)
behind the wall facing] to support twin, parallel, single-
span bridges on US 24 over Minnow Creek, Indiana. The
instrumentation results for the south abutment wall were
presented by Runser et al. (2001), but the 55.4-ft-(16.9-
m)-high instrumented wall section did not consist of piles
because the section was located between the eastbound
and westbound bridges. The performance of 15 instru-
mented, steel strip-reinforced MSE walls were reported
by Allen et al. (2001); out of these, only two, besides the
Minnow Creek wall, were MSE abutment walls: an 18.4-
ft-(5.6-m)-high mixed MSE abutment constructed near
Lille, France, and a 41.3-ft-(12.6-m)-high direct MSE
abutment in Ngauranga, New Zealand (for both these
abutments, only the tensile loads in the steel strips were
reported). Farouz et al. (2004) presented a case study of a

79.4-ft-(24.2-m)-high, tiered, mixed MSE abutment
with steel strip reinforcement and closed-ended pipe
piles (filled with concrete and socketed into bedrock) to
support a two-span bridge in Richmond, Virginia.
Liang and Almoh (2004) instrumented four sections
[wall height = 20.0-51.8 ft (6.1-15.8 m)] of a steel strip-
reinforced, mixed MSE abutment, with a row of 22 H-
piles (HP 14 x 74) behind the wall facing, for bridge
support in Muskingum County, Ohio. Abu-Hejleh
et al. (2002) presented a case study of instrumented
geosynthetic-reinforced soil (GRS) bridge abutments
that were constructed to support a two-span bridge
and approach embankment near Castle Rock,
Colorado. The overall behavior of the direct GRS
abutment walls [wall height = 4.5 m (14.8 ft) and 5.9 m
(19.4 ft)] was considered satisfactory, with maximum
post-construction outward facing displacement and
bridge abutment footing settlement values of 13 mm
(0.51 in.) and 11 mm (0.43 in.) (corresponding to
0.22% and 0.18% of the wall height), respectively,
while the bridge was in service (Abu-Hejleh et al., 2000,
2003). Lee and Wu (2004) reported the performance
of ten GRS bridge-supporting structures with diffe-
rent wall facings (wrapped facing, modular block
facing, and rock facing); out of these, four were in-
service GRS bridge abutments, while the remaining six
were full-scale load tests of GRS bridge piers and
abutments.

The above MSE bridge abutment studies focused
mainly on the distribution of the vertical and lateral
stresses in the wall-soil system, the movement of the wall
facing, and the tensile loads in the reinforcements, but
the evolution of the vertical stress at the base of the
leveling pad, the joint gap width between facing panels,
and the load transfer from the bridge superstructure to
the piles during and after bridge construction have not
been investigated for mixed MSE abutments. By
contrast, the response of piled raft foundations to dead
loads, and the load redistribution from the pile cap
(raft) to the piles have been measured for bridge piers
(Mandolini et al., 2005) and high-rise buildings (Shul-
yat’ev & Kharichkin, 2009; Yamashita et al., 2011). Han
et al. (2020, 2021) reported the results of a live load test
performed using twelve triaxle trucks on the seven-span
Sagamore Parkway Bridge over the Wabash River in
Lafayette, Indiana. The live loads were applied near one
of the reinforced concrete bridge piers; both the pier and
the 3 x5 group of open-ended pipe piles supporting it
were instrumented with strain gauges to study the
transfer of superstructure loads (dead loads during
bridge construction and live loads after bridge construc-
tion) from the pier to the foundation elements.
According to Han et al. (2020, 2021), at the end of
bridge construction, the piles carried about 77% of the
dead load, while the remaining 23% was carried by
the soil below the pile cap, but, during the live load test,
the piles carried about 50% of the live load, while the
remaining 50% was carried by the soil below the pile cap.

INDOT has expressed an interest in (1) investigating
the performance of steel strip-reinforced MSE
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abutment walls constructed in Indiana, and (2) verify-
ing their procedure for estimating the factored bearing
resistance of MSE wall foundations in fine-grained soils
based on the dynamic cone penetration test (DCPT)
blow count. In this study, we present the results of
monitoring of a 25.3-ft-(7.7-m)-high, steel strip-rein-
forced, mixed MSE abutment constructed from 2021 to
2023 in Whitestown, Boone County, Indiana. The MSE
abutment was instrumented with earth pressure cells,
strain gauges, inclinometers, and crackmeters to
measure its response both during and after construction
(in service) as well as during a live load test performed
on the bridge post-construction. The live loads were
applied in multiple steps by parking twelve loaded
triaxle trucks at specific locations along the approach to
the instrumented MSE abutment as well as on the
bridge deck near the abutment.

1.2 Subsurface Exploration for MSE Wall Projects

Proper assessment of MSE wall external stability
requires knowledge of existing topography, subsurface
conditions, and soil properties (Raja et al.,, 2023).
Subsurface investigations for MSE walls generally
consist of drilling borings, performing in situ tests,
and extracting soil samples for laboratory testing
(FHWA, 2009a). Although several in situ test methods
are available for characterizing foundation soil proper-
ties (e.g., standard penetration test, cone penetration
test, pressuremeter test, and dilatometer test), the vast
majority of subsurface explorations involve solely the
standard penetration test (SPT). SPT testing yields
blow count data that can be correlated with the relative
density of sandy soils (Skempton, 1986); however, SPT
blow count correlations are unreliable for clayey soils
(Salgado, 2022). Whenever possible, geotechnical engi-
neers also perform cone penetration tests (CPTs) to
complement the SPT investigation (Dagger et al., 2018;
Niazi, 2021; Sakleshpur et al., 2022a, 2022b). Unlike
with the SPT blow count, the CPT cone resistance ¢,
has been shown to correlate well with the relative
density Dgr of sandy soils and the undrained shear
strength s,, of clayey soils (Lunne et al., 1997; Mayne,
2007; Robertson, 2009; Salgado, 2022).

1.2.1 Interpretation of CPT Results in Sand

Niazi (2021) summarized the relationships for
estimation of the relative density of sandy soils from
CPT results. One of them is the relationship proposed
by Salgado and Prezzi (2007), which is applicable for
both normally consolidated and overconsolidated
sands:

In (,T) —0.4947—0.1041¢p. —0.841 In (:Tl)
Dr= 4 17 <100%

0.0264 —0.0002¢, —0.0047 In <; ")
A

(Eq. 1.1)

where g. = cone resistance, p, = reference stress
(= 100 kPa or 1 tsf), ¢. = critical-state friction angle
(= 28°-36° for silica sand), and ¢’;, = in situ horizontal
effective stress (= Kyo',), Ky = coefficient of lateral
earth pressure at rest, and ¢’, = in situ vertical effective
stress at the depth of interest.

Sands with rounded, smooth particles and a poorly
graded particle size distribution tend to have ¢ values
close to 28°, whereas sands with angular, rough parti-
cles and a well-graded particle size distribution tend to
have ¢, values close to 36° (Bolton, 1986; Mitchell &
Soga, 2005; Salgado, 2022). The critical-state friction
angle can be determined from the results of either direct
shear or consolidated-drained/undrained triaxial com-
pression tests performed on reconstituted sand samples
sheared up to critical state (Carraro et al., 2009; Han
et al., 2018; Lee et al., 2004; Murthy et al., 2007; Salgado
et al., 2000). In the absence of such test results, the
critical-state friction angle in triaxial compression can
be estimated as a function of the sand morphology,
gradation, and particle size using (Sakleshpur et al.,
2021a and 2021b; 2023):

D5
Dref

<

</>C(°>=28.3( ) (Co)*(R)™* (Eq. 1.2)
where D, = reference particle size (= 1 mm), Cy =
coefficient of uniformity, R = particle roundness
(Wadell, 1932, 1933), and { = exponent (= 0.045).
Equation 1.2 is applicable for poorly graded, clean
silica sands with Dsqg = 0.15-2.68 mm, Cy = 1.2-3.1,
and R = 0.3-0.8.

The coefficient of lateral earth pressure at-rest Ky nc
for a normally consolidated (NC) sand typically ranges
from 0.4-0.5, with lower values corresponding to dense
sand and higher values corresponding to loose sand
(Salgado & Prezzi, 2007). For an overconsolidated

(OC) sand, Ky oc=~KoncVOCR (Brooker & Ireland,
1965); where the overconsolidation ratio (OCR) may be
evaluated based on the geologic history of the site
(Niazi, 2021; Sakleshpur et al., 2021a).

1.2.2 Interpretation of CPT Results in Clay

In general, drained loading governs the shear
strength of sandy soils, and undrained loading governs
the shear strength of clayey soils. The undrained shear
strength s, of clay may be determined directly from the
results of field vane shear tests, unconfined compres-
sion tests, and/or unconsolidated- or consolidated-
undrained (UU or CU) triaxial compression tests.
Alternatively, the value of s, may be estimated in-
directly from CPT results using (Dagger et al., 2018;
Lunne et al., 1997; Mayne, 2007; Robertson, 2009;
Salgado, 2022):

q:— Oy
Ny

Sy =

(Eq. 1.3)

where ¢, = corrected, total cone resistance mea-
sured under undrained conditions (Kim et al., 2008;
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Salgado & Prezzi, 2014), o, = in situ vertical total stress
at the depth of interest, and N, = cone factor.

Salgado (2022) found that the values of N, reported
in the literature range from 8.5 to 24.5, but most lie
within the 9-15 range, with outliers possibly due to
experimental error or partially drained penetration of
the CPT probe. Soft NC clays generally have N, values
near the low end of the 9-15 range, whereas stiff OC
clays typically have Ny values near the high end of this
range (Mayne & Peuchen, 2018, 2022; Niazi, 2021;
Salgado, 2013, 2014; Salgado et al., 2004). Kim et al.
(2008, 2006) performed cone penetration tests in layers
of NC-to-lightly-OC silty clay [¢, = 0.65-0.8 MPa (6.8—
8.3 tsf) and OCR = 1.0-1.2] at SR 18 in Carroll County,
and in a layer of OC silty clay [¢, = 1.5 MPa (15.7 tsf)
and OCR = 49] at SR 49 in Jasper County. The
undrained shear strength s, of the silty clay layers was
determined from the results of isotropically-consoli-
dated undrained triaxial compression (CIUC) tests, and
the value of N, was found to be of the order of 9-10 for
the Carroll County site and 14 for the Jasper County
site (Kim et al., 2009; Seo et al., 2009). The cone factor
N, also depends on the stress paths that soil elements
experience near an advancing cone. Bisht et al. (2021,
2024) performed simulations of cone penetration in
overconsolidated Boston Blue Clay (OCR = 2.2-4.3)
using the material point method (MPM) and found
that the value of N, is in the range of 12.2-13.3 for
undrained triaxial compression (UDTXC), 13.2-14.6
for undrained simple shear (UDSS), and 17.6-19.2 for
undrained triaxial extension (UDTXE).

1.3 MISE Wall External and Internal Stability
Assessment

1.3.1 External Stability

Current INDOT Standard Specifications (INDOT,
2024) require that MSE walls be designed in accordance
with the AASHTO LRFD Bridge Design Specification
(AASHTO, 2020). The AASHTO LRFD methodology
for MSE walls requires assuming that MSE wall
reinforced soil masses are rigid bodies akin to conven-
tional reinforced-concrete (gravity) retaining walls.
As a result, MSE walls must be checked for external
stability. External stability design checks include
foundation bearing resistance, sliding resistance along
the foundation, MSE wall overturning resistance, and
global (overall) stability, which is checked separately
using a limit equilibrium-based slope stability analysis
program. For convenience in notation, the subscripts rf,
rt, and fn are used hereafter to indicate that the
corresponding soil variables (e.g., unit weight y and
friction angle ¢) are related to the reinforced fill, the
retained backfill, and the foundation soil, respectively.

1.3.2 Sliding Limit State

The external lateral load on an MSE wall must
not exceed the sliding resistance of the MSE wall

foundation. The load and resistance factor design
(LRFD) inequality for the sliding limit state for an
MSE wall is (AASHTO, 2020; FHWA, 2009a; Kim &
Salgado, 2012a; Salgado, 2022):

Sandy foundation soil:
RF(W,rtan 8) > LFg Eq1 + LFE2E 42
Clayey foundation soil:
RF[min (s,L,; 0.50',L,)|=LFr41Eq1 + LFEE 42
(Eq. 1.4)

where RF = resistance factor, s, = undrained shear
strength of clay near the MSE wall foundation inter-
face, o', [= y,J41] = vertical (normal) effective stress
acting on the MSE wall foundation interface, W,r [=
yrAHL,] = weight of the reinforced fill (per unit length of
wall); 7, = unit weight of the reinforced fill; # = MSE
wall height (measured from the top of the leveling pad
to the top of the reinforced fill); L, = reinforcement
length; 6 = interface friction angle at the base of the
MSE wall (= min [¢,, r;0pm)); ¢p.r and ¢, 5 = peak
friction angles of the reinforced fill and foundation soil;
Eq[= O.SKA"/”HZ] and E 4, [=K4q0.-.H] = horizontal
forces (per unit length of wall) due to the active earth
pressures caused by the weight of the retained backfill
and any live uniform surcharge load ¢y.,, acting on top
of the retained backfill, respectively; K, = active earth
pressure coefficient of the retained backfill; y,, = unit
weight of the retained backfill; and LFg 4, and LFg 5 =
load factors corresponding to horizontal forces £ 4, and
E4». The values of LFr, and LFg,, specified by
AASHTO (2020) are 1.50 and 1.75. These load factors
correspond to the strength I limit state (basic load
combination relating to the normal vehicular use of the
bridge without wind), as defined by AASHTO (2020).
According to AASHTO (2020), the value of K, is
calculated using the formulation of Coulomb (1776):

Sin2 ((:bp,rt + [;w)

KA = 2
.2 . _ sin (d)p,rt + 5) sin ((Z)p,rt - O‘g)
sin® B, sin (B,,—9) [l +\/ sin (B, —0) sin (g + B.)
(Eq. 1.5)
where 0 = interface friction angle between the

reinforced fill and the retained backfill (= min [0.67¢,, ,/;
0.67¢,,), ¢p.rand ¢, ,, = peak friction angles of the
reinforced fill and retained backfill, «, = inclination of
the retained backfill surface with the horizontal, and
B, = inclination of the back face of the reinforced fill
with the horizontal. For an MSE wall with a horizontal
backfill surface, o, = 0° and f,, = 90°, and, conse-
quently, Equation 1.5 reduces to (AASHTO, 2020):

2
cos” ¢, ,;
K4 = i

- \/sin @y 7 0) S0 G,

cos o

5 (Eq. 1.6)

cos o0
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In the absence of laboratory shear test results, the
values of ¢,,5 ¢, and ¢, 4 are typically set to 34°,
30°, and 30°, respectively (AASHTO, 2020). For MSE
walls that are part of bridge substructures (target
reliability index 7 = 3.5), the RF values determined by
Kim and Salgado (2012a) for the sliding limit state are:
0.80 for H = 5-7.5 m (16-25 ft), 0.90 for H = 7.5-10 m
(25-33 ft), and 1.00 for H = 10 m (33 ft). In proposing
these RF values as well as those for the overturning limit
state check, Kim and Salgado (2012a) suggested that (1)
the appropriate friction angle for use in the calculation
of the active earth pressure coefficient is the critical-
state friction angle ¢, instead of the peak soil friction
angle ¢,, and (2) the critical-state interface friction
angle J. at the base of the MSE wall can be calculated
as tan~ !(sin¢.). AASHTO (2020) specifies an RF value
of 1.0 for the sliding limit state regardless of the MSE
wall height; the basis for this value is through calibra-
tion by fitting to working stress design (WSD).

1.3.3 Overturning Limit State

Although MSE walls are generally too flexible to fail
through overturning, MSE walls must still be checked
for overturning stability since the AASHTO LRFD
procedure models MSE wall reinforced soil masses as
rigid bodies. The LRFD inequality for the overturning
ultimate limit state for an MSE wall is (Kim & Salgado,
2012a; Salgado, 2022):

L, H H
RF [er (7)] >LFpnEa (?) +LFenEq <7)

(Eq. 1.7)

where all the terms have been defined previously for the
sliding limit state. The RF values determined by Kim
and Salgado (2012a) for the overturning limit state (for
Pr = 3.5) are: 0.75 for H = 5-7.5 m (16-25 ft), 0.80 for
H = 7.5-12.5 m (2541 ft), and 1.00 for H = 12.5 m
(41 ft). FHWA (2009a) and AASHTO (2020) do not
specify a resistance factor for the overturning limit
state, but instead follow a different approach, as out-
lined below.

FHWA (2009a) and AASHTO (2020) indirectly
satisfy the overturning check by limiting the load eccen-
tricity at the base of the MSE wall. In the eccentricity
check, the live uniform surcharge load ¢,  acting on
top of the reinforced fill and the weight of the wall
facing are neglected; however, the live uniform sur-
charge load ¢, acting on top of the retained backfill is
considered in the analysis as it contributes to the
horizontal force E,,. The eccentricity e is calculated
using factored loads (AASHTO, 2020; FHWA, 2009a):

H H
LFp 1 E (?) +LFppEq (7)

o— Eq. 1.8
e LEp Wy (Eq. 1.8)

where most of the terms have been defined previously,
except for LFp; [= 1.00], which is the load factor

corresponding to the self-weight (dead load) W,r of
the reinforced fill. According to AASHTO (2020), the
eccentricity check is satisfied if e < L,/3, i.e., if the
location of the resultant vertical force (calculated based
on factored loads) acting on the MSE wall base lies
within the middle two-thirds of the wall base width.

1.3.4 Bearing Capacity Limit State

The MSE wall bearing stress (i.e., the total vertical
load per unit wall length divided by the effective wall
width) must not exceed the bearing resistance of the
MSE wall foundation. The LRFD inequality for the
bearing capacity limit state for an MSE wall is
(AASHTO, 2020; FHWA, 2009a; Salgado, 2022):

RF(R,)>LFp; er + LFLLq(),,fLr (Eq 1 9)
where RF [= 0.65] = resistance factor, R, [= ¢p7Berd] =
nominal bearing resistance of the MSE wall foundation
(per unit length of wall), ¢,; = nominal limit unit
bearing capacity of the MSE wall foundation, Be [= B
— 2ep] = effective width of the MSE wall foundation,
B = actual width of the MSE wall foundation (= L,,
the reinforcement length), W, = self-weight (dead load)
of the reinforced fill (per unit length of wall), gL, =
live (vehicular) load on top of the reinforced fill (per
unit length of wall), LFp; [= 1.35]and LF;, [= 1.75] =
load factors corresponding to W,rand gy ,/L,, and eg =
load eccentricity, given by (AASHTO, 2020; FHWA,
2009a):

H H
LFgnEq |5 | +LFppE | —
e= 3 2/ (Eq. 1.10)
? LFp W+ LFr1q0,rL, o

where load factors LFg4; and LFg,, are equal to 1.50
and 1.75.

The limit unit bearing capacity of MSE wall
foundations in sandy soils (neglecting the ¢ and ¢ terms
of the general bearing capacity equation) is given by
(AASHTO, 2020; FHWA 2009a):

1
qpL = EthBeffN,CW (Eq. 1.11)
where 74, = unit weight of the foundation soil, C,,, =
water table correction factor (AASHTO, 2020), and
N, = bearing capacity factor (Caquot & Kerisel, 1953;
Reissner, 1924; Vesic, 1973):

N,=2(N;+1)tan ¢, ;

1+ sin ¢, ¢,
Nq— ﬁ) exXp (TC tan d)p,fn) (Eq 113)

where ¢, 5, = representative peak friction angle of the
foundation soil. Equations 1.12 and 1.13 are valid only
for materials that follow the Mohr-Coulomb yield
criterion with an associated flow rule [dilatancy angle
Y equal to the friction angle ¢] (Lyamin et al., 2007).

(Eq. 1.12)
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Real sands, however, follow a non-associated flow rule
(Y < ¢) (Janabi et al., 2023; Loukidis & Salgado,
2009a, 2011; Yin et al., 2001). The limit unit bearing
capacity of a strip footing in sand calculated based on
the assumption of an associated flow rule is about 30%
to 37% greater than that obtained considering flow
rule non-associativity (Raja et al., 2024; Salgado, 2020,
2024).

The limit unit bearing capacity of MSE wall foun-
dations in clayey soils (neglecting the ¢ and y terms of
the general bearing capacity equation) is given by
(AASHTO, 2020; FHWA, 2009a):

qu:SuNc (Eq 114)

where s, = representative undrained shear strength of
clay within the influence depth of the MSE wall foun-
dation, and N, = bearing capacity factor (= 5.14, for
¢psm = 0). According to AASHTO (2020), Equations
1.11 and 1.14 are valid only for a “general shear”
type of mechanism; for “local shear” and “punching
shear” type mechanisms, the modified shear strength
parameters s, and q,')*p, s for use in the above equations
are given by: 5,” = 0.67s, and ¢ ,; = tan '(0.67-
tang, s,).

1.3.5 Internal Stability

The process for internal stability design of an MSE
wall consists of determining the magnitude and location
of the maximum tensile force in each reinforcement
layer and the corresponding resistance provided by the
reinforcement against rupture, pullout, and facing
connection failure (Kim & Salgado, 2008). Although
several reinforcement types (e.g., steel strips, steel grids,
geotextile sheets, and geogrids) are used in MSE wall
construction, the focus of this report is on steel strips.

Maximum tensile load T,,. The maximum tensile
load Tj,.x that develops in a given reinforcement layer
is due to the lateral effective stress ¢’;, (= K,¢',) acting
on the back of the wall facing over the tributary area
of the reinforcement (Bathurst, 2014; Kim & Salgado,
2012b; Salgado, 2022). To calculate T,.x (in units
of force per unit length of wall in the longitudinal
direction) for a given reinforcement layer located at
depth z from the top of an MSE wall, the vertical
effective stress ¢’, at that depth is multiplied by the
lateral earth pressure coefficient K, and the tributary
vertical spacing s, of the reinforcement (AASHTO,
2012; FHWA, 2009a). The tributary vertical spacing s,
is the distance between the midpoints of vertically
adjacent reinforcement layers, except for the topmost
and bottommost reinforcement layers. For the topmost
reinforcement layer, s, is the distance from the top of
the reinforced fill (for a level backfill surface) to the
midpoint between the first and second layers of
reinforcement counted from the top of the wall,
whereas for the bottommost reinforcement layer, s, is
the distance from the top of the leveling pad to the

midpoint between the first and second layers of
reinforcement counted from the bottom of the wall
(AASHTO, 2020; FHWA, 2009a).

Several methods have been developed to calculate the
maximum tensile load 7T, for steel strip-reinforced
MSE walls (Table 1.1): the coherent gravity method
(AASHTO, 2020; Anderson et al., 2010; Bathurst et al.,
2008; Juran & Schlosser, 1978; Schlosser, 1978;
Schlosser & Segrestin, 1979); the Federal Highway
Administration (FHWA) structure stiffness method
(Christopher, 1993; Christopher et al., 1990); and the
simplified method (AASHTO, 2020; Allen et al., 2001;
Bathurst et al., 2009). All these methods are essentially
variants of the traditional (limit equilibrium) tieback
wedge method but have been empirically adjusted
so that the predicted maximum reinforcement tensile
loads are in better agreement with those measured in
available full-scale, instrumented MSE walls under
initial operational (working stress) conditions. Current
practice for estimation of reinforcement loads in the
United States is based on the coherent gravity method
for inextensible-(steel)-reinforced MSE walls and the
simplified stiffness method (Allen & Bathurst, 2015,
2018), which is an updated version of the simplified
method, for extensible-(geosynthetic)-reinforced MSE
walls. The simplified method is an acceptable alter-
native for both steel- and geosynthetic-reinforced wall
systems (AASHTO, 2020).

1.3.6 Rupture Limit State

The LRFD inequality for the reinforcement rupture
limit state for an MSE wall is (AASHTO, 2020;
FHWA, 2009a):

RF(RspRc)=LFpr Tmax,pr + LFr Tmax, o (Eq. 1.15)

where Tiax,pr [= K(y,2)s,] = maximum tensile force
in the reinforcement (per unit length of wall) due to the
lateral earth pressure caused by the self-weight (dead
load) of the reinforced fill, K, = lateral earth pressure
coefficient, y,, = unit weight of the reinforced fill, z =
vertical distance from the top of the reinforced fill to
the reinforcement layer of interest, s, = tributary
vertical spacing of the reinforcement, s, = horizontal
spacing of the reinforcement, Tiax 12 [= KAqo,)s0] =
maximum tensile force in the reinforcement (per unit
length of wall) due to the lateral earth pressure caused
by the live uniform surcharge load ¢ ,racting on top of
the reinforced fill, LFp; [=1.35] and LF;; [=1.75] =
load factors corresponding to forces 7maxpr and
Tmax.or, RF [=0.75] = resistance factor, R. [=b/s;] =
reinforcement coverage ratio, Rsr[=f,4./b] = nominal
resistance of the reinforcement against rupture, f, =
yield strength of the reinforcement [usually 65 ksi (450
MPa) for grade 65 steel], and A, = cross-sectional area
of the reinforcement corrected for corrosion loss
(AASHTO 2020; FHWA 2009a):

ACZbZ‘LTZb(Zn—lR) (Eq 116)
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TABLE 1.1
Methods for estimation of K, and T,,,, for internal stability design of steel strip-reinforced MSE walls

Reference Equation Comments
Coherent Gravity Method T Koo' K VirZLy 5 In the coherent gravity method, K, decreases linearly from Kj at
(AASHTO, 2020) max = Rr@ v =R\ T 06 )% the top of the wall to K4 at a depth of 20 ft and remains

constant at K, thereafter. The vertical effective stress o',
acting at each reinforcement level is calculated based on
Meyerhof (1953) considering the load eccentricity e due to the
lateral earth pressure exerted by the retained backfill on the
reinforced fill at the elevation of the reinforcement layer.

K - Ko— (BozEr) 2 for0<z <20 ft
K, forz>20 ft

Simplified Method Tnax =K, 0'v5, = K28,
(AASHTO, 2020) K, 17— for0<z<20ft

K, 12forz>20ft

In the simplified method, K, decreases linearly from 1.7K 4 at the
top of the wall to 1.2K 4 at a depth of 20 ft and remains
constant at 1.2K 4 thereafter. The method provides different
empirically derived K, /K, profiles depending on the
reinforcement type and material.

Simplified Stiffness Method
(Allen & Bathurst, 2015)

The simplified stiffness method was developed on the basis that
the maximum tensile loads in reinforcement layers under
operational conditions are a function of reinforcement
stiffness and not the strength of the reinforcement.

The T,.x equation presented here is for the case of a non-
surcharged (¢go = 0), vertical MSE wall with steel strip
reinforcement and clean, uncemented (¢ = 0), coarse-grained
backfill soil. The original equation for 7., contains
additional terms that account for surcharge, facing batter,
backfill soil “cohesion,” and local reinforcement stiffness
(these terms are not applicable and do not influence the value
of Thax for the MSE wall investigated in this study).

The values of the coefficients and exponents that appear in the
equations are as follows: C;, = 0.40, y = 1.2, D;paxo = 0.12,
o = 0.16, f = 0.26, n = 0.57, and x = 0.15.

Tmux = KA (yerDt max)svtpg @/ﬂv
Dimaxo +(Z/Zb)(1 _D/max()) forz<z,
1.0 forz>z,

Dy :“(Sglobal/PA)ﬁ

. k
D= mln{n (Setobal /p4) Fr 1‘0}
zp=C H" D
_ ISHSPA
= Eb3(/1e/]'/1‘1)

Dimax =

Note: Ky = At-rest earth pressure coefficient (=1 — sin¢, ), K4 = Rankine active earth pressure coefficient [= (1 — sin¢,, ,)/(1 + sing, /)],
¢p,r = peak friction angle of the reinforced fill (determined from either direct shear or drained triaxial compression test results), y,» = unit weight of
the reinforced fill, o', = vertical effective stress acting on the reinforcement layer located at depth z below the top of the reinforced fill (for a level
backfill surface), L, = reinforcement length, s, = tributary vertical spacing of the reinforcement layer, D,nax = Tmax distribution factor that
accounts for the nonlinear distribution of reinforcement loads with depth below the top of the wall, @4, = facing batter factor (= 1.0 for a vertical
wall with wall facing angle w = 0°), @, = global stiffness factor, @, = facing stiffness factor, p 4 = atmospheric pressure [= 101 kPa (1 tsf)], Sgiobar =
global reinforcement stiffness [: Z:’: i / H} , n = number of reinforcement layers, J = stiffness of the reinforcement layer per unit wall width
(= E Ays, for steel strip reinforcement), E; = modulus of steel [typically 200 GPa (29,000 ksi)] determined at a strain level of 0.1%-0.2%, A, = steel
cross-sectional area of the reinforcement at the end of wall construction, s, = horizontal spacing of the reinforcement, F, = facing stiffness
parameter, » = thickness of the facing column, H = height of the facing column, E = elastic modulus of an “equivalent elastic beam” representing
the wall face, and /s = equivalent height of an unjointed facing column that is 100% efficient in transmitting moment through the height of the
facing column (for incremental panel walls, /. is equal to the height of a facing panel). The methods do not consider the interface friction angle
mobilized between the back of the wall facing and the reinforced fill material.

where b = reinforcement width [usually 50 mm (2 in.)
for steel strips], .+ = long-term thickness of the
reinforcement at the end of the design life, 7, = nominal
thickness of the reinforcement at the time of MSE wall

According to AASHTO (2020), for a non-aggressive
fill material with pH = 5-10, resistivity = 3,000 ohm-
cm, chlorides = 100 ppm, sulfates = 200 ppm, and
organic content = 1%, the zinc coating is lost at a rate

construction [usually 4 mm (5/32 in.) for steel strips],
and ¢z = sacrificial thickness of metal expected to be
lost by corrosion during the design life of the structure
(AASHTO, 2020; FHWA, 2009a):

tr=2¢(tg—1t.) (Eq. 1.17)
where ¢, = corrosion rate of carbon steel [= 12 um
(0.47 mils)/year/side], t; = design life of the structure
[typically 75 years for MSE walls and 100 years for
MSE bridge abutments (AASHTO, 2020)], and z. =
service life of the galvanization (zinc) coating (= 16
years).

of 0.58 mil./year/side (15 pm/year/side) for the first
2 years and 0.16 mil./year/side (4 pm/year/side) for
subsequent years. Therefore, for a minimum galvaniza-
tion coating thickness of 3.4 mils (86 pum), the zinc
coating will be completely lost in 16 years, and then the
base metal (carbon steel) will begin to corrode.

1.3.7 Pullout Limit State

The locus of the maximum reinforcement tensile load
Tmax for MSE walls in working states separates the
active zone from the resisting zone; it is typically used
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as a proxy for the potential slip surface that would
develop within the reinforced fill when the wall reaches
an ultimate limit state (AASHTO, 2020; Salgado,
2022). The total length L, of the reinforcement is the
sum of the reinforcement length L, within the active
zone and the reinforcement length L, within the
resisting zone. For inextensible (metallic) reinforced
MSE walls, AASHTO (2020) approximates the shape
of the potential slip surface as bilinear; L, increases
linearly from a value of zero at the wall base to 0.3H at
mid-height of the wall and then remains constant at
0.3H in the upper half of the wall.

The LRFD inequality for the reinforcement pullout
limit state for an MSE wall is (AASHTO, 2020; FHWA,
2009a):

RF(RPORC)ZLFDLTmax,DL (Eq 118)

where most of the terms have been defined previously
for the rupture limit state; RF [= 0.90] = resistance
factor, and Rpp = nominal resistance of the reinforce-
ment against pullout (AASHTO, 2020; FHWA, 2009a):

Rpo=CsCpit'y6'yLe (Eq. 1.19)

where Cg = scale effect correction factor (= 1.0 for
metallic reinforcements), Cp = reinforcement effective
perimeter coefficient (= 2 since friction develops on
both sides of the reinforcement), ¢’, [= y,4z] = vertical
effective stress at the soil-reinforcement interface, L, =
length of the reinforcement in the resisting zone, and
Wy, = ultimate pullout resistance coefficient, which, for
ribbed steel strips, is given by (AASHTO, 2020):

tan o
. {+ M zfor0<z<20 ft
o = 20

tan ¢, forz>20 ft

(Eq. 1.20)

where { = min [1.2 + logCy; 2.0], and ¢,,,rand Cy =
peak friction angle and coefficient of uniformity of the
reinforced fill material.

1.4 MSE Wall Foundation QA/QC Methods

A well-compacted foundation bed is essential to
prevent excessive settlement (both total and differential
settlement) and bearing capacity failure of an MSE
wall. Kim et al. (2010) and Ganju et al. (2015) summa-
rized the compaction control specifications adopted by
various DOTs in the United States. Approved MSE
wall foundation preparation quality assurance methods
in Indiana include proof rolling and dynamic cone
penetration testing.

1.4.1 Dynamic Cone Penetration Test

The dynamic cone penetration test (DCPT) is a
penetration-type in situ test used by several DOTs (e.g.,
Indiana DOT, Iowa DOT, Minnesota DOT, and Ohio
DOT) in the United States for quality assurance (QA)

and quality control (QC) of soil compaction at shallow
depth (NCHRP, 2014). The test involves dropping a
17.6 1b (8 kg) weight from a height of 22.6 in. (57.5 cm)
onto a conically tipped rod [cone diameter = 20 mm
(0.8 in.) and apex angle = 60°] and measuring the
resulting penetration distance (ASTM, 2018a). The
results obtained from the DCPT can be interpreted in
two ways: (1) the penetration index (PI), which is the
penetration of the cone tip into the soil per unit drop of
the hammer (in units of in./blow or mm/blow), and (2)
the DCPT blow count, which is the number of hammer
drops required for the cone tip to penetrate a certain
distance into the soil. Salgado and Yoon (2003) and
Ganju et al. (2015) summarized the correlations
between PI and California Bearing Ratio (CBR) and
between PI and subgrade resilient modulus M.

The in situ dry unit weight y, of clayey sand (or sandy
loam as per INDOT specifications) can be estimated as
a function of the DCPT penetration index using
(Salgado & Yoon, 2003):

0.5
Ya=7w 1077 x P17y /5@ (Eq. 1.21)

where y,, = unit weight of water [= 9.81 kN/m?> (62.45
pch)], PI = penetration index (in mm/blow), ¢', =
vertical effective stress, and p 4, = reference stress (= 100
kPa or 1 tsf). Several research studies (Ganju et al.,
2018; Kim et al., 2010; Salgado & Yoon, 2003) have
also demonstrated that the DCPT blow count corre-
lates with relative compaction (RC), which is the ratio
of the dry density p,; achieved in the field to the
maximum dry density p;max Obtained from a labora-
tory Proctor compaction test.

Based on the results of 760 DCPTs performed on
compacted subgrades and embankments in Indiana
along with the results of 76 field sand cone tests, in situ
water content measurements, and laboratory tests,
Ganju et al. (2018) found that the DCPT blow count
Npcpr for 0-12 in. (0—30 cm) penetration correlates
well with the standard Proctor optimum water content
wcopt for coarse-grained soils compacted to 95%
relative compaction:

Npcpr=0.17wcl, —5.94weop +59.54  (Eq. 1.22)
and with the coefficient of uniformity Cy for com-
pacted INDOT structure backfill materials and clean
sands (RC = 95%):

Npcpr =4.031n(Cy)+2.64 (Eq. 1.23)

For fine-grained soils compacted to 95% relative
compaction, the DCPT blow count Npcpt for both 0-6
in. (0—15 cm) and 6-12 in. (15—30 cm) penetration
correlates well with the plasticity index Ip of the soil
(Ganju et al., 2018):

Npcpr =13.03¢™ 0227 4 8.05¢~ 004 (Eq. 1.24)

Joint Transportation Research Program Technical Report FHWA/IN/JTRP-2025/04 7



for 0-6 in. (0—15 cm) penetration, and

Npcpr =22.11e 7027 1 13.04¢ 00177 (Eq. 1.25)

for 6-12 in. (15-30 cm) penetration. Equations 1.22—
1.25 correspond to R* = 0.95 and are applicable for
values of wcop in the range of 8%—13%, Cy ranging
from 3 to 6, and plasticity index equal to or greater
than 8%.

Boutet et al. (2011), based on the results of field vane
shear tests and DCPTs performed at ten sites in the
province of Quebec, Canada, proposed the following
relationship between the DCPT penetration index and
the undrained shear strength of fine-grained soils:

log s, =ag x (Ip x p%°)°° x log P1+2.39+a; (Eq. 1.26)

where s, = undrained shear strength (in kPa), I, =
plasticity index (in percent), p, = dry density (in g/cm?),
PI = penetration index (in mm/blow), and the co-
efficient of determination R? is equal to 0.95. The values
of ap and a; are —0.20 and 1.51 for soils classified as
CH (inorganic clays with high plasticity) according to
the Unified Soil Classification System (USCS) and
—0.10 and 0 for both CL (inorganic clays with low to
medium plasticity) and ML-CL soils (clayey silts and
silty clays). The DCPT and field vane shear tests were
performed at shallow depths ranging from 20 cm (8 in.)
to 60 cm (24 in.) below the ground surface. The fines
content, liquid limit, and plasticity index of the tested
fine-grained soils ranged from 62%—99%, 20% —60%,
and 7% —36%, with higher values corresponding to the
CH soils.

INDOT Construction Memorandum 15-08 (Miller,
2015) provides a relationship between the DCPT blow
count and the factored bearing resistance of MSE
wall foundations constructed over fine-grained soils
(Table 1.2). This relationship was inferred from combi-
ning a DCPT blow count to California Bearing Ratio
(CBR) correlation (ASTM, 2018a) with a separate
CBR to unconfined compressive strength correlation
(Christopher et al., 2006) and then calculating the
factored bearing resistance per AASHTO LRFD
(AASHTO, 2020). In addition, this relationship was
intended to replace the 5 blows per 6 in. acceptance
criteria (i.e., a minimum DCPT blow count of 5 for
every 6-in. penetration increment until a total penetra-
tion of 30 in. is achieved) used by INDOT for verifi-
cation of foundation soil compaction prior to construc-
tion of the MSE wall. For example, if the factored
bearing pressure (or factored unit load) at the base of
the MSE wall foundation reported on the contractor’s
working drawing is 5,900 psf (282 kPa), the DCPT blow
count for 12 inches (305 mm) of penetration would
need to be at least 16 for a total penetration of 30 in.
(762 mm) (i.e., 16 blows for each of the first two 12-in.
increments and 8 blows for the last 6-in. increment)
prior to construction of the MSE wall—this would then
correspond to a factored bearing resistance (or factored
unit bearing capacity) of 6,000 psf (287 kPa) (Miller,
2015).

TABLE 1.2
INDOT construction verification chart for factored bearing
resistance based on DCPT blow counts (Miller, 2015)

DCPT Blow Count for
12-in. Penetration

Factored Bearing
Resistance (psf)

10 4,000
11 4,300
12 4,600
13 5,000
14 5,300
15 5,600
16 6,000
17 6,300
18 6,600
19 7,000
20 7,300
21 7,600
22 8,000
23 8,300
24 8,600
25 9,000
26 9,300
27 9,600
28 10,000
29 10,300
30 10,600
31 11,000

Note: This table is applicable only for fine-grained soils.

1.5 Report Structure

The report has been organized into six chapters.
Chapter 1 provides an introduction to MSE walls and
bridge abutments, including subsurface exploration pro-
tocols for MSE walls, interpretation of CPT results in sand
and clay, MSE wall external and internal stability assess-
ment, and QA/QC methods for MSE wall foundations.

Chapter 2 presents the details of the Whitestown
Parkway Bridge, and the results of the site investigation
carried out prior to construction of Bent 3. The depth
profiles of SPT blow count Ngy, CPT cone resistance ¢,,
particle size content, Atterberg limits, and colloidal
activity, along with the classification of the soil layers
are reported in this chapter. The results of direct shear
tests performed on the reinforced fill material, surface
roughness tests performed on a sample of the steel strip,
and uniaxial load-compression test results for the
bearing pad are also presented. In addition, the chapter
details the construction timeline and instrumentation
(sensor layout, installation and protection) of the MSE
bridge abutment. The instrumentation consists of earth
pressure cells, strain gauges, inclinometers, and crack-
meters, while the data acquisition system consists of
dataloggers, multiplexers, and solar panels. The chapter
concludes with the test procedure and loading protocol
for a live load test performed on the bridge using twelve
triaxle dump trucks fully loaded with coarse aggregate
material.

Chapter 3 presents the instrumentation and mon-
itoring data collected during construction of the MSE
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wall. The results include the vertical stresses at the base
of the leveling pad and within the backfill soil, the
lateral stresses on the back of the wall facing, the tensile
loads in the reinforcement, the lateral deflection of the
wall facing, the contraction of the panel joints, and the
settlement of the MSE wall foundation. The measured
lateral stresses and reinforcement tensile loads at the
end of wall construction were compared with predic-
tions obtained using design methods specified in
AASHTO (2020) for backfill soil friction angles ranging
from 32° to 40°.

Chapter 4 presents the instrumentation and mon-
itoring data collected during and after construction of
the bridge on top of the MSE wall as well as during the
live load test performed on the bridge post-construc-
tion. The results include the dead and live loads carried
by the piles and pile cap, the vertical and lateral stresses
within the MSE abutment, the magnitude and distribu-
tion of the tensile loads in the steel strip reinforcements,
the vertical and lateral displacement profiles of the
MSE abutment, and the horizontal and vertical joint
gap widths between the facing panels.

Chapter 5 presents the results of DCPTs performed
in the foundation soil prior to wall construction and in
compacted B-borrow material near the pressure cells
at the base of the MSE wall foundation. The results
include the depth profiles of the cumulative DCPT
blow count and penetration index, along with the
values of DCPT blow count for 0-12 in. (0-0.3 m),
12-24 in. (0.3-0.6 m), and 24-28 in. (0.6-0.7 m)
penetration depths. The DCPT-based factored bearing
resistance of the MSE wall foundation obtained using
the chart in INDOT Construction Memorandum 15-08
was compared with the factored bearing pressure
specified in the contractor’s working drawing as well
as with the factored bearing resistance derived from the
geotechnical report and specified in the project contract
documents. The chapter concludes with a preliminary
procedure developed to estimate the unfactored (limit)
bearing resistance of the leveling pad in compacted
B-borrow material as a function of the pad width and
the DCPT blow count for 0-12 in. (0-0.3 m) penetra-
tion. The procedure relies mainly on (1) the relationship
between the DCPT blow count, coefficient of unifor-
mity Cy, and relative compaction RC developed by
Ganju et al. (2018), which is subsequently used to
calculate relative density Dz and unit weight y of the B-
borrow material, (2) the Bolton (1986) correlation for
calculation of peak friction angle ¢, based on critical-
state soil mechanics and dilatancy, and (3) the Loukidis
and Salgado (2009a) expressions for the bearing
capacity factors N, and N, accounting for flow rule
non-associativity. Chapter 6 summarizes the key find-
ings and conclusions of the report.

2. WHITESTOWN PARKWAY BRIDGE
2.1 Project Details

The Whitestown Parkway Bridge over Interstate 1-65
in Perry Township, Boone County, Indiana (longitude =

86°22'12"W and latitude = 39°57'38"N), is a two-
span, prestressed concrete beam bridge; the length of
each span is 102.25 ft (31.2 m), and the width of the
bridge is 94.3 ft (28.8 m). The eastbound and west-
bound decks of the bridge are 31.7 ft (9.7 m) and 44.7 ft
(13.6 m) wide and consist of two and three traffic lanes,
respectively. A 12-ft-(3.7-m)-wide pedestrian walkway
lies between the eastbound and westbound decks of the
bridge. The bridge deck is supported by nine pre-
stressed concrete bulb-tee beams [spaced 10.75 ft (3.3 m)
center-to-center], which, in turn, are supported by two
end-bents (Bent 1 and Bent 3) and one interior pier
(Pier 2). The beams have top and bottom flange widths
of 4.1 ft (1.25 m) and 3.3 ft (1.0 m), a section depth of
4 ft (1.2 m), a flange thickness of 5.5 in. (0.14 m), and a
web thickness of 8 in. (0.2 m). Pier 2 consists of six
reinforced concrete columns, each supported by nine
steel H-piles (HP 12 x 74) arranged in a 3 x3 group
configuration. Both Bent 1 and Bent 3 are integral, pile-
supported MSE bridge abutments with coarse-grained
backfill soil, galvanized ribbed steel strip reinforcement,
and rectangular precast concrete facing panels. The
bridge beams in Bent 1 and Bent 3 are supported by a
reinforced concrete pile cap [with length = 135 ft (41.1 m),
and width and height = 4 ft (1.2 m)], which, in turn, is
supported by a row of 19 steel H-piles [HP 12 x 74,
ASTM A572 grade 50 steel (ASTM, 2018b)] spaced 7 ft
(2.1 m) center-to-center. Each H-pile has a flange width
of 12.2 in. (310 mm), a section depth of 12.1 in.
(308 mm), and flange and web thicknesses of 0.61 in.
(15.5 mm).

A zone near the middle of the 223.4-ft-(68.1-m)-long
Bent 3 was selected for instrumentation and monitoring
(Figure 2.1). The instrumented zone of Bent 3 is 25.3-ft
(7.7-m) tall, measured from the top of the leveling pad
to the top of the bridge deck, and consists of four levels
of rectangular, precast concrete facing panels: a half
panel (panel 1 at the bottom of the wall) with a height
of 2.40 ft (0.73 m), followed by three levels of full panels
(panels 2, 3, and 4) with a height of 4.85 ft (1.48 m)
each (Figure 2.2). Both the half and full panels are
9.77 ft (2.98 m) long and 5.5 in. (140 mm) thick, with a
minimum 28-day compressive strength of concrete
equal to 4,000 psi (27.6 MPa) (RECo, 2025). The half
panels have four tie strips, which are cast into the back
of the panel during fabrication, whereas the full panels
have eight embedded tie strips (four in each row) pro-
truding outwards from the back of the panel.

2.2 Site Investigation

2.2.1 In Situ Testing

Five SPT borings (using an automatic trip hammer)
and four CPT soundings (using a CPT truck) were
performed at various distances ranging from 4.6-52.5 ft
(1.4-16 m) from the instrumented zone of Bent 3, as
shown in Figure 2.3. Borings SPT-1 and SPT-2 were
performed on September 21st, 2021, whereas borings
SPT-3 to SPT-5 were performed on May 9th, 2018.
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Figure 2.1 Photograph of the instrumented zone of Bent 3 of the Whitestown Parkway Bridge.
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Figure 2.2 Schematic of the cross section of Bent 3 of the
Whitestown Parkway Bridge.

Similarly, soundings CPT-1 to CPT-4 were performed
on September 22nd, 2021, whereas sounding CPT-5
was performed on November 1st, 2021. The footprint
of the MSE abutment lies within a ditch between the
shoulder of Perry Worth (PW) Road [corresponding to
reduced level (RL) = 929.4 ft (283.3 m)] and the
shoulder of the northbound I-65 to Chicago [RL =
933.6 ft (284.6 m)].

Figure 2.4 shows the soil profile [with the soil layers
classified according to both the USCS (ASTM, 2017)
and AASHTO classification systems (AASHTO, 2008)]
and the results of in situ and laboratory tests (including
Atterberg limits and sieve and hydrometer analyses).
The soil profile at the site consists of a top 2.4-m-(8-ft)-
thick layer of soft silty clay with low penetration
resistance [Ngo = 4-10 and ¢, = 0.3-1.0 MPa (3-10 tsf)]
and high fines content (= 90%, split equally between

silt and clay) and plasticity (liquid limit LL. = 50% and
plasticity index PI = 25%). This layer is underlain by
stiff clayey sandy silt [Ngp = 20-30 and ¢,y = 5 MPa
(52 tsf)] with low clay content (= 14%) and low
plasticity (LL = 18% and PI = 7%). The colloidal
activity, as defined by Skempton (1953), of the fine-
grained soil layers at the site ranges from 0.45 to 0.55,
values that are consistent with the kaolinite group of
clay minerals commonly found in soil deposits in
Indiana. A 1.8-m-(6-ft)-thick layer of mnon-plastic,
medium-dense-to-dense sand with silt and gravel was
found at a depth of 9.1 m (30 ft) below the leveling pad;
the penetration resistance of this layer is high [Ngo = 60
and g, ave = 40 MPa (418 tsf)], likely due to the presence
of gravel-sized particles in the layer (gravel content =
32% and Dsy = 2.1 mm). The water table was located at
the top of this sand-gravel layer according to the SPT
boring logs. All SPT borings and CPT soundings were
terminated at a depth of about 16 m (52 ft) below the
leveling pad, except for boring SPT-5; the data from
this boring indicates that the subsequent soil layers also
consist of dense silty sand with gravel and stiff clayey
sandy silt.

2.2.2 Laboratory Testing

Fill materials. Figure 2.5 shows the particle-size
distribution curves of the reinforced fill, the retained
backfill, and the embankment soil that is behind the
retained backfill; these materials are termed “Type 3
structure backfill,” “B-borrow,” and “Borrow,” respec-
tively, as per INDOT Standard Specifications (INDOT,
2024). The reinforced fill consists of poorly graded (SP),
quartz sand (AASHTO classification = A-1-b) with
particle sizes D1g, D3g, Dso, and Dgg equal to 0.22 mm,
0.35 mm, 0.57 mm, and 0.74 mm. The retained backfill
also consists of poorly graded (SP), quartz sand
(AASHTO classification = A-3) but with Do, D3,
Dsg, and Dgg equal to 0.18 mm, 0.28 mm, 0.40 mm, and
0.53 mm. The coefficient of uniformity Cy and the
coefficient of curvature Cc are equal to 3.45 and 0.78
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Figure 2.3 Plan view of Bent 3 of the Whitestown Parkway Bridge showing the layout of the SPT borings and CPT soundings.
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Figure 2.4 Soil profile and results of in situ and laboratory tests for Bent 3 of the Whitestown Parkway Bridge.

for the reinforced fill and 3.02 and 0.86 for the retained
backfill; the fines content (material passing the US
#200 sieve) is less than 1% for both these materials.
The minimum and maximum void ratios e, and egax
are equal to 0.38 and 0.57 for the reinforced fill and
0.41 and 0.60 for the retained backfill. In contrast, the
embankment soil consists of silty sand [AASHTO
classification = A-2-4(0)] with 12% gravel, 51% sand,
30% silt, and 7% clay. The liquid limit (LL) and
plasticity index (PI) of the soil are 13% and 3%, while
the activity 4 is equal to 0.45.

The reinforced fill has an average water content wc of
3.4%, a dry unit weight y, of 17.9 kN/m?> (114 pcf), and
a constant head hydraulic conductivity K of 4.5x
10~* m/s (127 ft/day) (Bowser-Morner, 2020). The pH,
organic content, and resistivity (at 100% saturation) of
the reinforced fill material are 9.0, 0.4%, and 122,400
ohm-cm (Bowser-Morner, 2020), values that satisfy
the backfill electrochemical requirements specified in
FHWA (2009a) and AASHTO (2020). Figure 2.6 shows
the microscopic images of particles of the reinforced fill
material retained on three different sieves (US sieve
#20, #40, and #60); the percentage by mass of particles
retained on these sieves (= 20%—25%) was greater than
those retained on any of the other sieves, and, therefore,
the morphology of these particles is likely to be
representative of the reinforced fill. The particle images
were analyzed using the MATLAB-based image analy-
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sis algorithm developed by Zheng and Hryciw (2015) to
determine the morphology parameters of the reinforced
fill. Based on the particle morphology analysis results,
the average roundness (Wadell, 1932), width-to-length
ratio sphericity (Krumbein & Sloss, 1951; Zheng &
Hryciw, 2015, 2016), and diameter sphericity (Wadell,
1933) of the reinforced fill material are equal to 0.63,
0.74, and 0.84, respectively. Further details about the
procedure for estimation of particle morphology can be
found in Rahman et al. (2020).

Figure 2.7 shows the results of direct shear tests
performed on dense samples of the fill material (relative
density Dg = 83+2%) for vertical normal stresses of
100, 200, and 300 kPa (2.1, 4.2, and 6.3 ksf). The
critical-state friction angle ¢. of the sand (= 31.9°) was
determined by taking the slope of a regression line (with
zero intercept) plotted through the data points consist-
ing of the measured shear stresses at critical state and
the corresponding normal stresses. Further details
about the test procedure can be found in Han et al.
(2018).

Steel strip reinforcement. The reinforcement consists
of galvanized, ribbed steel strips [ASTM AS572 grade 65
steel with minimum yield strength f) i, = 65 ksi (448
MPa) and minimum ultimate tensile strength f,, min =
80 ksi (552 MPa) (ASTM, 2018b)] manufactured by
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Figure 2.5 Particle-size distribution curves for type 3 structure backfill, B-borrow, and borrow materials.

The Reinforced Earth Company (RECo). The length L,
of each instrumented steel strip is 18 ft (5.49 m), and
both the vertical and horizontal spacings of adjacent
strips are 2.46 ft (0.75 m). The width b, and thickness
t, of the steel section for each strip are 2 in. (50 mm)
and 5/32 in. (4 mm), respectively. The steel strips were
connected to the back of the facing panels via the
panel tie strips and a nut and bolt assembly. Some of
the steel strips were skewed to a maximum angle of 15°
to avoid intersecting the H-piles behind the wall facing;
however, the strips that we selected for instrumenta-
tion were installed in a direction perpendicular (skew
angle = 0°) to the back of the facing panels between
adjacent piles.

Figure 2.8 shows the results of surface roughness of
an 11-cm-(4.4-in.)-long and 5-cm-(2-in.)-wide steel strip
sample measured using a Bruker NPFLEX optical
profilometer (Singh & Sadeghi, 2024) at Kepner Labo-
ratory, Purdue University. The 5-cm-wide steel strip

12

(b)

(c)

Figure 2.6 Images of particles of the reinforced fill material taken with a microscope: (a) particles retained on US #20 (0.85 mm)
sieve, (b) particles retained on US #40 (0.425 mm) sieve, and (c) particles retained on US #60 (0.25 mm) sieve.

sample was first subdivided into four regions, each of
width equal to 1.25 cm (0.5 in.), and the surface rough-
ness was then measured at three equidistant loca-
tions along the centerline of the sample in the lateral
direction. Figure 2.8c shows a typical 3D contour plot
of surface roughness across a measurement area of
Smm x 0.9 mm (0.2 in. x 0.035 in.); the darker the
shading in blue, the deeper the valleys of the surface
profile are, whereas the darker the shading in red, the
taller the peaks of the surface profile of the steel
strip sample are. This can be visualized in Figure 2.8d,
which shows the surface roughness profile in 2D along
the centerline of the contour plot in the longitudinal
direction.

Several parameters have been defined for surface
roughness assessment: (1) centerline average roughness
R4, (2) maximum vertical peak-to-valley distance R,
over the entire measurement travel length, (3) maximum
vertical peak-to-valley distance R,,.. over a reference

Joint Transportation Research Program Technical Report FHWA/IN/JTRP-2025/04



Figure 2.7 Direct shear test results for the reinforced fill material: (a) shear stress versus shear displacement, and (b) vertical
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Figure 2.8 Measurement of surface roughness of steel strip reinforcement: (a) 11 cm x 5 cm sample of the steel strip,
(b) placement of steel strip sample below the optical profilometer, (c) typical 3D contour plot of surface roughness across a
measurement area of 5 mm x 0.9 mm, (d) 2D roughness profile along the centerline of the contour plot in the longitudinal
direction.
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length L, (= Dsg), (4) Rmax,ave, Which is the average of
all values of R,.x measured within a moving window
(with window size L,, and moving step size ox between
two consecutive data points) over the entire measure-
ment travel length, and (5) normalized roughness R,
(= Rmax,ave/Ly,) (Han et al., 2018, 2019; Rahman et al.,
2020; Tovar-Valencia et al., 2018). Based on the surface
roughness analysis results obtained for the steel strip
sample, the mean values of R,, R;, Ryax ave, and R, are
equal to 9.0 um, 73.2 pm, 32.4 pm, and 0.057 pm,
respectively. Following Han et al. (2018), for normal-
ized roughness R,, = 0.057 and graded sands with Cy; =
2, the ratio of the critical-state interface friction angle ..
to the internal critical-state soil friction angle ¢, is
estimated to be 0.85 for the Whitestown MSE wall steel
strip-reinforced fill interface.

Bearing Pad. Each horizontal joint between adjacent
facing panels consists of two ethylene propylene diene
monomer (EPDM) bearing pads [ASTM D2000 grade
2, type B, class-E rubber material with durometer
hardness of 80 (ASTM, 2018c¢)] with length, width, and
thickness equal to 10 in. (254 mm), 2.75 in. (69.85 mm),
and 0.75 in. (19.05 mm). The initial width of the vertical
joint between adjacent facing panels is approximately
0.75 in. (19.05 mm); both the vertical and horizontal
panel joints were covered by strips of geotextile filter
cloth to prevent the loss of backfill material during the
service life of the wall.

Figure 2.9 shows the average vertical load-compres-
sion curve of EPDM bearing pads obtained from five
laboratory compression tests performed at a tempera-
ture of 20°C (68°F). For the Whitestown MSE wall, the
vertical load carried by each bearing pad due to the self-
weight of a facing panel is equal to 7.7 kN (1.73 kips).
From Figure 2.9, we see that the vertical compression
of the bearing pad corresponding to an applied vertical
load of 7.7 kN (1.73 kips) is approximately 1.9 mm
(0.075 in.), corresponding to 10% of the bearing pad
thickness.

2.3 Abutment Construction

2.3.1 Pile Installation

Using a single-acting diesel hammer (Pileco Model
D30-32), the H-piles were driven to depths ranging
from 67.4-109.2 ft (20.5-33.3 m) below the leveling pad
in October 2021, prior to the construction of the MSE
wall. The hammer had a ram weight of 6,615 1bs (3,000
kg) and a maximum stroke length of 10.5 ft (3.2 m),
generating a maximum rated energy of 69,457.5 1b-ft
(94.1 kN-m). To minimize the interaction between the
piles and the MSE wall, a 2-ft-(0.6-m)-diameter,
corrugated, polyvinyl chloride (PVC) sleeve was placed
over each pile after driving. The distance from the back
of the wall facing to the front edge of the pile sleeve is
3 ft (0.9 m), and the gap between the pile and the sleeve
was filled with pea gravel. The distance from the back
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Figure 2.9 Average vertical load-compression behavior of
EPDM bearing pad [data provided for five bearing pad
samples tested (RECo, 2025)].

of the wall facing to the front edge of the pile is
approximately 3.5 ft (1.05 m), corresponding to 3.4
times the width of the pile flange [= 12.2 in. (0.31 m)].

Pile 1 of Bent 3 was driven to a depth of 109.2 ft (33.3
m) below the leveling pad. Dynamic load tests using the
pile driving analyzer were performed on this pile by
GRL Engineers, Inc., at the end of initial driving
(EOID) on October 26th, 2021, and at the beginning of
restrike (BOR) on October 29th, 2021. The mobilized
pile shaft and base resistances were estimated by GRL
Engineers, Inc., using the signal matching analysis
program CAPWAP (Pile Dynamics, 2014). The
CAPWAP pile capacity calculations indicated that (1)
the total capacity Qo Of Pile 1 increased from 437
kips (1,944 kN) at EOID [pile set w = 0.1 in. (2.5 mm)]
to 458 kips (2,037 kN) at BOR [w = 0.11 in. (2.8 mm)],
values that exceed the specified nominal driving
resistance of 392 kips (1,744 kN) for the piles in Bent
3; and (2) the shaft resistance of the pile increased by 11
kips (49 kN) during this period [from 302 kips (1,343
kN) at EOID to 313 kips (1,392 kN) at BOR],
contributing to 52% of the increase in Qqa1, While the
base resistance increased by 10 kips (44 kN) [from 135
kips (601 kN) at EOID to 145 kips (645 kN) at BOR].

2.3.2 MSE Wall Construction

The top 5 ft (1.5 m) of clayey foundation soil was
excavated along the footprint of the reinforced fill and
replaced with compacted B-borrow material prior to
construction of the MSE wall. The construction of the
wall began on November 8th, 2021, with the pouring
of concrete [minimum 28-day compressive strength =
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2,000 psi (13.8 MPa) (RECo, 2020)] for the 1-ft-(30-
cm)-wide and 0.5-ft-(15-cm)-thick leveling pad. The
MSE wall and end bent were constructed in multiple
stages, as shown in Table 2.1. Stage 1 involves the con-
struction of the leveling pad and the first row of facing
panels, with the reinforced fill material compacted up to
the elevation of the first (bottommost) level of steel
strips (Figure 2.10a). The reinforced fill was compacted
in 6-in. (15-cm) lifts to at least 95% relative compaction
using a pair of vibratory plate compactors (Model No.
MVH-408GH, Multiquip Inc., Cypress, California).
Stage 2 corresponds to the installation of the second
row of facing panels, with the reinforced fill material
compacted up to the elevation of the third level of steel
strips Figure 2.10b. Stages 3 and 4 include the instal-
lation of the third and fourth rows of facing panels; the
surface of the reinforced fill was at the elevations of
the fifth and seventh (topmost) level of steel strips,
respectively (Figure 2.10c and Figure 2.10d). The fourth
row of facing panels have steel dowels that extend into
a layer of cast-in-place (CIP) concrete that is poured on
top of the panels; the height of the CIP concrete layer is
0.85 ft (0.26 m). Stage 5, which represents the end of
wall construction, was completed on day 39 of con-
struction and involves the installation of the coping on
top of the CIP concrete layer (Figure 2.10¢e). The coping
consists of precast concrete blocks that are 10 ft (3 m)
long, 1.3 ft (0.4 m) wide, and 2.3 ft (0.7 m) high. The
height of the reinforced fill (measured from the base of
the leveling pad to the top of the reinforced fill) at the

TABLE 2.1

end of wall construction (stage 5) was 16.8 ft (5.13 m).
The fill material was not placed all the way to the top of
the coping because the pile cap was constructed on top
of the reinforced fill at the surface elevation corres-
ponding to stage 5.

Stage 6 involves the construction of the reinforced
concrete pile cap over the H-piles, as shown in Figure
2.10f. The piles were embedded 2 ft (0.6 m) within the
cap, and the gap between the coping and the pile cap
was filled by blocks of expanded polystyrene (EPS)
foam. Stage 7 corresponds to the placement of backfill
material behind the pile cap and the installation of the
bridge beams on top of the cap (Figure 2.10g). Stage 8
includes the construction of the 4.4-ft-(1.35-m)-high
end bent above the pile cap (Figure 2.10h), while Stage
9 corresponds to the placement of backfill material
behind the end bent and construction of the bridge deck
(Figure 2.101). Stage 10, which represents the end of
bridge construction on day 361, involves the construc-
tion of the bridge approach slab and the pedestrian and
exterior concrete railings on the bridge deck (Figure
2.10j). The thickness of the reinforced concrete deck is
8 in. (0.2 m) while that of the approach slab is 12 in.
(0.3 m). The flanges of the H-piles were aligned parallel
to the longitudinal direction of the bridge deck, which
has a skew angle of 30° with respect to the end bent.
The construction of the bridge was paused during
stage 10 due to some issues related to the design of the
pedestrian railing on the bridge deck. The bridge was
opened to traffic on June 26th, 2023, after completion

Main construction stages of Bent 3 of the Whitestown Parkway Bridge in Indiana

Height of
Approximate Duration Time Elapsed Reinforced fill

Stage Time Period (days) (days)? (m) [fe]° Activity

1 11/8/2021 to 11/10/2021 2 2 0.54 [1.8] Construction of leveling pad and first row of facing panels +
placement of backfill material up to the first reinforcement
layer

2 11/10/2021 to 11/17/2021 7 9 2.04 [6.7] Installation of second row of facing panels and placement of
backfill material up to the third reinforcement layer

3 11/17/2021 to 11/30/2021 13 22 3.54 [11.6] Installation of third row of facing panels and placement of
backfill material up to the fifth reinforcement layer

4 11/30/2021 to 12/10/2021 10 32 5.04 [16.5] Installation of fourth row of facing panels and placement of
backfill material up to the seventh reinforcement layer

5 12/10/2021 to 12/17/2021 7 39 5.13 [16.8] Installation of coping and placement of additional backfill
material above the seventh reinforcement layer

6 12/17/2021 to 1/11/2022 25 64 5.13 [16.8] Construction of the reinforced concrete pile cap

7 1/11/2022 to 1/20/2022 9 73 6.32 [20.7] Placement of backfill material behind the pile cap and
installation of the bridge beams on top of the pile cap

8 1/20/2022 to 2/14/2022 25 98 6.32 [20.7] Construction of the integral end bent

9 2/14/2022 to 5/6/2022 81 179 7.46 [24.5] Placement of backfill material behind the end bent and
construction of the bridge deck

10 5/6/2022 to 11/4/2022 182 361 7.56 [24.8] Construction of the bridge approach slab and the pedestrian

and exterior concrete railings on the bridge deck

Note: Compacted sandy soil was placed in front of the first row of facing panels by the time the abutment was fully constructed (Figure 2.1). The
height of this soil layer (measured from the base of the leveling pad) was about 0.7 m (2.3 ft) at the end of wall construction (stage 5) and 0.9 m (3 ft)

at the end of bridge construction (stage 10).

“Measured from the start of wall construction on November 8th, 2021, to the end of each stage.
®Measured from the base of the leveling pad to the top of the backfill soil at the end of each stage.
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of the concrete curbs and placement of the hot mix
asphalt for the bridge approach roadway.

2.4 Abutment Instrumentation

A variety of sensors, including earth pressure cells,
strain gauges, inclinometers, and crackmeters were used
to measure the magnitude and evolution of several
quantities, such as the vertical stresses at the base of the
leveling pad and within the backfill soil, the lateral
earth pressure on the back of the wall facing, the tensile
loads in the reinforcement, the lateral deflection of the
wall facing, the contraction of the panel joints, and the
settlement of the MSE wall foundation.

2.4.1 Earth Pressure Cells and Reinforcement Strain
Gauges

Figure 2.11a shows the layout of the 6-mm-(0.24-in.)-
thick earth pressure cells (Model No. 4800-1, Geokon,
Lebanon, New Hampshire) installed at the base of the
leveling pad and within the reinforced fill to measure
vertical stresses. The pressure cells have a diameter of
230 mm (9 in.) and a measurement range of 1 MPa
(20.9 ksf) (Figure 2.11b); they consist of two stainless
steel plates welded together around their periphery to
leave a narrow space between them for de-aired
hydraulic oil. The stresses exerted by the reinforced fill
works to squeeze the two plates together, thus building
up pressure inside the oil, which is measured by a
vibrating-wire pressure transducer (Model No. 4500H,
Geokon, Lebanon, New Hampshire). The pressure
transducer converts the oil pressure into an electrical
signal, which is then transmitted through a signal cable
to the readout device. The pressure transducer housing
has a thermistor to measure the temperature at the
location of the pressure cell. A bubble level was used to
ensure that the surface of the pressure cell was flat and
that the cell was placed on level ground.

Figure 2.12a shows the layout of the 12-mm-(0.48-
in.)-thick pressure cells (Model No. 4810, Geokon,
Lebanon, New Hampshire) installed upright on the
back of the wall facing to measure the lateral stresses.
These pressure cells have a thick back plate that is

©

designed to bear against the external surface of a
structure in a way that prevents the bending of the cell,
while the thin, pressure-sensitive front plate of the cell
reacts to the soil pressure. To smoothen out any surface
irregularities that might exist on the facing panel, a thin
cement mortar pad was first placed on the back of the
panel at the expected location of the pressure cell. The
pressure cells were then anchored to the back of the
facing panels (between two adjacent tie strips) using the
four mounting lugs welded to the edge of each cell
(Figure 2.12b). Both the model 4800 and 4810 vibra-
ting-wire pressure cells were installed along two sections
of the MSE wall; this was done for the purpose of
redundancy as well as to ensure consistency and repea-
tability of the measurements. The distance between the
two instrumented sections (in the longitudinal direction
of the wall) is about 2 m (6.5 ft) for the model 4800
pressure cells and 1.4 m (4.6 ft) for the model 4810
pressure cells. Four out of the seven levels of steel strips
were instrumented with strain gauges along two
sections of the wall facing, as detailed next.

Figure 2.11a shows the layout of the vibrating-wire
strain gauges (Model No. 4150, Geokon, Lebanon,
New Hampshire) installed on the steel strips along two
instrumented sections (section 1 and section 2) spaced
2.2 m (7.3 ft) apart (in the longitudinal direction of the
wall) to determine the magnitude and distribution of
the tensile loads in the reinforcements. At each gauge
location, the zinc galvanization coating was first removed
using a power grinder, and the strain gauge was then
spot-welded to the surface of the steel strip (Figure 2.11c)
using a rapid capacitive discharge bonder (Model S100
Stinger, Bridge Diagnostics, Inc., Louisville, Colorado)
with a weld energy of about 20-30 Joules. After the
gauge was installed on the surface of the steel strip,
a half-cylindrical cover plate [length = 100 mm (4 in.)
and diameter = 20 mm (0.8 in.)] was spot-welded
over the gauge to protect it from mechanical damage
(Figure 2.11d). The openings of the cover plate were
sealed using a Permatex gasket sealant gel (RTV
silicone) to prevent any intrusion of soil particles or
water molecules into the gauge. The galvanization
coating was then restored on the steel strip around the
gauge location using a Krylon galvanizing primer

i

8

(h)

Figure 2.10 Construction of Bent 3 of the Whitestown Parkway Bridge in multiple stages (stages 1-10 are represented in sequence

by illustrations a—j).
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spray. All strain gauges have a gauge length of 51 mm
(2 in.) and a measurement range of 3,000 microstrain.
The gauges were installed on the top and bottom
surfaces of the reinforcement at each gauge location so
that the average of their readings would reflect changes
in axial strains alone and cancel out any potential
minor bending effects. The gauges were more closely
spaced near the expected location of the theoretical
maximum tensile strain as per AASHTO (2020) for
enhanced resolution. In addition, a pair of strain
gauges were installed 15 cm (6 in.) behind the facing
panels to determine the loads near the panel-strip
connection point.

2.4.2 Crackmeters and Inclinometers

Figure 2.12a shows the layout of the vibrating-wire
crackmeters (Model No. 4420-1-100, Geokon, Lebanon,
New Hampshire) installed at the horizontal and vertical
joints of facing panels 2 and 3 to measure the joint gap
width. The crackmeters were installed using ball-
jointed expansion anchors by drilling two 10-mm-
(0.4-in.)-diameter and 32-mm-(1.25-in.)-deep holes,
one on each side of the panel joint, at the desired
location (Figure 2.12c). Crackmeter CM-1 was instal-
led at the horizontal joint between panels 2 and 3,
whereas crackmeter CM-6 was installed at the hor-
izontal joint between panels 3 and 4. Similarly, crack-
meters CM-2 and CM-3 were installed at the vertical
joints between panel 2 and panels 2N and 28S, respec-
tively, whereas crackmeters CM-4 and CM-5 were
installed at the vertical joints between panel 3 and
panels 3N and 3S, respectively. Each crackmeter
consists of a heat-treated, stress-relieved spring; one
end of the spring is connected to a vibrating-wire
sensing element while the other end is connected to an
extension rod. When the extension rod is either pulled

6.0

5.5

out from, or pushed into, the gauge body, the spring
either elongates or contracts, causing an increase or
decrease in tension, which is sensed by the vibrating-
wire element. The change in tension (or strain) of the
wire is directly proportional to the movement of the
extension rod, thus allowing the crackmeter to measure
the expansion or contraction of the joint. The crack-
meters were protected using half-cylindrical polyvinyl
chloride (PVC) pipe segments; the openings of the pipe
segments were sealed using Great Stuff™ insulating
foam sealant.

Two vertical inclinometer casings (Model No. 6400—
2-10, Geokon, Lebanon, New Hampshire) were instal-
led in the space between adjacent piles: one casing at a
horizontal distance of about 0.1 m (4 in.) from the back
of the facing panels, and the other casing within
the reinforced fill at a distance of 2.5 m (8.2 ft) from
the back of the panels. Each casing is made up of acry-
lonitrile butadiene styrene (ABS) plastic and has an
outer diameter of 70 mm (2.8 in.), an inner diameter of
59 mm (2.3 in.), and a segment length of 3 m (10 ft).
The casings were installed in 75-mm-(3-in.)-diameter
boreholes that were drilled up to a depth of 10.6 m (34.8
ft) below the leveling pad prior to wall construction.
The casings were grouted in-place at the bottom of
the borehole using cement-bentonite tremie grout, and
adjoining casing segments were attached using a
standard male-to-female connection system and water-
proofed using caulk and duct tape. The casing segments
were attached in sequence within the zone of the
reinforced fill, i.e., a casing segment of the inclinometer
was attached to the previous segment when the surface
of the reinforced fill was close to its top surface. Base-
line measurements of the vertical profile of the casing
were recorded using a Durham Geo Slope Indicator
(DGSI) digitilt inclinometer probe at depth intervals
of 0.6 m (2 ft). Subsequent readings during and after
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Figure 2.11 Instrumentation of the MSE wall: (a) sensor layout, (b) photograph of an earth pressure cell (EPC) placed flat on the
surface of the reinforced fill, (c) photograph of a strain gauge (SG) spot-welded to the surface of the steel strip, and (d) photograph
of the cover plate used to protect the strain gauge.
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construction of the bridge abutment were recorded
using microelectromechanical (MEMS) in-place inclino-
meter (IPI) systems.

In addition to the vertical inclinometers, a 12.2-m-
(40-ft)-long horizontal inclinometer casing (Model No.
6400-2-10, Geokon, Lebanon, New Hampshire) was
installed below the MSE wall foundation and leveling
pad prior to wall construction. The east end of the
casing is located 8.8 m (29 ft) behind the centerline of
the wall facing within the backfill soil, while the west
end of the casing is located 3.4 m (11 ft) in front of the
facing centerline. A string of 11 MEMS tilt sensors
(Model No. 6155C-1, Geokon, Lebanon, New
Hampshire), mounted on stainless-steel tubes linked
by universal joints, was inserted into the casing from
the east end. The length of each sensor segment
(measured between adjacent wheel bearings) is approxi-
mately 1 m (3.3 ft), except for the last (eleventh) tilt
sensor, whose segment length is 0.55 m (1.8 ft). The tilt
sensors have a measurement range of + 15° with respect
to the horizontal, and the length and diameter of each
tilt sensor are 362 mm (14.25 in.) and 32 mm (1.25 in.).

2.4.3 Pile and Rebar Strain Gauges

A pair of arc-weldable, vibrating-wire strain gauges
(Model No. 4000, Geokon, Lebanon, New Hampshire)
were installed near the heads of three H-piles (piles 11,
12, and 13 counted in sequence from the north end of
the pile cap) located within the instrumented zone of
Bent 3 (Figure 2.13a); these piles were driven to a depth
of 24.8 m (81.4 ft) below the leveling pad. Pile 12

(Figure 2.13b) was located approximately in the middle
of the instrumented zone highlighted in Figure 2.1,
whereas piles 11 and 13 were located to the north and
south ends of the instrumented zone. Each pair of strain
gauges were welded 0.9 m (3 ft) below the pile head on
diametrically opposite sides (north and south sides) of
the pile flange (as illustrated in Seo et al., 2009) to
cancel out any potential bending effects that may exist
near the pile head. The arc-weldable strain gauges have
a gauge length of 150 mm (6 in.) and a measurement
range of 3,000 microstrain; the gauges were protected
using steel angles welded over them on each side of
the pile flange, and the openings of the steel angles
were filled with Great Stuff™ insulating foam sealant.
Six vibrating-wire rebar strain gauges (Model No. 4911,
Geokon, Lebanon, New Hampshire), with gauge length =
914 mm (36 in.) and measurement range = 3,000
microstrain, were installed in the pile cap (Figure 2.13c).
These gauges were tied (using iron-tie wires) to the
19-mm-(0.75-in.)-diameter #6 vertical rebars adjacent
to the instrumented piles within the same cross section
of the pile cap (i.e., approximately 0.6 m (2 ft) above the
base of the pile cap).

2.4.4 Data Acquisition

A Trimble-Seiler Global Positioning System (GPS)
mapping device was used to determine the GPS
coordinates (northing, easting, and elevation) of each
sensor and to verify that the sensor was installed at
the desired location marked on the project drawings.
After installation, each sensor was first connected to a
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Figure 2.13 Instrumentation of Bent 3 of the Whitestown Parkway Bridge: (a) sensor layout, (b) photograph of arc-weldable
strain gauge installed on the north flange of pile 12, and (c) photograph of rebar strain gauges tied to the vertical rebars adjacent to

piles 11, 12, and 13.

portable readout unit (Model No. GK-403, Geokon,
Lebanon, New Hampshire) to obtain the initial read-
ings and temperatures. The cables from the sensors
were then routed through a series of hollow PVC
cellular core pipes [inner diameter = 100 mm (4 in.) and
wall thickness = 6 mm (0.24 in.)] and connected to the
data acquisition (DAQ) system located 10 m (33 ft)
beyond the footprint of the MSE wall. The PVC pipes
served to protect the sensor cables during placement
and compaction of the reinforced fill material; the pipes
were installed within the reinforced fill at each elevation
where the sensors were present.

The DAQ system consists of twelve multiplexers
(Model No. 8032-16-1S, Geokon, Lebanon, New
Hampshire) and three dataloggers (Model No. 8600—
1, Geokon, Lebanon, New Hampshire) equipped with
Campbell Scientific CR-6 measurement and control
units—two dataloggers for use with the vibrating-wire
sensors and one datalogger for use with the MEMS
sensors. Each datalogger was powered by a 20W solar
panel (Model No. 8020-7-2, Geokon, Lebanon, New

Hampshire) and regulated using a SunKeeper junction-
box mounted solar charge controller (Model No. SK-6,
Morningstar Corporation, Newtown, Pennsylvania).
The solar charge controller was used to keep the 12Vdc
battery of the datalogger from overcharging by regu-
lating the voltage and current coming from the solar
panel to the battery. LoggerNet, software developed by
Campbell Scientific, Inc., was used to display and
retrieve the data collected by the dataloggers; the data
was collected continuously at a frequency of 4 hours.

2.5 Live Load Test

With the westbound lanes of the bridge temporarily
closed to traffic, a live load test was performed on
October 30th, 2023, from approximately 8:00 am to
11:30 am. Twelve triaxle dump trucks, fully loaded with
coarse aggregate material (#53 stone), were used to
apply the live loads on the instrumented MSE abut-
ment. The distance between the front axle and the
rear-middle axle of the truck ranged from 4.6-5.7 m
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(15.0-18.8 ft), while that between the rear-middle axle
and the back axle of the truck was approximately 1.4 m
(4.7 ft); the width of the truck was about 2.75 m (9 ft).
The gross weight of each truck was measured before the
live load test; the average gross weight of all the trucks
was 329 kN (74 kips), with a coefficient of variation of
4%. The differences in the gross truck weights measured
before and after the live load test were small [= 1 kN
(0.23 kips)].

TABLE 2.2
Loading protocol for the live load test on the Whitestown
Parkway Bridge

Number of Trucks at Each Location

Step G F E D C B A
0 0 0 0 0 0 0 0
1(a) 0 0 0 1 0 0 0
1(b) 0 0 0 2 0 0 0
1(c) 0 0 0 3 0 0 0
2 0 0 0 3 3 0 0
3 0 0 0 3 3 3 3
4 0 0 3 3 3 3 0
5 0 3 3 3 3 0 0
6 3 3 3 3 0 0 0
7 0 0 3 3 0 0 0
8(c) 0 0 0 3 0 0 0
8(b) 0 0 0 2 0 0 0
8(a) 0 0 0 1 0 0 0
9 0 0 0 0 0 0 0

2.5.1 Test Procedure and Loading Protocol

The live load test was performed by parking the
trucks at specific locations (marked using tape and
spray paint) near Bent 3 of the bridge. Table 2.2
summarizes the number of trucks parked at each
location (A-G) during the 13 steps of the live load test
(steps 1 to 6 are loading steps, while steps 7 to 9 are
unloading steps). The load sequence prescribed in Table
2.2 was intended to simulate several trucks approaching
Bent 3, driving over Bent 3, and then leaving the bridge.
For example, locations A, B, and C lie within the
approach roadway of the bridge, location D corre-
sponds to the centerline of the piles and pile cap of Bent
3, while locations E, F, and G correspond to different
points along the bridge deck Figure 2.14a). At each of
these locations, a maximum of three trucks were parked
side-by-side and aligned parallel to the longitudinal
direction of the wall, as shown in Figure 2.14b. The
instrumented zone of Bent 3 lies below the westbound
traffic lane adjacent to the pedestrian walkway (Figure
2.14c). The readings from the sensors were monitored
continuously during each step of the live load test, and
the next step was executed only after the MSE wall
displacements had stabilized for the previous step
(stabilization meant that two consecutive readings were
the same). The duration of each step of the live load test
was approximately 15 minutes on average. Figure 2.15
shows some photographs of the trucks taken during the
live load test.
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Figure 2.14 Locations on the bridge where the live loads were applied (truck locations for step 5 of the live load test are shown in
the figure): (a) side view of the bridge (locations A and B are 10.4 m (34 ft) to the east of location C and are not shown in the
figure), (b) top view of the bridge, and (c) view along section A-A of Bent 3 showing the lane configuration (B: beam, P: pile).
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Figure 2.15 Photographs of the trucks taken during the live load test on the Whitestown Parkway Bridge: (a) side view, and
(b) front view.
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3. MONITORING DURING WALL
CONSTRUCTION

3.1 Vertical Stresses

3.1.1 Vertical Stresses at Base of Leveling Pad and
Within Reinforced Fill

Figure 3.1 shows the evolution of the vertical stresses
measured by the earth pressure cells located at the base
of the leveling pad and at different elevations (depths)
within the reinforced fill during construction of the
MSE wall. The vertical stresses were averaged across
the two instrumented sections because their values were
found to be consistent with each other. The horizontal
distance of the pressure cell from the back of the wall

facing is denoted by x, while the depth of the pressure
cell from the top of the reinforced fill (at the end of wall
construction) is denoted by z. A value of x equal to zero
corresponds to the pressure cells at the base of the
leveling pad (these pressure cells were installed along
the centerline of the leveling pad), whereas values of x
greater than zero correspond to the pressure cells within
the reinforced fill. It can be observed from Figure 3.1d
that (1) the vertical stresses at the base of the leveling
pad are consistently higher than those measured along
the base of the reinforced fill both during and after wall
construction, and (2) the vertical stresses from the fill
pressure cells installed at different horizontal distances
[x 2.4-7.0 m (823 ft)] behind the wall facing are
generally close to each other, with a coefficient of vari-
ation of about 5%, which may be attributed to minor
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Figure 3.1

Evolution of vertical stresses at four elevations within the MSE wall during and after wall construction: (a) z = 1.3 m

(43 ft), (b) z = 2.5m (8.2 ft), (c) z = 3.7 m (12.1 ft), and (d) z = 4.9 m (16.1 ).
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local variations in soil density across the MSE wall
footprint. The vertical stresses at the base of the leveling
pad increased from 19 kPa (397 psf) at the end of stage
1 to 118 kPa (2,464 psf) at stage 3 and, finally, to 190
kPa (3,968 psf) at the end of wall construction (stage 5).
In contrast, the average vertical stresses near the base of
the reinforced fill increased from about 8 kPa (167 psf)
at the end of stage 1 to 57 kPa (1,190 psf) at stage 3 and,
finally, to 91 kPa (1,901 psf) at the end of wall con-
struction (Figure 3.1d). The readings from the pressure
cells stabilized after the end of wall construction based
on the measurement recorded on day 50 from the start
of wall construction.

The vertical stresses measured just behind the facing
panels [x = 0.3 m (1 ft)] are less than those measured
farther away from the back of the panels [x = 1.2 m
(4 ft)], particularly after the end of wall construction
(as illustrated by Figure 3.1b) and Figure 3.1c corres-
ponding to z = 2.5 m (8.2 ft) and 3.7 m (12.1 ft)]. The
reduction in vertical stress just behind the facing panels
may be attributed to the effects of soil arching (Paik &
Salgado, 2003) and stress transfer from the reinforced
fill to the wall facing as the panels attempt to move
away from the reinforced fill and the fill material tries
to slide down behind the wall. The wall facing provides
vertical support to the backfill through friction between
the fill material and the wall, which, in turn, reduces the
vertical stress in the soil just behind the facing. For z =
1.3 m (4.3 ft), the vertical stresses measured just behind
the facing panels are generally in good agreement with
those measured farther away from the back of the
panels (Figure 3.1a), indicating that the effects of soil
arching and stress redistribution are small near the top
of the wall.

Figure 3.2 shows the distribution of vertical stresses
behind the wall facing four different elevations within
the reinforced fill at the end of wall construction. The
earth pressure cell (EPC) installed in section 1 at the
base of the leveling pad malfunctioned prior to stage 2
of wall construction, and therefore the data from this
pressure cell was not included in Figure 3.2d; the
malfunction may have been due to potential unstable
contact either between the concrete of the leveling pad
and the pressure cell or between the surface of the
pressure cell and the underlying soil. It can be observed
from Figure 3.2 that (1) the vertical stress is highest at
the base of the leveling pad (Figure 3.2d), and (2) the
vertical stress decreases to values less than yz just
behind the facing panels (Figure 3.2a-c), because of
arching, as discussed previously in connection with
Figure 3.1. For x = 1.2 m (4 ft), the vertical stresses
measured at different elevations within the reinforced
fill are generally in good agreement with those calcu-
lated based on the backfill self-weight yz. The stresses
transferred to the wall facing and the leveling pad
during construction of the MSE wall can be quantified
through the vertical stress ratio, which is presented and
discussed in the next section.

Cell action factors were not applied to the earth
pressure cell measurements for the following reasons.

1. The cell action factor depends on two variables:
the aspect ratio (ratio of cell thickness to diameter) of
the pressure cell and the modular ratio (ratio of the
Young’s modulus of the pressure cell to the Young’s
modulus of the soil in which the cell is installed)
(Taylor, 1945). Both these variables affect the measure-
ments obtained from pressure cells installed within a
compacted soil mass and may cause the cells to measure
either higher or lower values of stress depending on the
soil conditions and the cell installation method (Peattie
& Sparrow, 1954); the cell action factor in essence
attempts to correct for these differences. Weiler and
Kulhawy (1982) and Dunnicliff (1988) suggested that
the errors associated with cell geometry and stiffness
compatibility could be minimized by using stiff/rigid
pressure cells with aspect ratios less than 0.1. The aspect
ratio of the hydraulic-type pressure cells used in this
study is 0.026 (cell thickness = 6 mm and cell diameter
= 230 mm), and, as mentioned earlier, each cell consists
of two, thin, stainless steel plates welded together
around their periphery to leave a narrow space between
them for de-aired hydraulic oil, making the cell “stiff/
rigid” in comparison to the backfill soil used for con-
struction of the Whitestown MSE wall.

2. The pressure cells were installed using the so-called “set-
on-surface method” (Hadala, 1967) (i.e., the cells were
set flat on level ground followed by standard construc-
tion procedures to complete the fill around the cells).
According to Hadala (1967), pressure cells installed in a
laboratory test chamber on dense sand using the “set-
on-surface method” measured values of vertical stresses
that were 6% greater (compared to the actual value), on
average, versus other methods of cell installation that
produced less accurate vertical stress measurements
(= 37% and 50% higher vertical stresses for the “tamp-
ing-in” and “raised-mound” methods). At the end of
construction of the Whitestown MSE wall, we found
that the vertical stresses measured by the pressure
cells at different elevations and cross sections within
the reinforced fill were approximately 7% greater, on
average, than those calculated based on the backfill self-
weight yz.

3. The response of a pressure cell installed within a
compacted soil mass also depends on the degree of soil
compaction near the cell versus that further away from
the cell location. According to Dunnicliff and Green
(1988), if heavy equipment (e.g., rollers), for example,
are used to compact the backfill soil, and the pressure
cell is installed in an excavated trench that is backfilled
and compacted using hand tamping or light machines
(to avoid damaging the cell), the pressure cell would be
surrounded by a volume of soil with greater compres-
sibility than the rest of the fill, resulting in the
measurement of vertical stresses that would be smaller
than the actual values. For the Whitestown MSE wall,
the entire reinforced fill material was compacted using
vibratory plate compactors (both near the cells as well
as in locations away from the cells), and, consequently,
the effect of soil compaction on the pressure cell
measurements would be minimal.

3.1.2 Vertical Stress Ratio

The vertical stress ratio is defined as the ratio of the
vertical stress o,|;, m measured at the base of the leveling
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pad to the average vertical stress ¢,|.r,, measured along
the base of the reinforced fill [o,]:+.m 1S the average of the
vertical stresses measured by the pressure cells located
along both sections 1 and 2 at z = 4.9 m (16.1 ft) and
x =24 m (8 ft), 4.0 m (13 ft), 5.5 m (18 ft), and 7.0 m
(23 ft)]. Given the small difference in elevation [= 0.2 m
(8 in.)] between the pressure cells at the base of the
leveling pad and those near the base of the reinforced
fill (Figure 2.11a), the average vertical stress o,|.rm, from
the fill pressure cells was increased by 4 kPa (83.5 psf)
when calculating the vertical stress ratio to account for
the added backfill weight. From Figure 3.3, we see that
that the vertical stress ratio o,ljpm / 0)|rr,m increases
nonlinearly at a decreasing rate with the wall construc-
tion stages. For stage 1 of wall construction, the vertical

24

stress at the base of the leveling pad is 57% greater than
that measured along the base of the reinforced fill. The
values of the vertical stress ratio range from 1.85 to 1.98
for stages 2 to 4 of wall construction. At the end of wall
construction (stage 5), the vertical stress at the base of
the leveling pad is twice that measured along the base
of the reinforced fill. Given that the diameter of the
pressure cell covers approximately 77% of the width of
the leveling pad, the vertical stress measured by the
pressure cell may be thought of as a “representative” or
“average” stress underneath the pad.

It is also of interest to compare the vertical stress
0,|ip,m measured at the base of the leveling pad to that
calculated based on the self-weight of the wall facing.
The vertical stress o,|i, at the base of the leveling pad
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Figure 3.3 Evolution of the vertical stress ratio o,|ipm / 0,|r,m during wall construction.

due to the self-weight of the wall facing is calculated
using the relationship: o,lijp. = ZW/(BipLg); where W
[= y.bhLg] = weight of each component of the wall
facing; By, = width of the leveling pad; Lg = reference
length [= 1 m (3.28 ft)]; and 7., b, and & = unit weight,
width, and height of each component of the wall facing.
The facing components considered in the calculation of
0,|ip,c include the leveling pad, the four rows of facing
panels, and the coping. Figure 3.4a shows the evolution
of the measured and calculated vertical stresses o,|ipm
and a,|ipc at the base of the leveling pad during con-
struction of the MSE wall. Regardless of the wall con-
struction stage, we see that the vertical stress measured
at the base of the leveling pad is always greater than
that calculated based on the self-weight of the wall
facing; the differences between the values of o\, m» and
0,|ip,c increase with the progression of construction of
the MSE wall. The additional vertical stresses trans-
ferred to the leveling pad may be attributed to (1)
downward interface shear stresses mobilized between
the back of the precast concrete panels and the rein-
forced fill material, and (2) downdrag forces generated
at the connections between the steel strips and the
facing panels; both of which occur due to relative
movement between the reinforced fill and the wall
facing, as illustrated by Damians et al. (2013, 2016).
To quantify the differences between the values of
Oylip,m and o, c, we plot the ratio of these quantities
in Figure 3.4b as a function of the wall construction
stages. The vertical stress ratio o,|ijpm / 0y|ip,c Increases
from a value of 1.6 at stage 1 of wall construction to
values ranging from 2.1 to 2.6 for stages 2 to 4 and then
decreases slightly to a value of 2.4 at the end of wall
construction (stage 5). Because the main difference
between stage 4 and stage 5 of wall construction is
primarily the installation of the coping on top of the
fourth row of facing panels, the values of both o, m
and o,|pc increase from stage 4 to stage 5 by appro-
ximately the same amount (Figure 3.4a), thus resulting
in a reduction in the vertical stress ratio between these
construction stages. The practical implications of a
vertical stress at the base of the leveling pad that is

more than twice the stress due to the self-weight of the
wall facing include (1) selection of a suitable width and
grade of concrete for the leveling pad, and (2) proper
compaction of the soil below and around the leveling
pad. If the width of the leveling pad is insufficient
and/or if the soil below it is weak or poorly compacted,
a localized bearing capacity failure may result. The
vertical stress ratio ,|ip,m / 0ylip,c (= 2.4) at the end of
wall construction falls within the range of 1.8-2.8
reported in the literature for the “vertical load factor”
based on the results of three full-scale [H = 6.0-16.9 m
(20-55 ft)], instrumented, steel strip-reinforced MSE
walls (Bastick et al., 1993; Chida & Nakagaki, 1979;
Runser, 1999; Runser et al., 2001). The vertical load
factor is conceptually similar to the vertical stress ratio;
it is defined as the ratio of the total vertical load at the
base of the facing panel units (obtained from load cell
data) to the self-weight of the facing panels (Damians
et al., 2013).

The instrumentation used in this study cannot detect
the shear stresses mobilized along the facing-soil
interface. However, based on the lateral stresses
measured on the back of the wall facing at the end of
wall construction (stage 5) and the assumption that the
angle of wall friction ¢ has fully mobilized to its value J,
at critical state, the critical-state interface shear stress
7. (= ¢'j, tand,.) can be plotted along the back of the
wall facing at the end of wall construction (Figure 3.5).
The lateral effective stress ¢’;, was determined by taking
the average of the lateral stresses (at each elevation)
measured by the pressure cells installed in both sections
1 and 2 on the back of the wall facing. Following Kim
and Salgado (2008), the critical-state interface friction
coefficient tand,. (considering plane-strain conditions) is
estimated to be of the order of 0.5 for a rough interface.
Integrating the shear stress distribution shown in
Figure 3.5 across the height of the wall facing (per unit
length of wall) results in a total vertical (downward)
shear force F, of 32.6 kN (7.3 kips). Dividing the value
of F by the contact area (= Bj,Lg) of the base of the
leveling pad leads to a vertical stress of 107 kPa (2,235
psf), which corresponds to 56% of the vertical stress
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Figure 3.5 Shear stress distribution along the back of the
wall facing at the end of wall construction.

Gylip,m [= 190 kPa (3,968 psf)] measured by the pressure
cell at the base of the leveling pad at the end of wall
construction; By, = width of the leveling pad [= 0.3 m
(1 ft)], and Lg = reference length [= 1 m (3.3 ft)]. Given
that the vertical stress at the base of the leveling pad
due to the self-weight of the wall facing is of the order
of 80 kPa (1,671 psf) (corresponding to 42% of a,|ip,m),
the balance of the vertical stress [= 3 kPa (62 psf)

(or 2% of a,|ip,m)] at the base of the leveling pad may be
attributed to the transfer of some reinforcement-facing
connection downdrag forces to the leveling pad. These
calculations provide a quantitatively reasonable expla-
nation for the increased vertical stresses measured by
the pressure cell at the base of the leveling pad.

3.2 Lateral Stresses

The lateral effective stress ¢’;, acting on the back of
the wall facing is equal to the product of the lateral
earth pressure coefficient K, and the vertical effective
stress ¢’,. Given the absence of pore water pressure u in
the reinforced fill, the stresses measured by the earth
pressure cells are approximately equal to the effective
stresses in the backfill soil. The coherent gravity
method, the simplified method, and the simplified
stiffness method require as input the peak friction
angle ¢, of the reinforced fill material (determined from
either direct shear or drained triaxial compression test
results), with the caveat that ¢, be limited to a maxi-
mum value of 40° (AASHTO, 2020). However, direct
shear and triaxial compression test results do not
produce the same value of friction angle (Bareither
et al., 2008; Han et al., 2018; Maccarini, 1993; Rowe,
1969; Thurairajah, 1962). Based on the results of direct
shear tests performed in this study on dense samples of
the reinforced fill material at a normal stress of 100 kPa
(2,089 psf) (Figure 2.7a), the peak shear stress 7, and
the peak friction angle ¢, are equal to 81.3 kPa (1,698
psf) and 39.1°. Given that the vertical stresses measured
by the pressure cells near the base of the reinforced fill
are of the order of 90-100 kPa (1,880-2,089 psf) at the
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end of wall construction (Figure 3.1d and Figure 3.24d),
the value of ¢, at higher elevations (shallower depths)
within the reinforced fill will be greater than 39.1° due
to the greater contribution of dilatancy towards the
peak shear strength of dense sand at lower confining
stress levels. However, because the peak friction angle
of the reinforced fill material must be capped at 40°
(AASHTO, 2020), we set ¢, = 40° to calculate the
lateral effective stresses acting on the back of the facing
panels using the coherent gravity method and the simp-
lified method. In the absence of direct shear or triaxial
compression test results, AASHTO (2020) recommends
the use of a peak soil friction angle equal to 34° for
internal stability design of MSE walls. The internal
stability design of the Whitestown MSE wall was done
by RECo using the coherent gravity method with
a peak friction angle of 34° and a soil unit weight of
18.85 kN/m? (120 pcf).

Figure 3.6 shows that the lateral stresses calculated
using the simplified method are greater than those
obtained using the coherent gravity method by about
8-10% for ¢, = 34° and 4%—9% for ¢, = 40°, depen-
ding on the depth z from the top of the reinforced fill.
The simplified stiffness method was not included in
Figure 3.6 because the method was primarily developed
to calculate the maximum tensile load Tp.x in the
reinforcement; the method does not provide a formula-
tion for K, and o', explicitly. The measured lateral
stresses on the back of the facing panels at the end of
wall construction are in good agreement with predic-
tions obtained using the coherent gravity and simplified
methods (with ¢, = 40°), particularly in the upper half
of the wall [z = 2.3 m (7.5 ft)]. However, if we set
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Figure 3.6 Comparison between the predicted and measured
distributions of lateral stresses acting on the back of the facing
panels at the end of wall construction.

¢, = 34°, the value recommended by AASHTO (2020)
in the absence of laboratory test results, the values of
o';, calculated using the coherent gravity method and
the simplified method are generally higher than those
measured by the pressure cells. This illustrates the
sensitivity of these methods to the value of ¢, used to
calculate K,, and, consequently, ¢’;. Predictions of '/,
obtained using the critical-state friction angle ¢. (=
31.9°) of the reinforced fill material, although con-
servative in the short term (i.e., end of wall construc-
tion), may be applicable for the design of MSE walls in
the long term (i.e., throughout their entire service life),
as discussed later in the report.

The lateral stresses measured on the back of the
facing panels increase from 6 kPa (125 psf) near the top
of the wall [z = 0.9 m (3 ft)] to about 40 kPa (835 psf)
near the bottom of the wall [z = 4.6 m (15.1 ft)]. The
considerably high lateral stresses measured on the back
of the wall facing near the bottom of the wall may be
attributed to the placement of compacted sandy soil
in front of the wall during construction (Figure 2.2).
The passive resistance provided by the soil placed in
front of the wall likely reduced the lateral displacement
of panel 1, resulting in the mobilization of higher lateral
stresses on the back of panel 1 than would be expected
in the absence of the passive resistance. Nonetheless,
the nonlinear depth profile of the lateral stress measured
on the back of the facing panels at the end of wall
construction [ignoring the two data points at z = 4.6 m
(15.1 ft)] indicates a reduction in lateral stress towards
the bottom of the wall, likely due to potential arching
effects in the backfill soil (Desai & El-Hoseiny, 2005,
2007; Handy, 1985, 2007; Paik & Salgado, 2003).

3.3 Reinforcement Loads

The design methods summarized in Table 1.1 are
intended to predict the maximum reinforcement tensile
load Thax (in units of force per unit length of wall in the
longitudinal direction) at the end of wall construction.
In these methods, Tp,.x is a function of the tributary
vertical spacing s, of the reinforcement (AASHTO,
2020; FHWA, 2009a). For the Whitestown MSE wall,
the value of s, is equal to 0.77 m (2.53 ft) for the first
reinforcement layer counted from the bottom of the
wall, 0.75 m (2.46 ft) for the second through sixth
reinforcement layers, and 0.47 m (1.54 ft) for the
seventh (topmost) reinforcement layer.

3.3.1 Distribution of Reinforcement Tensile Loads

The tensile load T in the reinforcement (in units of
force per unit length of wall in the longitudinal
direction) at a given strain gauge (SG) location was
determined using the relationship: 7' = eE A,/s;,, where
& = measured strain in the reinforcement at the gauge
location (averaged between the top and bottom strain
gauges), E; = Young’s modulus of steel [= 200 GPa
(29,000 ksi)], A; = cross-sectional area of the steel strip
[= 0.0002 m? (0.31 in.?)], and s, = horizontal spacing of
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the steel strips [= 0.75 m (2.46 ft)]. Figure 3.7 shows the
distribution of the reinforcement tensile loads for each
of the four levels of instrumented steel strips at the end
of wall construction. The tensile loads determined from
the strain gauges installed in section 1 were generally
consistent and close to those obtained from the gauges
installed in section 2. The tensile load in each instru-
mented strip increases from a non-zero value 7., near
the reinforcement-panel connection to a maximum
value Ty,,x behind the wall facing and then approaches
zero near the free end of the reinforcement. Regardless
of the elevation of the steel strip, we see that the
measured values of T,,, are less than T, this is
consistent with observations from other full-scale,
instrumented, steel strip-reinforced MSE walls reported
in the literature (Christopher et al., 1990; Runser et al.,
2001; Stuedlein et al., 2012). For the four instrumented
levels of steel strips [located at z = 0.1 m (0.3 ft), 1.6 m
(5.25 ft), 3.1 m (10.2 ft), and 4.6 m (15.1 ft)] considered
in this study, the values of 7., at the end of wall

construction are 1.1 kN/m (75 1b/ft), 4.1 kN/m (281 Ib/
ft), 6.7 kIN/m (459 1b/ft), and 5.9 kN/m (404 1b/ft); while
those for Tax are 1.9 kN/m (130 Ib/ft), 7.9 kN/m (541
Ib/ft), 15.3 kN/m (1,048 1b/ft), and 11.7 kN/m (802 1b/
ft), respectively. The ratio T.on/Tmax ranges from 0.4—
0.6, which is less than the value of 1.0 recommended by
AASHTO (2020) for use in reinforcement-facing con-
nection design.

The maximum tensile stresses o;ma.x in the four
instrumented levels of steel strips at the end of wall
construction range from 12-58 MPa (251-1,211 ksf),
corresponding to 2%—-12% of the yield strength f,, of
grade 65 steel [= 491 MPa (10,255 ksf), on average,
based on the analysis of 90 tensile test results for steel
strip reinforcements (Kim, 2008; Kim & Salgado,
2012b)]. This range of tensile stresses is much smaller
than the allowable tensile stress ¢, ,; of 270 MPa (5,639
ksf) (= 55% of f,) calculated for a factor of safety FS =
1.82 (AASHTO, 1996) against rupture (breakage) of
the reinforcement.
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3.3.2 Reinforcement Length in Active Zone

Kim and Salgado (2012b) assessed the uncertainty
of the locus of Tp.x using data from Schlosser and
Segrestin (1979) and obtained the distribution of L,
from reliability analyses for different values of target
reliability index fr (= 2.0, 2.33, and 3.0). Figure 3.8
compares the predicted and measured profiles of
the normalized reinforcement length L,/H within the
active zone versus the normalized depth z/H from the
top of the reinforced fill at the end of wall construc-
tion. In the lower half of the wall, the values of L,
determined from the strain gauge measurements (con-
sidering data from both Sections 1 and 2) are greater
than those obtained from both AASHTO (2020)
and Kim and Salgado (2012b). For example, the
measured values of L, are 53% and 21% greater than
those obtained by Kim and Salgado (2012b) (f+ = 3.0)
for the first and third reinforcement levels (z/H = 0.92
and 0.62) counted from the bottom of the wall. In the
upper half of the wall, however, the values of L,
determined from the strain gauge data are close to the
predicted L, distributions of Kim and Salgado (2012b),
with the AASHTO line plotting between the measured
data points. The results in Figure 3.8 suggest that it
would be prudent to design steel strip-reinforced MSE
walls for a higher target reliability index (e.g., 7 = 3.0
instead of 2.0), i.e., for a lower target probability of
failure.

3.3.3 Maximum Tensile Load in Reinforcement

Predictions of T,,.«x using the coherent gravity,
simplified, and simplified stiffness methods were made
considering three different values of friction angle: (1)
¢ = 31.9% (2) ¢, = 34° [the default value stipulated by
AASHTO (2020) in the absence of direct shear or
triaxial compression test results for the backfill soil],
and (3) ¢, = 40° [based on the direct shear test results
obtained in this study, but capped at 40° as per
AASHTO (2020)]. Note that the friction angle that
appears in the equations for these methods is defined as
either the peak friction angle in direct shear or the peak
friction angle in triaxial compression (AASHTO, 2020;
Allen et al., 2001; Allen & Bathurst, 2015, 2018). This
somewhat flexible definition in terms of test type and
stress level adds to some uncertainty in the value of ¢,
that goes into the equations of these methods to
calculate Tp,ax. For the simplified stiffness method, the
values of J and Syjopa are calculated as 53 MN/m and
74 MPa, thus resulting in a global stiffness factor @,
equal to 0.89. Because the computed value of the facing
stiffness factor @4 exceeded 1.0, it was set equal to 1.0
[as per Allen and Bathurst (2015)] in the calculation of
Tmax using the simplified stiffness method.

From Figure 3.9a, we see that the simplified stiffness
method (with ¢, = 40°) provides the best estimate of
Tmax for the four instrumented levels of steel strips at
the end of wall construction. The coherent gravity and
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simplified methods (with ¢, = 40°) provide good
predictions of Ty,.x for the fifth reinforcement level [z =
1.6 m (5.25 ft)]; however, these methods underpredict
T'max for the seventh and third reinforcement levels [z =
0.1 m (0.3 ft) and 3.1 m (10.2 ft)] and significantly
overpredict Thax for the first reinforcement level [z =
4.6 m (15.1 ft)] counted from the bottom of the wall. All
three design methods are sensitive to the value of ¢,
used to calculate T, at the end of wall construction;
the methods generally overpredict the maximum
reinforcement tensile loads for ¢, = 34°.

Figure 3.9b quantifies the ratio of the predicted T}y«
to the measured 7)., for each instrumented steel strip
at the end of wall construction. The T},,,, data point for
the topmost reinforcement level was excluded because
the design methods were generally calibrated against a
database of full-scale, instrumented, steel strip-rein-
forced MSE walls for which the height of reinforced fill
above the topmost reinforcement level (excluding any
surcharge) was of the order of 0.38 m (1.25 ft) at the
end of wall construction (Allen et al., 2001); some MSE
walls in the database also had uniform surcharge loads
ranging from 24-72 kPa (500-1,500 psf) on top of the
walls. For the Whitestown MSE wall, the reinforced fill
material was not placed up to the top of the coping
because the pile cap was constructed later on top of the
reinforced fill at the surface elevation corresponding to
stage 5. Therefore, for the Whitestown MSE wall, the
height of reinforced fill above the topmost reinforce-
ment level was approximately 0.1 m (0.3 ft) at the end
of wall construction, which is much smaller than the
typical value of 0.38 m (1.25 ft). Figure 3.9b shows that
the design methods generally produce good estimates of
the maximum reinforcement tensile loads at the end of
wall construction (Wlth 71max,predi(:ted/ ﬂnax,measured ranging
from 0.8 to 1.4), except near the bottom of the wall,
where the value of Tiax predicted/ Tmax,measured 18 in the
range of 1.5-2.0 for the coherent gravity and simplified
methods, with higher values corresponding to the use of
lower backfill soil peak friction angles (e.g., ¢, = 34°).

The coherent gravity method, the simplified method,
and the simplified stiffness method have been calibrated
specifically for MSE walls at the end of construction,
i.e., under initial operational conditions. However,
during the service life of an MSE wall, repeated loading
cycles due to traffic and other events (e.g., earthquakes
and rainstorms) may degrade the peak shear strength of
the reinforced fill progressively (cycle by cycle) over
time in terms of either a partial or complete loss of
dilatancy (Take et al., 2004), resulting in (1) a decrease
in the peak soil friction angle ¢, towards the critical-
state friction angle ¢. (Bolton, 1986, 1996), and (2) an
increase in the tensile loads in the reinforcement due to
an increase in the lateral earth pressure coefficient. This
suggests that it would be prudent to use ¢, in the design
of MSE walls, because it best represents the level of
shear strength that will be available for their entire
service life, neglecting the contribution that may come
from the dilative component of soil shear strength that
will degrade as shear bands form (Bolton, 1991a;
1991b; Bolton & Pang, 1982) or that may, as discussed
above, degrade over time. The design methods that we
used to estimate T, are based on K, calculated using
the Rankine method. The Rankine method does not
account for wall friction, as some methods proposed for
traditional retaining walls do (Coulomb, 1776;
Lancellotta, 2002; Paik & Salgado, 2003). However,
some of the effects of friction degradation over time can
be captured through a higher calculated value of K ,.

3.3.4 Lateral Earth Pressure Coefficient

The maximum tensile load T,,.x that develops in a
given reinforcement layer is due to the lateral effective
stress o', (= K,g',) acting on the back of the wall facing
over the tributary area of the reinforcement (Bathurst,
2014; Kim & Salgado, 2012b; Salgado, 2022). On this
basis, the lateral earth pressure coefficient K, can be
determined from the reinforcement strain gauge data
using the relationship: K, = Tya/(yzs,). Figure 3.10
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Figure 3.10 Comparison between the predicted and mea-
sured profiles of K, with depth z from the top of the reinforced
fill at the end of wall construction.

shows that the values of K, determined from both the
earth pressure cell and reinforcement strain gauge data
are generally in the range of 0.18 to 0.38, and that the
simplified method (with ¢, = 34°) provides upper-
bound estimates of K, in comparison to the measured
data points. The values of K, calculated using the
simplified method are greater than those obtained using
the coherent gravity method; the differences in the
values of K, obtained using the coherent gravity method
and the simplified method range from 9%-17% for ¢, =
34° and 3%—-16% for ¢, = 40°, depending on the depth
z from the top of the reinforced fill. Predictions of K,
obtained using coherent gravity and simplified methods
with ¢. = 31.9° are provided for completeness.

The values of K, determined from the earth pressure
cell (EPC) data are in good agreement with those
obtained from the reinforcement strain gauge (SG)
measurements (considering data from both sections 1
and 2), except for the bottommost reinforcement level.
The lateral displacement of the bottommost facing
panel (panel 1) was likely restricted by the passive
resistance provided by the compacted sandy soil placed
in front of the wall, thus resulting in the buildup of
lateral stresses on the back of panel 1, and, conse-
quently, a high K, value (= 0.48). On the other hand,
the development of tensile load in the reinforcement
depends on the level of displacement of the steel strip,
which, in turn, depends on the lateral displacement of
the facing panel to which the strip is connected. The
smaller the lateral displacement of the facing panel, the
smaller the maximum tensile load in the reinforcement
is likely to be, hence the low K, value (= 0.18) deter-
mined from the strain gauge data for the bottommost

reinforcement level. The value of K, determined from
the strain gauge data for the topmost reinforcement
level was found to be unrealistically high (= 1.7),
possibly due to the very low confining stress [= 2 kPa
(0.3 psi)] operative on the reinforcement and was thus
excluded from the comparison in Figure 3.10.

3.3.5 Soil-Reinforcement Friction Coefficient

The soil-reinforcement friction coefficient g, mobi-
lized at the end of wall construction can be determined
from the distribution of the tensile load along the
reinforcement using:

Tmob T;— T]

Hmob = =7 _2b,LU»yz

v

(Eq. 3.1)

where T; and 7T; = reinforcement tensile loads (in units
of force) corresponding to two adjacent points i and j
along the trendline plotted in Figure 3.7, 7,05 = shear
resistance mobilized along the top and bottom surfaces
of the reinforcement between points i and j, 5, = width
of the reinforcement, L; [= x; — x;] = distance between
points 7 and j, and ¢’, [= yz] = vertical effective stress
acting on the surface area of the reinforcement between
points i and j. The trendline provides a smooth and
continuous distribution of the tensile load 7 in the
reinforcement at the end of wall construction (Figure
3.7); the first derivative 97/0x of the trendline is equal
to zero at the location of T,,,x. The mobilized friction
along a segment of the reinforcement depends on the
change in T between the two points that make up that
reinforcement segment; the smaller the change in 7 for
a given reinforcement length, the smaller the mobilized
friction coefficient is.

Figure 3.11 shows the distribution of u, ., for each of
the four levels of instrumented steel strips at the end of
wall construction. Positive and negative values of .
correspond to the soil-reinforcement interface shear
stresses mobilized in the active zone and resisting zone,
respectively. The values of the ultimate pullout resis-
tance coefficient u,;, recommended by AASHTO (2020)
for calculation of ultimate pullout resistance (in the
absence of pullout test results) and the allowable pullout
resistance coefficient 1 (=}, /FS), with FS = factor of
safety against pullout [typically equal to 1.5 (Salgado,
2022; Schlosser & Bastick, 1991)], are plotted in Figure
3.11 over the effective reinforcement length L, deter-
mined according to AASHTO (2020). For the Whites-
town MSE wall (Cy = 3.45 and ¢, = 40°), the values
of u,, determined from AASHTO (2020) (Eq. 1.20) for
the four instrumented levels of steel strips [located at
z = 0.1 m (0.3 ft), 1.6 m (5.25 ft), 3.1 m (10.2 ft), and
4.6 m (15.1 ft)] are equal to 1.72, 1.49, 1.27, and 1.05,
respectively. From Figure 3.11, we see that the values
of u ., calculated using Eq. 3.1 are not constant along
the reinforcement, indicating that soil-reinforcement
interface friction does not mobilize uniformly along
the reinforcement at the end of wall construction.
The value of uy, . is equal to zero at the location of
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Figure 3.11 Distribution of the mobilized soil-reinforcement friction coefficient at the end of wall construction: (a) z = 0.1 m
(0.3 ft), (b) z = 1.6 m (5.25 ft), (¢) z = 3.1 m (10.2 ft), and (d) z = 4.6 m (15.1 ft).

Tmax (indicated by the grey circle in Figure 3.11)
because, at that location, an element of the steel strip is
being pulled on either side by an equal and opposite
force equal to T, resulting in 67 = 0, and, con-
sequently, zero mobilized friction there. The red and
blue circles in Figure 3.11 (red for u;,, and blue for 1)
represent the locations of T7y,.x as predicted by
AASHTO (2020). In the vicinity of T, (i.e., near
the zone of the expected shear “failure” surface)
determined in this study, the values of u,, are less
than the critical-state friction coefficient tan¢,. (= 0.62)
of the reinforced fill material; this suggests that, within
this zone, the reinforcement may not have moved
enough for the soil-reinforcement frictional resistance
to fully mobilize.

The pattern of u, is different depending on the
elevation of the steel strip. For example, for the

bottommost reinforcement level, the mobilized friction
coefficient is negligible along a significant portion
[= 2.5 m (8.2 ft)] of the reinforcement length in the
resisting zone (Figure 3.11d), whereas for the other
instrumented reinforcement levels, the friction coeffi-
cient has mobilized to values approaching tan¢g, along
some of the reinforcement length in the resisting
zone (Figure 3.11a—c). The maximum values of .
measured in the resisting zone (= 0.7-1.0) are in good
agreement with the values of 1 (calculated for FS =
1.5), except for the topmost reinforcement level, where
the maximum value of u, , (= 3.6) in the resisting zone
is greater than that of p; (= 1.2). A direct one-to-one
comparison between the values of u- , and p,, cannot
be made because the values of u; , correspond to an
MSE wall at the end of construction (under initial
operational conditions) and not for a wall that has
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reached an ultimate limit state (for which i, would be
applicable in the context of a reinforcement pullout
ultimate limit state check). Frictional resistance would
be fully mobilized along the entire length of the
reinforcement in the resisting zone only when the steel
strip is pulled out in an ultimate limit state.

The vertical axis of Figure 3.11a was plotted with a
scale different from those of Figure 3.11b-d in order to
reflect the high values of ., (= 3-5) obtained for the
topmost reinforcement level. In fact, values of )}, as
high as 8-9 have been reported in the literature based
on pullout test results for ribbed steel strip reinforce-
ments installed in backfill materials ranging from silty
sands to coarse gravels (AASHTO, 1994; Kim, 2008;
Kim & Salgado, 2012b; Schlosser & Bastick, 1991). The
pullout resistance coefficient decreases with increasing
overburden pressure due to the suppression of dilatancy
(Balunaini & Prezzi, 2010; Miyata & Bathurst, 2012b;
Strahler et al., 2016), with the consequence that soil-
reinforcement shear resistance is then derived mainly
through friction. The interface friction angle between
steel and sand at critical state can be determined as a
function of the sand properties (Dsog, ¢.) and the
normalized surface roughness of steel using the
methodology developed by Han et al. (2018, 2019);
the methodology is based on the results of direct
interface shear tests performed on sands with different
particle sizes, morphologies, and gradations and steel
surfaces with different levels of rusting.

3.4 Lateral Displacements

3.4.1 Lateral Displacement of the Wall Facing and the
Reinforced Fill

Figure 3.12 shows the outward lateral displacement
profiles of the wall facing and the reinforced fill
measured 5 days after the end of wall construction.
The maximum lateral displacement of the wall facing is
10 mm (0.4 in.), corresponding to 0.2% of the height of
the reinforced fill, and occurs at a depth of 3 m (= 10 ft)
below the top of the reinforced fill. The lateral
displacement within the reinforced fill [2.5 m (8.2 ft)
behind the wall facing] is smaller than that measured
just behind the facing [at x = 0.1 m (4 in.)], with a
maximum value of 5.5 mm (0.22 in.) or approximately
0.1% of the reinforced fill height. AASHTO (2020)
provides a chart to estimate the maximum lateral
displacement of the wall facing that may occur during
wall construction as a function of the reinforcement
length-to-wall height ratio L,/H and the reinforcement
type (i.e., extensible versus inextensible reinforcement)
(Christopher, 1993; Mitchell & Christopher, 1990). For
the Whitestown MSE wall (L,/H = 1.1 with inexten-
sible reinforcement), the predicted maximum lateral
displacement of the wall facing using the AASHTO
(2020) chart is 14.1 mm (0.56 in.), which is 41% greater
than the measured value.
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Figure 3.12 Outward lateral displacement profiles of the wall
facing and the reinforced fill measured 5 days after the end of
wall construction.

3.4.2 Horizontal and Vertical Joint Gap Width Between
Facing Panels

Figure 3.13a and Figure 3.13b shows the evolution of
the vertical and horizontal joint gap width between
facing panels measured by the crackmeters during
construction of the MSE wall. It can be observed from
Figure 3.13a that (1) the values of vertical joint gap
width measured by crackmeters CM-2 and CM-4 are
generally consistent both during and after wall con-
struction (indicating a uniform gap closure), reaching a
value at the end of wall construction of 18.1 mm (0.71
in.), and (2) the vertical joint gap width measured by
crackmeter CM-5 is about 0.5 mm (0.02 in.) less than
that measured by crackmeter CM-3. The local oscilla-
tions in the joint gap measurements may be attributed
to potential contraction/expansion of the precast
concrete panels due to changes in temperature and
the effects of construction-related activities (e.g., back-
fill compaction, operation of machinery, and movement
of equipment in preparation for construction of the
bridge abutment on top of the MSE wall).

Because crackmeters CM-1 and CM-6 were installed
at the horizontal joints of facing panels 3 and 4 only
after these panels were erected, they do not capture the
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Figure 3.13 Evolution of the horizontal and vertical joint gap width between facing panels during and after wall construction.

initial compression of the bearing pad caused by the
self-weight of the panels. Based on the panel dimen-
sions and the unit weight of reinforced concrete, the
self-weights of panels 3 and 4 are estimated to be 15.4
kN (3.46 kips) each. Given that each horizontal joint
consists of two EPDM bearing pads, the vertical load
transferred to each bearing pad due to the panel self-
weight is equal to 7.7 kN (1.73 kips), resulting in an
estimated initial joint compression of about 1.9 mm
(0.075 in.) (Figure 2.9). Therefore, the estimated hori-
zontal joint gap width (accounting for the initial
compression of the bearing pads) is 17.1 mm (0.67
in.) by the time CM-1 and CM-6 were installed at their
respective locations.

Figure 3.13b shows that the horizontal joint gap
width measured by crackmeter CM-1 is less than that
measured by crackmeter CM-6 both during and
after wall construction, with values equal to 16.4 mm
(0.65 in.) for CM-1 and 17.3 mm (0.68 in.) for CM-6 at
the end of wall construction. These values are in good
agreement with the range of values [= 16-18 mm (0.6—
0.7 in.)] reported by Damians et al. (2016) based on
finite element simulations of a 6-m-(20-ft)-high, steel-
reinforced MSE wall with two 20-mm-(0.8-in.)-thick
EPDM bearing pads per horizontal joint. FHWA
(2009a, 2009b) recommends a minimum horizontal
and vertical joint gap width between adjacent facing
panels equal to 12.5 mm (0.5 in.) after the wall has been
constructed; the values determined from the crackmeter
measurements satisfy this requirement. Given that the
loads transferred to the bearing pads will increase as we
move further down to the base of the wall facing, the
horizontal joint gap width between panels 1 and 2
(Figure 2.12a) will be smaller than those between panels
2 and 3 (CM-1) and panels 3 and 4 (CM-6).

34

3.5 Vertical Displacements

As mentioned in Section 2.4.2 of Chapter 2, the
horizontal inclinometer consists of a string of tilt sensor
segments connected in series. The vertical displacement
w; of one end of a tilt sensor segment i of length L;
relative to the other end of the segment was determined
using the relationship: w; = L,(Asin0,), where 0, is the
inclination of segment 7 with respect to the horizontal,
and Asin0; represents the change in sinf; between the
initial (reference) and current configurations of seg-
ment i. The cumulative vertical displacement w of the
MSE wall foundation at a given sensor location was
calculated by summing the values of w; obtained from
all tilt sensor segments preceding the segment of interest
(i.e., located to the east of the segment of interest) but
also including the segment of interest.

Figure 3.14 shows that the cumulative vertical
displacements along the base of the retained backfill
are small [<5 mm (0.2 in.)], and most of the vertical
displacements along the base of the MSE wall
foundation occur near the leveling pad. For better
visualization of the results, the location of the wall
facing and the lateral extents of the reinforced fill, the
retained backfill, and the soil placed in front of the
facing are also shown in the figure (the height of the
wall facing is not to scale). The maximum vertical
displacement of the MSE wall foundation increases
from 3 mm (0.12 in.) at stage 1 of wall construction to
values ranging from 6 mm (0.24 in.) to 17 mm (0.67 in.)
for stages 2 to 4, and, finally, to a value of 20 mm
(0.8 in.) (or 0.4% of the height of the reinforced fill)
at the end of wall construction (stage 5). The 3-mm
(0.12-in.) vertical displacement observed for stage 1 of
wall construction may be attributed to the immediate
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Figure 3.14 Vertical displacement profiles (displacements negative in the downward direction) of the MSE wall foundation for

different stages of wall construction.

settlement of both the top 1.5-m-(5-ft)-thick layer of
compacted sandy soil and the underlying 0.9-m-(3-ft)-
thick layer of soft clay [¢, = 0.3 MPa (3 tsf)]. The
outward lateral displacement of the wall facing during
construction may also have contributed to the settle-
ments measured along the base of the reinforced fill.
The ratio of the maximum vertical displacement of the
MSE wall foundation to the maximum lateral displace-
ment of the wall facing is equal to 2 at the end of wall
construction.

4. MONITORING DURING AND AFTER BRIDGE
CONSTRUCTION

4.1 Loads in the Piles and Pile Cap

Figure 4.1 shows the evolution of the axial loads
carried by the three instrumented piles (piles 11, 12, and
13) and the axial load within the instrumented zone of
the pile cap during and after bridge construction; the
construction stages listed in Table 2.1 are plotted in the
figure for reference. The axial load Q,, carried by each
instrumented pile was calculated by multiplying the
average strain reading &, (obtained from the pair of
arc-weldable strain gauges installed near the pile head)
by the axial stiffness E;A4; of the pile; E; = Young’s
modulus of steel, and 4, = steel cross-sectional area of
the H-pile [= 0.0139 m? (21.5 in.?)]. Following Han
et al. (2020) and Prezzi et al. (2025), the axial load Q
within the instrumented cross section of the pile cap
was calculated based on the weighted average (by the
area of influence in the cross section) of the strains
measured by the six rebar strain gauges installed in the
pile cap; the Young’s moduli E. and E; of concrete and
steel were taken as 24 GPa (3,481 ksi) and 200 GPa
(29,000 ksi) in load calculations.

It can be observed from Figure 4.1 that (1) the loads
carried by the three instrumented piles were approxi-
mately evenly distributed throughout the construction
stages, and (2) the load within the instrumented zone of
the pile cap was greater than the total load carried by
the three instrumented piles both during and after
bridge construction. Considering the equilibrium of the
instrumented zone of the pile cap (Figure 2.14c), the
superstructure load Q transferred to the pile cap is
approximately balanced by the total load Q,,, carried by

the three instrumented piles and the load Q.,, carried
by the fill material (surrounding these piles) in contact
with the pile cap. For the Whitestown MSE bridge
abutment, most of the superstructure load was carried
by the piles — the cap resistance Q.., mobilized during
bridge construction was approximately equal to 10% of
the load in the pile cap, decreasing to about 8% at the
end of bridge construction (stage 10) and then to 6%
4 months after the bridge was opened to traffic.
Assuming the cap resistance to be equal to zero, as is
typically done in MSE abutment design (FHWA,
2009a), the average dead load per pile, based on the
data obtained for piles 11 to 13, would be 477 kN (107
kips) at the end of bridge construction. This value is in
good agreement with the unfactored dead load of 456
kN (103 kips) per pile used in the design of Bent 3 of the
Whitestown Parkway Bridge.

Figure 4.2 shows the evolution of the live load
carried by the three instrumented piles (piles 11, 12, and
13) and the live load within the instrumented cross
section of the pile cap during the live load test on
October 30th, 2023, (i.e., 721 days since the beginning
of construction). The live load carried by the piles and
the pile cap increased as the trucks drove towards Bent
3 and were parked at their designated locations during
each step of the live load test. The live loads carried by
the three instrumented piles were approximately evenly
distributed, with pile 13 carrying slightly greater live
load than piles 11 and 12 throughout most of the live
load test, except for load steps 1(a) and 8(a), where pile
12 carried greater live load than piles 11 and 13. The
peak live loads in the piles and pile cap were reached at
step 6 of the live load test when all twelve trucks were
on the bridge, and the live loads decreased to zero at
step 9 when all the trucks had left the bridge. The
maximum total live load carried by the three instru-
mented piles was 580 kNN (130 kips) at step 6 of the live
load test. The live load in the instrumented cross section
of the pile cap was greater than the total live load
carried by the three instrumented piles, reaching a
maximum value of 637 kN (143 kips) at step 6 of the
live load test. The difference between these two loads is
equal to the live load carried by the fill material
(surrounding piles 11 to 13) in contact with the pile cap.
From Figure 4.2, we see that, approximately 91% of the
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during steps 1 to 9 of the live load test.

live load in the pile cap was transferred to the piles
during the live load test, while the remaining 9% of the
live load was carried by the fill material in contact with
the pile cap.

4.2 Vertical and Lateral Stresses

Figure 4.3 shows the evolution of the vertical stresses
measured by the earth pressure cells located at the base
of the leveling pad and at different elevations within the
reinforced fill during and after bridge construction. The
vertical distance from the base of the pile cap to the
pressure cell is denoted by z, while the horizontal
distance from the back of the wall facing to the pressure
cell is denoted by x. From Figure 4.3b—d, we see that

36

the vertical stresses measured within the reinforced fill
increase with increasing distance of the pressure cell
behind the wall facing. The vertical stresses measured
by the pressure cells at x = 2.4 m (8 ft) and 4.0 m (13 ft)
are consistent and close to each other because these
cells are located beyond the pile cap and thus reflect the
weight of the fill material placed behind the pile cap and
end bent during construction of the bridge abutment;
the same is also true for the pressure cells located
behind the pile cap at z = 0.1 m (0.3 ft), as shown in
Figure 4.3a. From Figure 4.3e, we see that the vertical
stresses measured at the base of the leveling pad
(denoted by x = 0) are greater than those measured
along the base of the reinforced fill by factors of 2.0 at
the end of wall construction (stage 5) and 1.8 after the
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Figure 4.3 Evolution of vertical stresses at five elevations within the MSE abutment during and after bridge construction: (a) z =
0.1 m (0.3 ft), (b) z = 1.3 m (4.3 ft), (c) z = 2.5 m (8.2 ft), (d) z = 3.7 m (12.1 ft), and (e) z = 4.9 m (16.1 ft).
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Figure 4.4 Depth profiles of the vertical stresses within the MSE abutment during and after bridge construction: (a) x = 0.3 m
1ft),G)x=12m 4 ft), (c) x =24 m (8 ft), (d) x = 4.0 m (13 ft), (e) x = 5.5 m (18 ft), and (f) x = 7.0 m (23 ft).

bridge was constructed and opened to traffic (stage 11).
The fluctuations in the vertical stress measurements
at the base of the leveling pad after bridge construc-
tion may be attributed in part to some load redistribu-
tion due to the load-unload cycles caused by traffic
along with changes in temperature and precipitation
cycles.

Figure 4.4 shows the depth profiles of the vertical
stresses measured by the pressure cells within the MSE
abutment for the following stages: end of construction
of the MSE wall (stage 5), end of bridge construction
(stage 10), 4 months after the bridge was opened to
traffic (stage 12) (prior to the live load test), and during
the live load test. Figure 4.4a shows that the vertical
stresses measured just behind the wall facing [x = 0.3 m
(1 ft)] are smaller than those calculated based on the
backfill self-weight yz, possibly due to arching effects
(as discussed in Chapter 3); however, for x > 1.2 m
(4 ft), the vertical stresses measured at different eleva-
tions within the MSE abutment compare well with
those calculated based on yz for both stage 5 and stage
10 (Figure 4.4b—f). From Figure 4.4b, we see that the
vertical stresses measured below the centerline of the
pile cap [x = 1.2 m (4 ft)] increased by 12-16 kPa (251
334 psf) after the bridge was constructed on top of the
MSE wall; this is likely due to the resistance provided
by the fill material below the pile cap to the load

applied on the cap by the bridge superstructure, as
discussed previously. Given that the total cross-
sectional area of the 19 H-piles [= 0.26 m? (2.84 ft?)]
corresponds to only 0.5% of the entire base area of the
pile cap [= 50.2 m? (540 ft?)], the remaining 99.5% of
the base area of the pile cap is supported by the fill
material below the cap; this partly explains the 12-16
kPa (251-334 psf) increase in vertical stress measured
by the column of pressure cells below the pile cap. The
vertical stresses measured by the pressure cells within
the MSE abutment were generally constant during the
period of time from the end of bridge construction up
to 4 months after the bridge was opened to traffic; the
stresses increased by about 5-9 kPa (104-188 psf)
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during the live load test compared to those measured

before the test.

The vertical stress o, » measured by the pressure
cell at the base of the leveling pad and the vertical stress
o,lip,c calculated at the base of the leveling pad based on
the self-weight of the wall facing are plotted in Figure
4.5a, while the ratio of these two quantities is shown in
Figure 4.5b for different stages during and after bridge
construction (note that stage 11 in the figure corre-
sponds to the opening of the bridge to traffic). From
Figure 4.5a, we see that the vertical stress measured at
the base of the leveling pad is consistently greater than
that calculated based on the self-weight of the wall
facing both during and after construction of the MSE
bridge abutment. For example, the vertical stress
measured at the base of the leveling pad increased
from 19 kPa (397 psf) at the end of stage 1 to 190 kPa
(3,968 psf) at stage 5, and, finally, to 255 kPa (5,326 psf)
after the bridge was constructed and opened to traffic
(stage 11). In contrast, the vertical stress at the base of

the leveling pad due to the self-weight of the wall facing
increased from 12 kPa (251 psf) at the end of stage 1 to
80 kPa (1,671 psf) at the end of wall construction (stage
5) and remained constant at 80 kPa (1,671 psf)
thereafter. The vertical stress ratio at the end of wall
construction is equal to 2.4, increasing to a value of 3.2
after the bridge was constructed and opened to traffic.
These results highlight the importance of proper soil
compaction near the leveling pad along with the
selection of a suitable pad width and concrete grade
to ensure both the stability and serviceability of the
abutment throughout the service life of the bridge; this
is even more important for tall MSE abutment walls.
The vertical stress at the base of the leveling pad
increased by 7 kPa (146 psf) during the live load test
compared to that measured before the test.

Figure 4.6 shows the depth profiles of the lateral
stresses measured by the pressure cells on the back of
the wall facing and the distribution of the lateral earth
pressure coefficient K, for the following stages: end of
construction of the MSE wall (stage 5), end of bridge
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Figure 4.6 Distribution of (a) lateral stresses on the back of the wall facing, and (b) lateral earth pressure coefficient during and

after bridge construction.

construction (stage 10), 4 months after the bridge was
opened to traffic (stage 12) (prior to the live load test),
and during the live load test. The lateral earth pressure
coefficient was calculated by dividing the measured
lateral effective stresses by the vertical effective stresses
obtained based on the backfill self-weight yz, where z is
the distance from the base of the pile cap to the
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elevation of the pressure cell. It can be observed from
Figure 4.6a that (1) the lateral stresses on the back of
the wall facing increased by about 4-9 kPa (83-188 psf)
after the bridge was constructed on top of the MSE
wall, with the maximum increase in lateral stress
located at a depth of 3.1 m (10.2 ft) below the top of
the reinforced fill; (2) the lateral stresses were generally
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constant [with a maximum increase of about 1 kPa (21
psf)] during the period of time from the end of bridge
construction (stage 10) up to 4 months after the bridge
was opened to traffic (stage 12); and (3) the lateral
stresses on the back of the wall facing increased by
about 1-4 kPa (21-84 psf) during the live load test from
those measured before the test. According to FHWA
(2009a), the additional lateral stress on the back of the
wall facing (due to bridge construction) may decrease
linearly or non-linearly with increasing depth below the
top of the MSE wall. Based on the pressure cell data
obtained in this study, the maximum increase in lateral
stress on the back of the wall facing (due to bridge
construction) occurred not at the top of the wall, as
suggested by FHWA (2009a), but in the lower half of
the wall (i.e., at z/H = 0.62 for the Whitestown MSE
abutment), which is generally consistent with the
findings of Pierson (2008) and Huang et al. (2013)
based on field testing and numerical simulations of
laterally loaded piles behind MSE walls. Figure 4.6b
shows that the lateral earth pressure coefficient at the
end of wall construction (stage 5) ranges from 0.2 to
0.5, with higher values observed near the bottom of the
wall due to the passive resistance provided by the
compacted sandy soil placed in front of the wall during
construction. The lateral earth pressure coefficient
increased to values ranging from 0.3 to 0.6 after the
bridge was constructed on top of the MSE wall and
opened to traffic.

Based on the lateral stresses measured on the back of
the wall facing at the end of both wall construction (stage
5) and bridge construction (stage 10) and the assumption
that the angle of wall friction 6 has fully mobilized to its
value 0. at critical state, the critical-state interface shear
stress 7. along the back of the wall facing was calculated
following the procedure outlined in Chapter 3 and
plotted in Figure 4.7. If we integrate the shear stress
distribution for stage 10 across the height of the wall
facing (per unit length of wall), we obtain a total
vertical (downward) shear force F, of 48.2 kN (10.8
kips). Dividing the value of F; by the contact area of the
base of the leveling pad leads to a vertical stress of 158
kPa (3,301 psf), corresponding to 64% of the vertical
stress o,|ipm [= 247 kPa (5,154 psf)] measured at the
base of the leveling pad at the end of bridge construc-
tion. Given that the vertical stress at the base of the
leveling pad due to the self-weight of the wall facing is
80 kPa (1,671 psf) (corresponding to 33% of o,|i, m), the
remaining vertical stress [= 9 kPa (182 psf) (or 3% of
a,lip,m)] at the base of the leveling pad may be attributed
to the transfer of some reinforcement-facing connection
downdrag forces to the leveling pad, as illustrated by
Damians et al. (2013,2016).

4.3 Reinforcement Loads

Figure 4.8 shows the distribution of the reinforce-
ment tensile load 7 (in units of force per unit length of
wall in the longitudinal direction) for each of the four
levels of instrumented steel strips for the following
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Figure 4.7 Shear stress distribution along the back of the
wall facing at the end of wall construction (stage 5) and at the
end of bridge construction (stage 10).

stages: end of construction of the MSE wall (stage 5),
end of bridge construction (stage 10), 4 months after
the bridge was opened to traffic (stage 12) (prior to the
live load test), and during the live load test. From
Figure 4.8d, we see that the increase in the tensile load
in the first (bottommost) reinforcement level [at z = 4.6 m
(15.1 ft); z is the vertical distance from the base of the
pile cap to the reinforcement level of interest] after
bridge construction and opening to traffic is small
[= 0.2-1.0 kN/m (0.01-0.07 kips/ft)] compared to the
values measured at the end of wall construction. In
contrast, the tensile loads in the third and fifth
reinforcement levels [z = 3.1 m (10.2 ft) and 1.6 m
(5.25 ft)] after bridge construction and opening to
traffic increased by about 3—8 kIN/m (206548 1b/ft) and
2-6 kN/m (137-411 1b/ft), respectively, compared to
those measured at the end of wall construction (see
Figure 4.8b and Figure 4.8c). Figure 4.8a shows that
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the effect of bridge construction and live load test
operation on the reinforcement-panel connection load
Teon 18 more pronounced for the seventh reinforcement
level [located near the top of the wall (z = 0.1 m
(0.3 ft))], where the value of T, is approximately equal
to the maximum tensile load Ty, in the reinforcement
(measured below the centerline of the pile cap). This
observation highlights the importance of the reinforce-
ment-panel connection limit state check for internal
stability design of MSE bridge abutments, as noted by
AASHTO (2020).

Figure 4.9a shows that, for stage 10 (corresponding
to the end of bridge construction), the value of T,
increases from 3.8 kIN/m (260 1b/ft) near the top of the
wall [z = 0.1 m (0.3 ft)] to 9.6 kIN/m (658 1b/ft) at a
depth of 3.1 m (10.2 ft) and then decreases to 5.1 kN/m
(349 1b/ft) near the bottom of the wall [z = 4.6 m (15.1
ft)]. The distribution of T, for stage 10 is similar to
that of Ty, with values ranging from 4.1 kN/m (281 Ib/
ft) near the top of the wall to 21.8 kN/m (1,494 Ib/ft) at
a depth of 3.1 m (10.2 ft), and, finally, to 12.3 kN/m
(843 Ib/ft) near the bottom of the wall (Figure 4.9b).
The values of T.,, and Tna.x Were generally constant
during the period of time from the end of bridge
construction up to 4 months after the bridge was
opened to traffic. During the live load test, the values of
Teon and T« increased by a maximum of 0.9 kN/m (62
Ib/ft) [corresponding to the seventh (topmost) reinfor-
cement level] compared to those measured before the
test. The ratio T,.on/Tmax after bridge construction and
opening to traffic ranges from 0.40 to 0.95, with higher
values corresponding to reinforcement levels located
closer to the base of the pile cap.

The lateral earth pressure coefficient K, was back-
calculated from the reinforcement strain gauge data by
dividing the value of Ty,.x with yzs,, where s, is the
tributary vertical spacing of the reinforcement. Figure
4.9¢ shows that the value of K, is of the order of 0.5 to
0.6 after the bridge was constructed and opened to
traffic. These values are in good agreement with those
determined from the lateral stresses measured by the
pressure cells on the back of the wall facing Figure 4.6b,
except for the bottommost reinforcement level [z = 4.6
m (15.1 ft)], where the value of K, determined from the
reinforcement strain gauge data (= 0.20) is less than
that obtained from the pressure cell data (= 0.62). This
is because the lateral stresses acting on the back of the
bottommost facing panel are balanced in part by the
passive resistance provided by the compacted sandy soil
placed in front of it during bridge construction;
consequently, these stresses are not fully transferred
to the bottommost reinforcement level, resulting in the
mobilization of smaller tensile loads and K, values than
what would be expected in the absence of the passive
resistance.

4.4 Vertical and Lateral Displacements

Figure 4.10 shows the outward lateral displacement
profiles of the wall facing for the following stages: end

Lateral displacement (mm)
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Figure 4.10 Outward lateral displacement profiles of the wall
facing during and after bridge construction.

of construction of the MSE wall (stage 5), end of bridge
construction (stage 10), 4 months after the bridge was
opened to traffic (stage 12) (prior to the live load test),
and during the live load test. Most of the lateral
displacement of the wall facing occurred during
construction of the MSE wall. The maximum lateral
displacement of the wall facing, which was 10 mm (0.4
in.) at the end of wall construction, increased by a
maximum value of 2.1 mm (0.08 in.) at the end of
bridge construction. Based on the positions of the tilt
sensors along the inclinometer string, the maximum
lateral displacement of the wall facing [= 12.1 mm (0.48
in.)] at the end of bridge construction was located at a
depth of 2.8 m (9.2 ft) below the top of the reinforced
fill; this is close to the depth of 3.1 m (10.2 ft) where the
maximum tensile load Tp,.x [= 21.8 kN/m (1,494 1b/ft)]
was measured in the instrumented steel strips (see
Figure 4.9b). During the live load test, the lateral
displacement of the wall facing increased by a
maximum value of 0.8 mm (0.03 in.) compared to that
measured before the test; this occurred at a depth of 0.3
m (1 ft), which is near the elevation of the topmost
reinforcement level, where the largest increment in
tensile load [= 0.9 kN/m (62 Ib/ft)] was measured
during the test. Table 4.1 summarizes the values of the
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TABLE 4.1

Values of T.on, Tinax> and u/H for various stages during and after bridge construction

Stage 5 Stage 10 Four Months of Traffic Live Load Test
TCOI‘I Tmax uIH TCD“ Tmax uIH TCO“ Tmax uIH TCOH Tmax uIH
H (kN/m) (kN/m) (%) (kN/m) (kN/m) (%) (kNfm)  (kN/m) (%)  (kNfm)  (kN/m) (%)
0.02 1.1 1.9 0.024 3.8 4.1 0.046 4.0 4.2 0.049 4.8 5.1 0.067
0.32 4.1 7.9 0.138 6.8 12.7 0.169 7.9 13.5 0.189 8.6 14.2 0.201
0.62 6.7 15.3 0.184 9.6 21.8 0.225 10.5 23.0 0.244 10.8 232 0.251
0.92 5.9 11.7 0.034 5.1 12.3 0.041 4.8 12.7 0.049 4.9 12.7 0.050

Unit conversion: 1 kN/m = 68.5 1b/ft.
Note: z = depth of the instrumented steel strip below the pile cap, H = height of the reinforced fill (measured from the top of the leveling pad to
the base of the pile cap), T.on = tensile load in the reinforcement near the connection with the wall facing (in units of force per unit length of wall in
the longitudinal direction), 7i,.x = maximum tensile load in the reinforcement (in the same units as 7,,), and # = outward lateral displacement of
the wall facing. Stage 5 corresponds to the end of construction of the MSE wall (on 12/17/2021), while stage 10 corresponds to the end of

construction of the bridge (on 11/4/2022). The bridge was opened to traffic on 6/26/2023, and the live load test was performed on 10/30/2023.
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Figure 4.11 Vertical displacement profiles (displacements negative in the downward direction) of the MSE wall foundation

during and after bridge construction.

reinforcement-panel connection load T,.,,, the max-
imum reinforcement tensile load T,,x, and the normal-
ized lateral displacement u/H of the wall facing for
various stages during and after bridge construction,
where H is the height of the reinforced fill measured
from the top of the leveling pad to the base of the pile
cap [= 5 m (16.3 ft) for Bent 3 of the Whitestown
Parkway Bridge].

Figure 4.11 shows the vertical displacement profiles
of the MSE wall foundation for various stages during
and after bridge construction. The vertical displacement
w of the MSE wall foundation (below the leveling pad)
increased from 20 mm (0.8 in.) at the end of wall
construction (stage 5) to 26 mm (1.02 in.) at the end of
construction of the bridge on top of the MSE wall
(stage 10), 27.5 mm (1.08 in.) after 4 months of traffic
on the bridge (stage 12), and 27.7 mm (1.09 in.) during
the live load test. Given that the width B of the leveling
padis 1 ft (304.8 mm), the relative settlement w/B of the
leveling pad is equal to 6.5% at the end of wall
construction and 8.5% at the end of construction of the
Whitestown Parkway Bridge. For Bent 3 of the
Whitestown Parkway Bridge, the top soft clay layer
was excavated down to a depth of 1.5 m (5 ft) (based on
the SPT boring logs) and replaced with compacted
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Figure 4.12 Vertical stress at the base of the leveling pad
versus the settlement of the leveling pad for Bent 3 of the
Whitestown Parkway Bridge.
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Figure 4.13 Evolution of the horizontal and vertical joint gap width between facing panels during and after bridge construction.

sandy soil prior to the construction of the MSE
abutment. The high values of w/B observed for the
leveling pad may be attributed to the settlement of the
remaining 0.9 m of this layer, as evidenced by the low ¢,
values [= 0.3 MPa (3 tsf)] (see Figure 2.4) measured at
that depth from CPT soundings performed near the
location of the MSE wall. These results suggest that it
would be worthwhile considering using wider pads to
limit the relative settlement and to increase the factor
of safety of the leveling pad against bearing capacity
failure, particularly for cases where weak soil layers are
found near the base of the MSE wall foundation.

Based on the data obtained from the pressure cells
and the inclinometers used in this study, the vertical
stress at the base of the leveling pad can be related to
the corresponding settlement of the pad, as shown in
Figure 4.12. For Bent 3 of the Whitestown Parkway
Bridge, the secant modulus of subgrade reaction k, of
the leveling pad (calculated by taking the slope from the
origin to the point of interest on the trendline in Figure
4.12) is equal to 11,450 kPa/m (73 ksf/ft) for a pad
settlement of 12.7 mm (0.5 in.) and 9,150 kPa/m (58 ksf/
ft) for a pad settlement of 25.4 mm (1 in.), correspond-
ing to 20% degradation of the k, value.
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4.5 Joint Gap Width

Figure 4.13b and Figure 4.13c shows the evolution of
the vertical and horizontal joint gap width between
facing panels measured by the crackmeters during and
after bridge construction. Note that the initial vertical
and horizontal joint gap widths at the time of panel
installation were 19.05 mm (0.75 in.). From Figure
4.13c, we see that the horizontal joint gap width
measured by crackmeter CM-1 is equal to 16.4 mm
(0.65 in.) at the end of wall construction (stage 5),
decreasing to values equal to 14.7 mm (0.58 in.) near
the end of bridge construction (stage 10) and 14.3 mm
(0.56 in.) after the bridge has been opened to traffic.
By contrast, the horizontal joint gap width measured
by crackmeter CM-6, located 5 ft (1.5 m) above CM-1
(Figure 2.12a), is approximately 1-2 mm (0.04-0.08 in.)
greater than that measured by CM-1, with higher
values corresponding to the end of bridge construction
and while the bridge is in service.

From Figure 4.13b, we see that the values of vertical
joint gap width measured by crackmeters CM-2 and
CM-4 are consistent and close to each other both
during and after bridge construction; the corresponding
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values are 18.1 mm (0.71 in.) at the end of wall
construction (stage 5) and 16.1 mm (0.63 in.) after the
bridge was constructed and opened to traffic. By
contrast, the values of vertical joint gap width measured
by crackmeters CM-3 and CM-5 are greater than those
measured by CM-2 and CM-4, and the vertical joint
gap width measured by CM-3 is about 0.5-1.5 mm
(0.02-0.06 in.) greater than that measured by CM-5,
indicating some non-uniformity in gap closure for the
vertical joint along which CM-3 and CM-5 were
installed (Figure 2.12a).

The effect of temperature on the joint gap measure-
ments during the time period between the end of bridge
construction and the opening of the bridge to traffic can
be seen in Figure 4.13a. The values of the vertical and
horizontal joint gap width between the precast concrete
facing panels increased with decreasing temperature
due to the contraction of the facing panels and
decreased with increasing temperature due to the
expansion of the facing panels. In addition, Figure
4.13 shows that the effect of temperature on the joint
gap measurements is more pronounced for vertical
joints than horizontal joints; for example, as the
temperature decreased from 24°C (75°F) on August
10th, 2022, at 12:00 pm (corresponding to day 275 since
the beginning of construction of the MSE bridge
abutment) to 4°C (39°F) on January 29th, 2023, at
12:00 am (corresponding to day 446 since the beginning
of construction), the vertical joint gap width increased
by about 1.5 mm (0.06 in.), whereas the horizontal joint
gap width increased by 0.5 mm (0.02 in.). The tem-
perature measured by the thermistor in each crackmeter
was consistent across all crackmeters installed at the
panel joints, and thus only the average temperature
[averaged across the six crackmeters for each point in
time when data was collected (i.e., every 4 hours)] is
plotted in Figure 4.13a; the oscillations in the data
reflect the local day/night temperature variations
measured by the thermistors in the crackmeters. Both
the vertical and horizontal joint gap widths measured
by the crackmeters were practically constant and varied
by only + 0.1 mm (0.004 in.) during the live load test.

5. DCPT-BASED ESTIMATION OF MSE WALL
BEARING CAPACITY

5.1 DCPT Results for the Foundation Soil

Four dynamic cone penetration tests (DCPTs) were
performed on September 21st, 2021; DCPT-1 and
DCPT-2 were performed on either side of boring
SPT-1 along the shoulder of I-65, whereas DCPT-3
and DCPT-4 were performed on either side of boring
SPT-2 along the shoulder of Perry Worth Road (see
Figure 2.3 for the layout of the SPTs and CPTs
performed at the MSE wall location). The distances
between the DCPTs and the corresponding CPT
soundings (CPT-1 to CPT-4) ranged from 5-13 ft
(1.5-4.0 m). Figure 5.1 shows the depth profiles of the

cumulative DCPT blow count and penetration index
for each of the four DCPTs along with the corrected,
total cone resistance ¢, for each of the four CPTs. The
cumulative DCPT blow count for 0.3 m (12 in.) of
penetration ranges from 21 blows for DCPT-3 to 35
blows for DCPT-4, whereas for 0.6 m (24 in.) of
penetration, the cumulative DCPT blow count ranges
from 36 blows for DCPT-3 to 74 blows for DCPT-4.
The penetration index is of the order of 20-30 mm/blow
(0.8-1.2 in./blow) near the ground surface and generally
decreases to values ranging from 5-15 mm/blow
(0.2-0.6 in./blow) for penetration depths greater than
0.1 m (4 in.).

Based on the results of laboratory tests performed on
split-spoon soil samples collected from boring SPT-1 at
a depth of 1.0-2.5 ft (0.30-0.75 m) below the ground
surface, the soil layer through which DCPT-1 and
DCPT-2 were performed is classified as silty sand with
gravel (SM) according to the Unified Soil Classification
System (USCS) and A-2-4(0) according to AASHTO
(or “sandy loam” according to the description in the
SPT-1 boring log). It consists of 18% gravel, 55% sand,
20% silt, and 7% clay, with Dso = 0.55 mm, liquid limit
LL = 16%, and plasticity index PI = 3%. The peak in
cone resistance [= 18 MPa (376 ksf)] observed for CPT-
2 at a depth of 0.40-0.45 m (1.3-1.5 ft) may be attri-
buted to the presence of gravel-sized particles at that
depth; however, there is no corresponding drop in the
DCPT penetration index at that depth (Figure 5.1),
indicating some variability in layer thickness or
material composition across the 13-ft (4-m) distance
between CPT-2 and DCPT-2.

Based on the results of laboratory tests performed on
split-spoon soil samples collected from boring SPT-2 at
a depth of 1.0-2.5 ft (0.30-0.75 m) below the ground
surface, the soil layer through which DCPT-3 and
DCPT-4 were performed is classified as silty clay with
sand (CL) according to USCS and A-6(8) according to
AASHTO (or “clay loam” according to the description
in the SPT-2 boring log). It consists of 31% sand, 42%
silt, and 26% clay, with Dsy = 0.02 mm, LL = 36%,
and PI = 15%. Figure 5.1 shows that the cumulative
DCPT blow count for DCPT-4 is greater than that for
DCPT-3, which is consistent with the fact that the
corresponding cone resistance for CPT-4 is greater than
that for CPT-3. Table 5.1 summarizes the blow counts
obtained from each of the four DCPTs for 0-12 in.
(0-0.3 m), 12-24 in. (0.3-0.6 m), and 24-28 in. (0.6-0.7 m)
penetration depths along with the average cone resistance
obtained from each of the four CPTs within these depth
increments.

Figure 5.2 plots the normalized CPT cone resistance
versus the normalized DCPT penetration index based
on the data obtained from the four pairs of CPTs and
DCPTs performed in the foundation soil prior to wall
construction. The data points corresponding to the
peak in cone resistance observed for CPT-2 at a depth
of 0.40-0.45 m (1.3-1.5 ft) were considered to be
outliers and thus discarded from the plot. It can be
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Figure 5.1 Profiles of cumulative DCPT blow count, DCPT penetration index, and CPT cone resistance for the foundation soil
prior to wall construction.

Normalized CPT cone resistance ¢,/p,

150 _I |II ] LI I LI I L I L I LI I LI I LI I_
- O CPT-1/DCPT-1|
[ . O CPT-2/DCPT-2| ]
ol A CPT-3/DCPT-3| 7
[ & CPT-4/DCPT-4| 4
L 3 n=47
C R2=0.71
MF * -
60 ]
30 |
B A e =
- A" 55,
-I 11 I 11 I 11 I 11 I 1.1 I 1.1 I 11 I L1 I-

0
00 02 04 06 08 10 12 14 16

Normalized DCPT penetration index PI/PI ¢

Figure 5.2 Normalized CPT cone resistance versus normalized DCPT penetration index based on CPTs and DCPTs performed
in the foundation soil prior to wall construction.

TABLE 5.1

Values of DCPT blow count and CPT cone resistance for 0-12 in., 12-24 in., and 24-28 in. penetration depths in the foundation soil

DCPT Blow Count

CPT Cone Resistance (MPa) [ksf]

Penetration

Depth (in.) [m] DCPT-1 DCPT-2 DCPT-3 DCPT-4 CPT-1 CPT-2 CPT-3 CPT-4
0-12 [0.0-0.3] 27 29 21 35 4.3 190] 4.4 193] 2.9 [61] 7.7 [161]
12-24 [0.3-0.6] 24 33 15 39 6.7 [139] 13.5 [282] 4.1 [87] 10.4 [218]
24-28 [0.6-0.7] 9 17 3 6 7.4 [154] 10.0 [209] 1.8 [38] 4.3 [89]
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observed from Figure 5.2 that most of the 47 data
points fall within +30% of the best fit, which is
described by the following relationship:

( Pl )—0.77
Plref

where p 4 = reference stress (= 100 kPa or 1 tsf), Pl =
reference DCPT penetration index (= 25 mm or 1 in.
per blow), and the coefficient of determination R’ is
equal to 0.71. Equation 5.1 is applicable for the range
of stress levels and materials tested in this study (i.e., for
silty sand (A-2—-4) and silty clay (A-6) type of materials,
or, equivalently, for “sandy loam” and “clay loam” type
of materials, as reported in the SPT boring logs in
Indiana). Further research is needed, and additional
CPT and DCPT data need to be collected in different
soil profiles to improve this relationship.

4 _33

Eq. 5.1
Y (Eq. 5.1)

5.2 DCPT Results for Compacted B-Borrow Material

5.2.1 DCPTs Adjacent to CPT-5

Two DCPTs (DCPT-5 and DCPT-6) were performed
near the location of CPT-5 on November 1st, 2021,
after the top 5-ft (1.5-m) of foundation soil was exca-
vated and replaced with compacted B-borrow material
(see Figure 2.3 for the location in plan view of CPT-5).
Figure 5.3 shows the depth profiles of the cumulative
DCPT blow count and penetration index for DCPT-5
and DCPT-6 along with the cone resistance for CPT-5.
The results for both DCPT-5 and DCPT-6 are consis-
tent and close to each other. The penetration index is
equal to 16 + 1 mm/blow (0.63 + 0.04 in./blow) for
penetration depths ranging from 0.2-0.6 m (8-24 in.);

Cumulative DCPT blow count

Penetration index (mm/blow)

the corresponding average cone resistance for this
depth range is 2.4 MPa (50 ksf). Table 5.2 summarizes
the blow counts obtained from DCPT-5 and DCPT-6
for 0-12 in. (0-0.3 m) and 12-24 in. (0.3-0.6 m) pene-
tration depths along with the average cone resistance
obtained from CPT-5 within these depth increments.
Given the lack of confinement for the first 12 in. (0-0.3
m) of penetration (which may affect the DCPT and
CPT results within this zone), the ratio ¢./p. Npcp
was determined for the second 12 in. (0.3-0.6 m)
of penetration and found to be equal to 1.1, where p 4 =
reference stress (= 100 kPa or 1 tsf), and Npcp =
DCPT blow count.

5.2.2 DCPTs Adjacent to the Earth Pressure Cells

Figure 5.4 shows the layout of the 12 DCPTs
performed on November 10th, 2021, near the pressure
cells at the base of the MSE wall foundation. The
DCPTs were performed at a distance of 3.5 ft (1.1 m)
from the pressure cells and at distances of 8-23 ft (2.4—
7.0 m) behind the wall facing. Figure 5.5 shows the
depth profiles of the cumulative DCPT blow count and
penetration index for each of the 12 DCPTs. The
penetration index values for the DCPTs generally lie
within a range of 10-20 mm/blow (0.4-0.8 in./blow) for
penetration depths ranging from 0.3-0.7 m (12-28 in.).
Table 5.3 summarizes the blow counts obtained for
each of the 12 DCPTs for 0-12 in. (0-0.3 m), 12-24 in.
(0.3-0.6 m), and 24-28 in. (0.6-0.7 m) penetration
depths. For 0-12 in. (0-0.3 m) penetration, the mean
blow count (rounded to the nearest whole number) is
equal to 8, with a coefficient of variation (COV) of
16%. Similarly, the values of mean blow count and
COV for 12-24 in. (0.3-0.6 m) penetration are 25% and

Cone resistance (MPa)
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Figure 5.3 Profiles of cumulative DCPT blow count, DCPT penetration index,

material prior to wall construction.
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TABLE 5.2

Values of DCPT blow count and CPT cone resistance for 012 in. and 12-24 in. penetration depths in B-borrow material

DCPT Blow Count

Cone Resistance (MPa) [ksf]

Penetration Depth (in.) [m] DCPT-5 DCPT-6 CPT-5
0-12 [0.0-0.3] 10 9 1.93 [40]
12-24 [0.3-0.6] 19 22 2.24 [47]
r— Leveling Pad
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Figure 5.4 Plan view of the layout of the DCPTs performed adjacent to the earth pressure cells near the base of the MSE wall

foundation.

17%, while those for 24-28 in. (0.6-0.7 m) penetration
are 6 and 18%, respectively. These DCPT results cor-
respond to measured vertical stresses equal to 2yH at
the base of the leveling pad and approximately yH
along the base of the reinforced fill at the end of wall
construction, where y and H are the unit weight and
height of the reinforced fill material [~ 18.5 kN/m?®
(118 pcf) and 5 m (16.3 ft) for the Whitestown MSE
wall]. Note that the DCPTs were performed prior to
the placement and compaction of the reinforced fill
material.

48

5.3 Application of INDOT Construction Memorandum
15—08 to Estimate the Factored Bearing Resistance of the
Foundation Soil

Among the four DCPTs performed in the foundation
soil prior to wall construction, only DCPT-3 and
DCPT-4 are applicable because they correspond to
approximately the same elevation as that of the base of
the leveling pad (RL = 930.1 ft). In contrast, DCPT-1
and DCPT-2 were performed on the shoulder of I-65,
which is at a higher elevation (RL = 933.6 ft) than the
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base of the leveling pad (Figure 2.3). Referring to the
data obtained from DCPT-3, which resulted in smal-
ler blow counts than DCPT-4, we see that the blow
counts for 0-12 in. and 12-24 in. penetration depths are
equal to 21 and 15, respectively. Taking the average of
these two values yields a representative 12-in. DCPT
blow count of 18, which corresponds to a factored
bearing resistance of 6,600 psf (316 kPa) using the
chart in INDOT Construction Memorandum 15-08
(Table 1.2). The factored bearing resistance of 6,600
psf is greater than the factored bearing pressure
[= 5,100 psf (244 kPa)] at the base of the MSE wall
foundation specified in the contractor’s working
drawing for Bent 3 of the Whitestown Parkway
Bridge. In addition, the value of 6,600 psf is close to
the MSE wall factored bearing resistance of 7,000 psf
(335 kPa) from the geotechnical report [calculated using
s, = 2,100 psf (100 kPa) and N, = 5.14] and specified in
the contract document F7T Plans 1702146 for Contract
Services.

The zone of influence of the DCPT is of the order
of one to two cone diameters below the cone tip.
Therefore, the DCPT can only test whether the initial
1-2 ft (0.3-0.6 m) of material below the MSE wall
foundation is strong enough to support the wall, but if
the top layer is underlain by a layer of weak soil (e.g.,
soft clay), the DCPT cannot capture the low shear
strength of the weak layer. This should be kept in mind
when considering potential correlations between the
DCPT penetration index and the CPT cone resistance,
with the intent of estimating a representative undrained
shear strength s, to calculate the limit unit bearing capa-
city ¢,z of MSE wall foundations in fine-grained soils.
While the DCPT-based approach does not appropri-
ately characterize MSE wall foundation bearing
resistance (due to shallow measurement depth), it
could be used to ensure that soil layers at shallow
depth transfer the loads effectively from the MSE wall
foundation to deeper layers in the soil profile. Other in
situ tests can be used to assess the undrained shear
strength profile with depth to make an assessment of
the foundation soil bearing capacity. Note that addi-
tional limit states, including those related to MSE wall
serviceability and global stability, would need to be
checked separately from the bearing capacity limit
state.

If some portion of the weak foundation soil needs to
be excavated and replaced with B-borrow material,
performing a CPT as part of the initial site investigation
would be useful to properly identify the depth of
excavation required to remove weak foundation soils
because the CPT, unlike the SPT, provides continuous
profiling measurements with depth. The consistency of
the CPT results, in contrast to the variability of the SPT
data, would provide a reliable assurance of the type of
material that lies below the MSE wall foundation. The
following preliminary guidelines may be wused to
determine the required depth of excavation below the
MSE wall foundation based on SPT and CPT data.

® Excavate weak, fine-grained, surficial soil layers (soils
with Ngo < 10-15 or ¢, < 15-20 tsf; where Ngog =
corrected SPT blow count, and ¢, = corrected, total cone
resistance).

® For cases where weak soil layers exist near the ground
surface, a minimum depth of excavation of about 6-9B,
below the leveling pad (based on elasticity theory and the
2:1 stress distribution method) is suggested to minimize
potential issues related to the stability and settlement of
the leveling pad (Bj, is the width of the leveling pad).

The undrained shear strength s, can be obtained
from laboratory test results or calculated from ¢, using
Eq. 1.3. The factored bearing resistance of the MSE
wall foundation in fine-grained soil is then calculated in
accordance with AASHTO (2020) using the bearing
capacity equation (Eq. 1.14), with a representative
undrained shear strength determined within the depth
of influence of the MSE wall foundation (= 1B below
the base of the MSE wall); where B is the width of the
MSE wall foundation. The preliminary guidelines
provided in this section of the report can be refined
and improved as additional data is collected in the
context of MSE wall INDOT projects.

5.4 Estimation of Bearing Capacity of Leveling Pad in
B-Borrow Material

The top 5 ft (1.5 m) of clayey foundation soil was
excavated along the footprint of the reinforced fill and
replaced with compacted B-borrow material prior to
construction of the MSE wall. The 1-ft-(0.3-m)-wide
leveling pad was then constructed on top of the
compacted B-borrow material. Given the high vertical
stresses measured at the base of the leveling pad, it is of
interest to calculate the limit unit bearing capacity of
the leveling pad and compare this value with the
measured stresses. The limit unit bearing capacity ¢,
of the leveling pad can be calculated by following these
steps.

1.  The results of the 12 DCPTs performed in compacted
B-borrow material indicate that the mean DCPT blow
count for 0-12 in. (0-0.3 m) penetration is 8 blows.
According to Ganju et al. (2018), for a clean sand with
Cy = 3.0 and a 0-12 in. DCPT blow count of 8, the
relative compaction (RC) of the soil is estimated to be
97.5%. Assuming a specific gravity G, of 2.65, the
relative density Dg of the B-borrow material (e, =
0.41 and eax = 0.60) works out to be 81%, and, for an
in situ (placement) water content wc of 2.8%, the unit
weight y of the B-borrow material is calculated as 18.5
KN/m? (118 pcf).

2. The leveling pad can be idealized as a strip footing,
with a width-to-length B/L ratio approximately equal
to zero. Following Salgado (2022, p. 470), the
representative peak mean effective stress ¢’,,, below
the leveling pad is estimated to be 267 kPa (5,578 psf).

3.  Following Bolton (1986), for Dg = 81%, o', = 267
kPa (5,578 psf), and fitting parameters Q = 10 and
Ry = 1 (for clean silica sand), the relative dilatancy
index Iy is calculated as 2.57.

Joint Transportation Research Program Technical Report FHWA/IN/JTRP-2025/04 49



Cumulative DCPT blow count

Penetration index (mm/blow)

0 10 20 30 40 500 20 40 60 80 100
0.0—IIIIIIIIIIIIIIIIIIIIIIII_ _IIIIIIIIIIIIIIIIIII_
! ——DCPT-1 | { | i
r ——DCPT2 |] [ ]
0.1k ——DCPT-3 [ | st |
——DCPT+4 | 1 1
I — —DCPT-5 | ] [ Z
ol — —DCPT-6 | - .
0.2 — —DCPT-7 | [ ]
~ — —DCPT-8 (4 }
E C ~=-=-=DCPT9 |7 [ i
S 03| ----DCPT-10|] [ ]
= r ----DCPT-11{ ] [ ]
£ - ----DCPT-12| ] [ . ——DCPT-1 | ]
= | s  |——DCPT-22 | -
5 04 1 ¢ ——DCPT-3 |]
= 1L ——DCPT4 | ]
- 1r — —DCPT-5 | 1
05 4 F — —DCPT-6 | ]
: — —DCPT-7 | -
1 C — —DCPT-8 | ]
. - ---DCPT-9 | -
0.6 10 - - ~-DCPT-10|]
1L - - -=-DCPT-11
1t “»  |----DCPT-12| 1

0.7

Figure 5.5 Profiles of cumulative DCPT blow count and penetration index for the B-borrow material below the pressure cells.

TABLE 5.3
Values of DCPT blow count for 0—12 in., 12-24 in., and 24-28 in.
penetration depths in the B-borrow material below the pressure

cells
Penetration Depth (in.) [m]
DCPT 0-12 [0.0-0.3] 12-24 [0.3-0.6] 24-28 [0.6-0.7]
DCPT-1 7 23 5
DCPT-2 7 26 7
DCPT-3 8 31 8
DCPT-4 6 21 7
DCPT-5 8 22 5
DCPT-6 8 25 5
DCPT-7 9 32 6
DCPT-8 7 21 7
DCPT-9 9 24 5
DCPT-10 9 29 7
DCPT-11 10 26 6
DCPT-12 6 18 4
Mean 8 25 6
COV (%) 16 17 18
4. The critical-state friction angle ¢.ps of B-borrow
material in direct shear is assumed to be 31.9° (the
same value as that of the reinforced fill material).
However, plane-strain conditions are in effect below
the leveling pad. Given that the critical-state friction
angle ¢ xc of sand in triaxial compression is typically
50

1° less than that in direct shear (Han et al., 2018), and
the fact that the critical-state friction angle ¢.ps of
sand for plane-strain conditions is generally 3°-5°
greater than that in triaxial compression (Chakraborty
& Salgado, 2010; Loukidis & Salgado, 2009b; Pradhan
et al., 1988; Sutherland & Mesdary, 1969), a con-
servative (lower-bound) estimate for the value of ¢, ps
for B-borrow material is 33.9°. The representative
peak friction angle ¢, and peak dilatancy angle v, of
the B-borrow material are then calculated as 46.7°
(Bolton, 1986) and 16.1° (Schanz & Vermeer, 1996).
Following Loukidis and Salgado (2009a), the bearing
capacity factors NV, and N, considering flow rule non-
associativity are calculated as 109 and 205, respec-
tively.

The unfactored limit unit bearing capacity ¢,; of the
1-ft-(0.3-m)-wide leveling pad is then estimated to be
577 kPa (12,059 psf). Given that the vertical stress
measured at the base of the leveling pad is 190 kPa
(3,968 psf) at the end of wall construction, the factor of
safety of the leveling pad against bearing capacity
failure is equal to 3.0 for the Whitestown MSE wall.
After the bridge was constructed on top of the MSE
wall and opened to traffic, the factor of safety
decreased to a value of 2.3 due to a 65-kPa (1,358-
psf) increase in vertical stress measured at the base of
the leveling pad.

Further research is needed to develop a suitable
resistance factor for estimation of the factored limit
unit bearing capacity of the leveling pad using the
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Figure 5.6 Estimation of unfactored (limit) bearing resistance of the leveling pad in B-borrow material based on the DCPT blow

count.

TABLE 54

Values of unfactored (limit) bearing resistance of the leveling pad in B-borrow material based on the DCPT blow count

Unfactored Bearing Resistance (psf)

DCPT Blow Count (0-12 in. penetration) By, =1ft By, =21t
7.0 5,000 8,000
7.5 8,000 11,500
8.0 12,000 16,500
8.5 18,000 24,000
9.0 27,000 34,000

Note: By, = width of the leveling pad. A representative DCPT blow count calculated based on the results of multiple DCPTs performed along the

leveling pad footprint is recommended.

above procedure. However, for illustration, if we use
the resistance factor (= 0.65) recommended by
AASHTO (2020) for the MSE wall foundation bearing
capacity limit state, the factored bearing resistance of
the leveling pad is equal to 375 kPa (7,838 psf), which
exceeds the factored bearing pressure [= 244 kPa
(5,100 psf)] at the base of the MSE wall foundation
specified in the contractor’s working drawing.

Figure 5.6 shows the unfactored (limit) bearing
resistance of the leveling pad in B-borrow material
(calculated using the above procedure) versus the 0—12
in. (0-0.3 m) DCPT blow count for pad widths B,
equal to 1 ft (0.3 m) and 2 ft (0.6 m). For simplicity, the

effects of embedment depth and load inclination/
eccentricity were not considered in the bearing capacity
calculations for the leveling pad. AASHTO (2020) does
not provide a procedure to calculate the bearing
capacity of the leveling pad, instead bearing capacity
calculations are prescribed for the entire width of the
MSE wall (taken as equal to the length of the
reinforcement). However, AASHTO (2020) specifies a
minimum embedment depth for the leveling pad to
“preclude local bearing resistance failure under the
leveling pad due to the high vertical stresses transmitted
by the facing.” The embedment depth is measured from
the top of the finished grade in front of the wall to the
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top of the leveling pad. According to AASHTO (2020),
the minimum embedment depth of the leveling pad is
equal to 0.05H for MSE walls and 0.1H for MSE
abutments constructed on level ground, where H is the
wall height (measured from the top of the leveling pad
to the top of the wall). For the Whitestown MSE
abutment, the depth of embedment of the leveling pad
is approximately 2.5 ft (0.75 m), corresponding to a
value of 0.13H. Additional considerations for the
minimum embedment depth of the leveling pad based
on scour, frost penetration, and construction on sloping
ground are given in AASHTO (2020).

Table 5.4 summarizes the values of the unfactored
(limit) bearing resistance of the leveling pad in B-borrow
material based on the DCPT blow count. A minimum
of eight DCPTs performed along the footprint of the
leveling pad is suggested to obtain a representative 0—12
in. DCPT blow count. Further research is needed to
validate the preliminary procedure used in this study to
estimate the unfactored (limit) bearing resistance of the
leveling pad in compacted B-borrow material based
on the 0-12 in. DCPT blow count. Also, as mentioned
previously, further research is needed to develop a
suitable resistance factor for estimation of the factored
bearing resistance of the leveling pad using this pro-
cedure. The resulting factored bearing resistance of the
leveling pad should exceed the factored bearing pressure
at the base of the MSE wall foundation specified in the
contractor’s working drawing.

6. SUMMARY AND CONCLUSIONS

This report presented the results of a comprehensive
study of the performance of a steel strip-reinforced,
mixed MSE abutment wall in Whitestown, Indiana,
USA, during construction and while in service. The
MSE abutment was instrumented with an array of
sensors to measure and obtain several quantities of
interest, such as the dead and live loads carried by the
piles and pile cap, the vertical stresses at the base of the
leveling pad and within the reinforced fill, the lateral
stresses behind the wall facing, the tensile loads in the
reinforcements, and the vertical and lateral displace-
ments of the MSE wall. The data collected from the
sensors were compared with predictions obtained from
MSE wall design methods specified in AASHTO (2020)
as well as other methods available in the literature.
A live load test was performed by parking twelve triaxle
trucks at different locations along the approach to the
instrumented MSE abutment as well as on the bridge
deck near the abutment. Based on the results of this
study, we can draw the following conclusions.

1.  The vertical stresses measured at the base of the 1-ft-
(0.3-m)-wide leveling pad are greater than those
calculated based on the self-weight of the wall facing
both during and after wall construction. The ratio of
these quantities increased from 1.6 at stage 1 of wall
construction to 2.4 at the end of wall construction
(stage 5), and, subsequently, to 3.2 after the bridge was
constructed and opened to traffic (stage 11). The

additional vertical stress transferred to the leveling pad
are attributed mainly to the downward shear stresses
mobilized along the facing-soil interface and possibly
some downdrag forces at the reinforcement-panel
connections. These additional stresses should be
considered in bearing capacity calculations. Settle-
ment calculations should also be performed to ensure
that tolerable settlement values are not exceeded,
particularly if weak soil layers exist at shallow depths
below the B-borrow material. To address these
concerns, consideration should be given to increasing
the width of the leveling pad for MSE walls (this is
even more important for walls taller than the one
instrumented in this study). For the Whitestown MSE
abutment wall, the factor of safety for the leveling pad
against bearing capacity failure was estimated to be 3.0
at the end of wall construction and 2.3 after the bridge
was constructed and opened to traffic.

Based on the data obtained from the three instrumen-
ted piles and the instrumented zone of the pile cap
around these piles, the piles carried about 90% of the
dead load from the superstructure during bridge
construction, while the remaining 10% was carried
by the fill material in contact with the pile cap. At the
end of bridge construction, the piles carried about 92%
[= 1,316 kN (296 kips)] of the dead load [= 1,430 kN
(322 kips)] from the bridge superstructure, resulting in
a mobilized cap resistance equal to 8% [= 114 kN
(26 kips)] of the superstructure load (the cap resis-
tance decreased to 6% after 4 months of traffic on the
bridge). Assuming no contribution from cap resistance
(as is typically done in MSE abutment design), the
average dead load per pile, based on the data obtained
for the three instrumented piles, is 477 kN (107 kips) at
the end of bridge construction. This value is in good
agreement with the unfactored dead load of 456 kN
(103 kips) per pile used in the design of Bent 3 of the
Whitestown Parkway Bridge. During the live load test,
approximately 91% of the live load in the instrumented
zone of the pile cap was carried by the three
instrumented piles, while the remaining 9% of the live
load was carried by the fill material in contact with the
pile cap.

The vertical stresses below the centerline of the pile cap
and the lateral stresses on the back of the wall facing
increased by 12-16 kPa (251-334 psf) and 4-9 kPa
(83-188 psf) at the end of bridge construction com-
pared to those measured at the end of construction of
the MSE wall. Both the vertical and lateral stresses
were generally constant during the period of time from
the end of bridge construction up to 4 months after the
bridge was opened to traffic. During the live load test,
the vertical stresses measured by the pressure cells
within the MSE abutment increased by 5-9 kPa (104—
188 psf) compared to those measured before the test,
whereas the lateral stresses on the back of the wall
facing increased by 1-4 kPa (21-84 psf). The lateral
earth pressure coefficient K, at the end of wall con-
struction ranged from 0.2 to 0.5 (with higher values
observed near the bottom of the wall); K, increased to
values ranging from 0.3 to 0.6 after the bridge was
constructed and opened to traffic.

The values of K, back-calculated from the reinforce-
ment strain gauge data were in good agreement with
those determined from the lateral stresses measured by
the pressure cells on the back of the wall facing, except
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for the bottommost reinforcement level, where K, from
the strain gauge data was smaller than that obtained
from the pressure cell data, both during and after
bridge construction. The coherent gravity method and
the simplified method underpredict the lateral stresses
measured on the back of the bottommost facing panel
due to the passive resistance provided by the com-
pacted sandy soil placed in front of it during wall
construction.

5. At the end of wall construction, the ratio of the tensile
load T.on near the reinforcement-panel connection to
the maximum tensile load T,.x in the reinforcement is
in the range of 0.4 to 0.6. However, after the bridge
was constructed and opened to traffic, the ratio T,on/
Tmax ranged from 0.4 to 0.95, with higher values
corresponding to reinforcement levels located closer to
the base of the pile cap. This observation supports the
AASHTO (2020) recommendation of performing the
reinforcement-panel connection limit state check with
Teon/ Tmax = 1.0 for internal stability design of MSE
bridge abutments.

6.  The coherent gravity method, the simplified method,
and the simplified stiffness method are sensitive to the
value of the backfill soil peak friction angle ¢, used
to calculate T,,.x at the end of wall construction.
For ¢, = 40°, the simplified stiffness method provides
the best estimate of T,,.,x for the four instrumented
levels of steel strips considered in this study, whereas
for ¢, = 34°, the methods generally overpredict the
maximum reinforcement tensile loads at the end of
wall construction. Note that these methods have been
calibrated specifically for MSE walls at the end of wall
construction, i.e., under initial operational conditions.
For the Whitestown MSE abutment wall, the value of
Tmax increased by about 3%—5% during the period
of time from the end of bridge construction up to
4 months after the bridge was opened to traffic.
Because the contribution of dilatancy towards soil
shear strength may progressively degrade during the
service life of the MSE abutment wall due to traffic
and other events (e.g., earthquakes and rainstorms),
the critical-state friction angle ¢. of the backfill soil
could be the most appropriate value of friction angle
to use in MSE abutment wall design.

7.  Most of the lateral displacement of the wall facing
occurred during construction of the MSE wall. The
maximum lateral displacement of the wall facing was
10 mm (0.4 in.) at the end of wall construction, and it
increased by a maximum value of 2.1 mm (0.08 in.) at
the end of bridge construction. Based on the positions
of the tilt sensors along the inclinometer string, the
maximum lateral displacement of the wall facing [=
12.1 mm (0.48 in.)] at the end of bridge construction
occurred at a depth of 2.8 m (9.2 ft) below the top of
the reinforced fill; this is close to the depth where the
maximum tensile load Ty, [= 21.8 kN/m (1,494 1b/ft)]
was measured in the instrumented steel strips. During
the live load test, the lateral displacement of the wall
facing increased by a maximum value of 0.8 mm (0.03
in.) compared to that measured before the test; this
occurred at a depth of 0.3 m (1 ft), which is near the
elevation of the topmost reinforcement level, where the
largest increment in tensile load [= 0.9 kN/m (62 1b/ft)]
was measured during the test.

8. The vertical displacement w of the MSE wall founda-
tion (below the leveling pad) increased from 20 mm

(0.8 in.) at the end of wall construction to 26 mm (1.02
in.) at the end of bridge construction; no significant
change in pad settlement was observed during the live
load test. The relative settlement w/B of the leveling
pad was 6.5% at the end of wall construction and 8.5%
at the end of bridge construction. The value of the
secant modulus of subgrade reaction of the leveling
pad decreased by 20%, from 11,450 kPa/m (73 ksf/ft)
for a pad settlement of 12.7 mm (0.5 in.) to 9,150 kPa/
m (58 ksf/ft) for a pad settlement of 25.4 mm (1 in.).

9.  The results of the DCPTs performed in the foundation
soil prior to wall construction show that the factored
bearing resistance [= 6,600 psf (316 kPa)] obtained
using the chart in INDOT Construction Memorandum
15-08 is greater than the factored bearing pressure
[= 5,100 psf (244 kPa)] at the base of the MSE
wall foundation specified in the contractor’s working
drawing. In addition, the value of 6,600 psf (316 kPa)
is close to the MSE wall factored bearing resistance of
7,000 psf (335 kPa) derived from the geotechnical
report (based on the bearing capacity equation) and
specified in the project contract documents.

10. The results of the DCPTs performed in compacted B-
borrow material near the pressure cells at the base of
the MSE wall foundation show that the mean DCPT
blow count values for 0-12 in. (0-0.3 m), 12-24 in.
(0.3-0.6 m), and 24-28 in. (0.6-0.7 m) penetration
depths are equal to 8, 25, and 6, respectively. These
blow counts correspond to measured vertical stresses
equal to 2yH at the base of the leveling pad and
approximately yH along the base of the reinforced fill
at the end of construction of 16 ft (5 m) of reinforced
fill material.

The results obtained in this study could be used as a
practical reference for acceptable performance of MSE
abutment walls of similar heights constructed in similar
soil profiles in Indiana. Additional CPT, DCPT, and
plate load tests performed in test pads of compacted B-
borrow material as well as in different foundation soil
profiles in Indiana along with long-term monitoring of
instrumented MSE walls constructed with different
heights would be desirable to expand the applicability
of the findings of this study. The corners of an MSE
wall, where the abutment wall meets the wing wall,
could be considered for instrumentation to investigate
the possibility of wall distress that may occur at these
critical locations. In addition, pressure cells could be
installed on the front face of the bottommost facing
panel to measure the passive resistance provided by the
soil placed in front of it both during and after wall
construction.
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