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PREFACE

The investigation with interpretation as described
in this report was sponsored by the U.S. Department of
Transportation, Federal Highway Administration, under
contract No. DOT-FH-11-8311 covering the period March 28,
1974 through March 31, 1976.

The general investigation called for in this contract
is under the supervision and technical responsibility of

Professor Bruce M. Douglas who acts as principal investigator.
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I. INTRODUCTION

Many highway bridge structures of various types were
damaged during the 1971 San Fernando earthquake (17, 11). As
a result of the damage that occurred, it became apparent that
the seismic design criteria for bridges needed immediate
review, and that new research studies of the dynamic perfor-
mance of bridge structures during earthquakes were necessary.
A worldwide literature search of the subject was initiated,
and a complete bibliography of seismic effects on bridges
was developed (16). Subsequently, Tseng and Penzien (27),
and Chen and Penzien (7) have analytically examined the response
of bridges representative of those structures damaged during
the San Fernando earthquake. They have included linear and
nonlinear behavior in their analytical models, as well as
soil-structure interaction effects. Godden (12) is conducting
sophisticated nonlinear model analyses of one of the long-span
bridges which collapsed during the San Fernando event, and one
for which a comphrehensive analytical model has been developed
(27) . |

With regard to dynamic testing of the lateral dynamic
behavior of existing bridges, the Japanese (16) have done
most of the previous work. Shepherd and Sidwell (20) and
Shepherd and Charleson (19) have performed resodonance tests
using steady-state sinusoidal excitation on several concrete
bridges in New Zealand.

The experimental objectives of this study were to




determine the linear lateral dynamic properties of a continu-
ous composite girder bridge by using quick-release pullback
testing and the vertical dynamic properties by using the ran-
dom traffic induced vertical motions. The main thrust of

the work was to obtain the lateral properties, but because
of the relative ease with which the additional vertical
motion data could be obtained, the vertical motion study was
appended.

The analytical objectives of the study were to compare
the experimentally determined dynamic properties with those
obtained from a linear analytical model. After the differ-
ences between the analytical model and the experimental data
were resolved, the final objective was to use the linear an-
alytical model to compute the earthquake dynamic response of
the structure. The input earthquake accelerograms selected
were chosen to represent the frequently occurring ground
shaking for which the structure could be expected to respond

in the linear range.



IT. RAMP 13

A. DESCRIPTION

The structure chosen for this study was the Ramp 13
bridge structure in the interchange complex at the inter-
section of US 395 and I-80. The structure is illustrated in
Fig. 1 and a plan and elevation are shown in Fig. 2. It
carries one lane of traffic, and is the access ramp to US 395
south for eastbound traffic on I-80.

The structure is a six span continuous composite
steel and concrete girder bridge supported on concrete piers
and abutments. The overall length of the bridge is four
hundred and fifty feet, and the total width is twenty-six
feet. The reinforced concrete deck rests on three continu-
ous steel plate girders spaced 9.68 feet apart. The ultimate
strength specified for the deck concrete was 4000 psi.
Because of the presence of a number of flange plates having
different thicknesses at the top and bottom of each steel
girder in each span, the composite deck is quite nonpris-
matic with respect to bending caused by vertical loads. In
addition, the steel shear connectors which act at the inter-
face of the steel girder and the concrete deck are spaced to
achieve full composite action in the regions of positive
moment. In the negative moment regions over the pier
supports, the shear connectors are spaced at two foot inter-

vals. This wide spacing is used at the ends of all interior
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spans for a distance approximately equal to fifteen percent
of the span lengths.

Lateral loads are transferred from the deck to the
piers and abutments by diaphram frames at each abutment and
pier. These frames are formed by welding one inch thick
bearing stiffeners to each side of the girder web plates.

The frame is formed by bolting a 15 inch steel channel
section between the interior bearing stiffeners. The bolted
connections were of the friction type and have only a nominal
moment resisting capacity. These diaphrams can be seen over
the piers in Fig. 1.

The piers are reinforced concrete frames consisting
of a horizontal pier cap rectangular in section supported by
two circular columns. Each column is supported by an individ-
ual spread footing. The allowable bearing values for the
spread footings was 6000 psf and the ultimate strength of the
pier concrete was specified as 3000 psi. The center line
dimensions for the pier frames are listed in Table 5.

The piers are numbered consecutively from south to
north, and piers 1, 2 and 5 have three foot diameter columns
while piers 3 and 4 have 3.5 foot diameter columns. The
deck is rigidly connected to piers 3 and 4 by fixed bearings
and at the remaining piers and abutments each girder is

supported by a 12 inch high rocker which is 2.5 inches thick
'and 18 inches wide. This allows all of the thermal expansion

and contraction to take place relative to piers 3 and 4. The



clearance between the end of deck and the abutment walls is

on the order of four inches in the summer. This means that

all of the longitudinal loads caused by earthquakes are carried
in cantilever action by the columns at piers 3 and 4 only until
such time as the end of the deck comes in contact with the
abutment walls.

In contrast, the lateral earthquake loads acting on the
structure are carried out through all five piers and the two
end abutments.

One final feature must be mentioned because its presence
had an effect upon the experimental results. In the plan
view shown in Fig. 2, a connecting median strip between Ramp
13 and the US 395 overcrossing structure can be observed to
extend about 135 feet from the south end of these structures.
This median is structurally connected to the deck of the US
395 structure and it rests on the Ramp 13 deck spearated by
a tar paper bond breaker.

For larger displacements this median would allow rela-
tive motions to occur between the structures, but for the
smaller displacements associated with thils testing program,

the presence of the median strip affected the results.

B. EARTHQUAKE INSTRUMENTATION

Since 1972, Ramp 13 has been instrumented with strong
motion accelerographs. The instrumentation program has been
sponsored by the Federal Highway Administration. Four trig-

gered film recording accelerographs are in interconnected



operation. One of the accelerographs is located on a slab
on grade in the storage shed (Fig. 1) under the bridge between
piers 1 and 2. The purpose of this instrument is to record
the input ground motion to the structure. Another instrument
is located at the north abutment and records the motion of
the north abutment wall. The remaining two accelerographs
record the structural response at piers 3 and 4 where the deck
is rigidly fixed to the piers.

In additioh to the four accelerographs four seismoscopes
are in operation. A reference seismoscope is located with
the accelerograph on grade in the storage shed. Another is
located 300 feet north of the reference seismoscope at the
foot of the north abutment. The remaining two seismoscopes
are located 800 feet and 1300 feet away on roughly the north-
south line through the reference seismoscope. It is hoped that
the seismoscopes can be used to identify possible differences

in ground motion with respect to the base station.



ITI. EXPERIMENTAL ANALYSIS

A. DATA ACQUISITION

1. General. A number of experimental dynamic analyses
of building Structures have been made using their ambient
vibrations caused by wind or other random causes (3, 21, 24,
13, 22 ). The general procedures for data acquisition and
analysis used in this study were taken from these references.
Lateral ambient vibrations were not used in this case, be-
cause these vibration amplitudes were too small (less than
.001 g acceleration) to be accomodated by the available
equipment. It was for this reason that quick-release pull
testing was considered as a means of exciting vibrations
large enough to be recorded on the equipment at hand. In
addition, when ambient vibrations are used, it is more
difficult to produce reliable estimates of the structural

damping ratios (24, 22, 14);

b

but with quick-release pull
testing it is a relatively simple matter to obtain modal
damping estimates (15).

2. Excitation. To induce lateral vibrations having

amplitudes large enough to be useful, the D-8 Caterpillar
tractor shown in Fig. 3 was used to pull a 3/4 inch wire
rope attached to the drawbar of the tractor and one of the
piers of the bridge. The desired cable tensions were achieved
to within 1000 pounds by simply using the lowest gear ratio

and having the tractor crawl up to the desired load level.
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Fig. 3 D-8 Tractor Used

For Pulling Loading Cable

Fig. 4 Mechanical Quick-Release and Load Cell
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A loading frame was fabricated from structural angle
sections for purposes of securing the cable to the bridge
piers. It was made to enclose the 12 by 24 inch steel masonry
plate beneath the outside steel girder at the piers, and was
designed for ease of movement from one pier to another. This
frame was also designed with an extension so that the cable
contact point was two inches away from the edge of the hori-
zontal concrete pier cap. The two inch clearance was adequate
to prevent damage to the wire rope and scarring of the con-
crete pier.

To achieve quick-release of the wire rope cable, a
mechanical quick-release and load cell was designed and thor-
oughly tested in a universal testing machine up to loads of
22 kips. This device is shown in Fig. 4 and consists of a
cable grip formed by slots cut into the outer frame and a
mating slot cut in to the central wheel. When the mechanism
is in use, the cable grip is slightly eccentric with respect
to the tension axis. The slot on the wheel provides the
release mechanism and it is triggered by a lever system having
a mechanical advantage of 25 to 1 which releases a catch on
the wheel. The load cell used was simply a short steel eye-
bar with a pair of electric resistance strain gages mounted
to minimize possible eccentricities occurring during use
(left side of Fig. 4). To prevent the released cable from
unsafe flinging after quick-release, restrainer cables were

attached to the release mechanism and the free cable end.

11



The action of this restrainer cable may be seen in Fig. 3,
which shows the loading cable the instant after it was re-
leased.

In the vertical motion portion of the study (10)
only traffic induced motions were used.

3. Instrumentation and Experimental Procedures. Four

Kistler force balance (305A-515) accelerometers were used to
measure the bridge vibrations. The accelerometer signals
were recorded at a central location on an Ampex (SP 700) four
channel FM tape recorder without signal conditioning. Prior
to electronic digitization of the acceleration data, it was
filtered with a low pass filter having a 20 hz corner.

Acceleration data was taken at stations on the con-
Ccrete barrier rail which was cast after the deck concrete
had cured. The rail and deck act as an integral unit due to
bond and the presence of reinforcement. The accelerometer
stations were laid out at 10 foot intervals relative to the
centerline of pier 3, and were numbered consecutively from
south to north with the station at the centerline of pier 3
being station number 23.

The basic experimental procedure was to locate one
of the accelerometers at a fixed reference station, and set
up the remaining transducers at three consecutive stations.
The cable was then loaded for quick-release. After the
vibration data was obtained, the three moving accelerometers

were set up at the next three stations leaving the reference

12



accelerometer in place. Quick-release vibration data was
again obtained in the new setup. This process was continued
until data had been obtained from all stations. Four sep-
arate sets of pull test data were used. Table 1 gives the
location of the reference station, recording stations used,
cable tensions, and pull point location for each test. Dur-
ing all of these experiments, the peak transverse acceler-
ations induced by quick release pull testing ranged between

0.5 to 1.0 percent of gravity.

Table 1. Data Sets Used in This Study

Data Reference Pull Cable Recording
Set Station Point Tension Stations
1 23 Pier 3 5k All at 10 ft. Spacing
2 23 Pier 2 5K Alternate at 20 ft.
Spacing
3 23 Pier 3 | 12X Alternate at 20 ft.
Spacing
4 23 Pier 2 12k Alternate at 20 ft.
Spacing

13




B. MODE SHAPES AND FREQUENCIES

1. Data Analysis. In order to extract natural fre-

quency and mode shape information from the experimental
accelerogram data, the Fourier transform was used. An
extensive analysis of the properties of the Fourier transform
may be found in the book by Bracewell (4), and a shorter sum-
mary of its salient characteristics has been presented by
Trifunac an%}waadia (5). A fast and efficient method of
computing the Fourier transform was developed by Cooley and
Tukey ( 8). Application of the Fourier transform in ambient
vibration studies for purposes of extracting frequency and
mode shape information from time series data obtained in
ambient vibration studies has been detailed by Trifunac (24)
and Benuska ( 3). For purposes of extracting mode shapes
and frequencies, the pull test data was analyzed by tech-
niques similar to those used in ambient vibration studies.
The four channels of FM recorded accelerogram data
was prepared for analysis by first applying an electronic
low pass filter with a 20 hz corner frequency. After re-
moving the high frequency noise, all four channels of data
were digitized simultaneously at a sample rate of 125
samples per second. Each digital record retained for
analysis was 8.2 seconds long containing 1024 points. All
of the pull test data indicated in Table 1 was processed
in this manner and stored on magnetic tape compatible with

the CDC-6400 digital computer.

14



For purposes of determining the natural frequencies
and mode shapes the Fourier amplitude spectra (Modulus of
Fourier transform) of each digital record was computed using
the Cooley-Tukey (8) algorithm. Finally, Hanning smoothing
using the weights (1/4, 1/2, 1/4) was applied to each spectral
ordinate. Hanning smoothing with these weights is equivalent
to using a cosine bell window in the time domain (5). A
phase spectrum was also calculated for each digital record.
Then, for each quick release setup indicated in Table 1, an
amplitude ratio spectrum was tabulated by dividing the
spectral ordinates obtained at the variable recording stations
by the spectrum obtained at the reference station, and a phase
difference spectrum was formed by subtracting the phase spec-
trum of the reference station from the phase spectrum obtained
at each variable recording station.

Natural frequencies were estimated from the direct
Fourier amplitude spectra, and mode shapes were extracted by
using the phase difference spectra for identifying the arith-
metic sign of the mode and the modal amplitudes were obtained
from the ratio spectra at the modal frequency.

2. Transverse Natural Frequencies. To identify the

transverse natural frequencies of Ramp 13, amplitude spectra
obtained at reference station 23 were used. From data set 1,
when the pull and release point was located at pier 3, twelve
amplitude spectra were averaged, and this result is shown as

the solid line in Fig. 5. In addition, six spectra from data

15
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set 2, with the pull and release point at pier 2, were
averaged resulting in the dashed curve shown in Fig. 5.
More samples were available in data set 1 because the station-
spacing used in that experiment was one half that used in
data set 2.

From Fig. 5 it is apparent that the frequency content
of the spectra varies depending upon the location of the
pull point, since the only difference between the two data
sets was pull point location. The amplitudes of the spectral
peaks would be expected to depend upon the initial configur-
ation of the structure which is controlled by the location

of the pull and release point, but the modal frequencies

should not be different because the initial configuration

from which the structure is released varies.

From the dashed curve in Fig. 5 it is clear that the
fundamental mode is clearly excited at 2.08 hz. In this
case, the pull point was at Pier 2. From the solid spectrum
in Fig. 5 with the pull point at Pier 3, it is clear that
there are two neighboring frequencies at 2.08 hz and 2.32 hz.
In the next section it will be shown that these frequencies
are related to two distinct transverse fundamental mode
shapes; and in the chapter on theoretical mode shapes it will
be shown that the presence of the 135 foot median strip on
the southern end of the bridge is the explanation of this
nonunique dynamic behavior. It is also clear from Fig. 5

that the higher modes also exhibit this multiple frequency

17



nonunique behavier, and that it is more pronounced when the
pull point is at pier 3 as compared to'pier 2.

The lowest frequency found for each of the first five
modes is tabulated in Table 2, and from Fig. 5 it can be
seen that peaks exist at these frequencies in the first,
second and fifth modes on both spectra. In the case of the
third and fourth modes, these frequencies are only clearly

identifiable in the dashed curve.

Table 2. Natural Frequencies

Mode 1 2 3 4 5

Frequency (hz) 2.08 3.42 6.10 8.18 10.86

3. Transverse Mode Shapes. A total of six distinct

transverse mode shapes were determined from the data and
are shown in Figs. 6-8. Additional shapes at higher fre-
quencies could have been presented, but they were not in-
cluded because only the lower modes are structurally signi.~
ficant when attempting to describe the earthquake response
of linear structural systems.

Two forms of the fundamental mode are shown in Fig.
6, where the upper curve represents the 2.08 hz mode and
the lower curve is the mode at 2.32 hz. These two neighbor-

ing fundamental frequencies can clearly be seen in the

18



spectra (Fig. 5). The solid black dots in the upper curve
were obtained from the ordinates of the ratio spectra
calculated from data set 2, and the solid black arrow
indicates the pull point location for that suite-of data.

It is obvious from the dashed spectra in Fig. 5 that this
data should produce a very well defined mode. The hollow
circles were obtained from the ratio spectra of data set 1
which had a station spacing of 10 ft. with the pull point at
pier 3. This data also defined this mode very well, The
lower curve in Fig. 6 defines the mode shape at 2.32 hz,

and both sets of data points shown were taken from data

set 1 with the pull point at pier 3. The hollow circles

were obtained from the spectral ratios at 2.32 hz, while the
solid circles were obtained from the 2.44 hz spectral ratios.
Where both data points are not visible, the points are co-
incident. Trifunac (24) points out that spectral ratios at
adjacent frequencies may be used to resolve mode shapes having
nearly the same frequencies. Also, it is a relatively simple
theoretical matter to show that mode shapes may be recovered
by using spectral ratios anywhere within the spectral peak
defining the mode when pull test data is used. To illustrate
this, the lower mode shape was established by using the
spectral ratios at 2.44 hz from the data associated with the
dashed spectra in Fig. 5. From that figure it can clearly

be seen that there is no peak at all at 2.44 hz. These

spectral ratios clearly defined the mode to the right of

19



Fig. 6 Fundamental Mode Shapes - The Upper Curve Is The
2.08 hz Mode and the Lower Curve is the 2.32 hz

Mode.
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pier 2; but gave erroneous results due to limited vibration
amplitudes in the region containing the median strip between
the south abutment and pier 3.

The nonunique dynamic behavior exhibited by this
structure, which is indicated by the existence of multiple
forms of each mode of vibration at frequencies close to each
other, is caused by the presence of the median strip. The
median terminates approximately at station 13, and Fig. 5
shows that when the pull point is at pier 2 the fundamental
mode which involves the largest relative displacement of the
median strip with respect to the deck of Ramp 13 is strongly
excited, almost to the exclusion of the alternate form. When
the pull point is at pier 3, both forms of the fundamental mode
are strongly excited. In the higher frequency form, it is
readily apparent that the median strip is restraining the
transverse displacements over the southern 135 feet of fhe
deck. In the chapter treating theoretical modes shapes, it
will be shown that the restraining action of the median strip
can account for this structures nonunique dynamic behavior
at the amplitudes of vibration used in this study.

From the top down, Fig. 7 shows the three forms of the
second mode that were isolated at 3.42, 4,03, and 4.76 hz
respectively. The data points in the upper curve are taken
from spectral ratios at 3.42 and 3.54 hz calculated from
data set 2. Data points for the lower two curves in Fig. 7

were taken from spectral ratios calculated from data set 1.



Frequencies 3.91 and 4.03 hz were used for the middle curve,
and 4.64 and 4.76 hz for the lower curve, Fig. 8 contains
the fifth mode at 10.86 hz defined by data set 2.

The third and fourth modes were not clearly excited
for either of the pull points; this is clear from an exam-
ination of Fig. 5. In addition to the frequency smearing
obviously present in those two modes, the signs of the
modal displacements were not uniformly consistent as indi-
cated by the phase difference spectra. In this case, the
action of the median strip essentially obliterated these

modes.

C. MODAL DAMPING

1. Data Analysis, Quick release test data has been

used by Hidalgo and Clough (15) to determine modal damping
ratios of a two story reinforced concrete frame. In that
study, the time series data was electronically bandpass
filtered to isolate the two modal components of motion in
the time domain. For each of these components, the loga-
rithmic decrement was determined and the modal damping
ratios estimated in the usual manner (23). In this study,
due to the presence of the complex motions caused by the
action of the median strip, it was decided that this approach
for estimating the damping ratios would not be attempted.
Instead, a moving window Fourier transform (26) was applied

to the problenmn.
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2. Moving Window Spectral Decay Curves. The Fourier

transform used in this study has the form

(To+L) .
F(w) = [ y(t) e 1¥tae (1)
T0

where ¥(t) is the time series accelerogram for which the
transform is being computed, L is the width of the window
used in the spectral calculations and T, is the initial time
of the window L. T, can also be thought of as the time after
the onset of motion at which the spectral calculations are
begun, w is circular frequency and i is v-1.

The moving window Fourier analysis used to calculate
damping ratios from the data was obtained by repeatedly cal-
culating the Hanning smoothed Fourier amplitude spectra
associated with the transform defined by equation (17). The
fast Fourier Transform (FFT) was used for this purpose (8).
The window location in the time series, Ty, was incremented
in small uniform increments while the window length L was
held constant. In the standard 1024 point accelerogram, the
total time duration of the sample is 8.184 seconds, and the
moving window analysis on this standard sample was performed
by using a window length L equal to half the total sample
duration. Thirty-three successive Fourier spectra were cal-
culated for each time series, moving the window down the time
series in 32 uniform time increments of 0.128 seconds. This
detailed analysis of the time series, allows one to investi-

gate the frequency shift of the modal peaks as well as the

25



modal damping ratios.

From this set of 33 Fourier amplitude spectra,
computed for one accelerogram, the decay of the modal spectral
peaks as a function of time is determined by plotting the
normalized peak amplitude of the mode against time measured
in units of time equal to the undamped period of the mode in
question. Damping estimates from these diagrams were made
by comparing them to theoretical decay diagrams,

Figure 9 illustrates a plot of the theoretical ampli-
tude decay versus initial window time for various damping
levels. The theoretical moving window spectra used to
develop these curves were obtained by using a single modal
term associated with a damped simple oscillator and integra-
ting as indicated in equation 1. When only a single modal
term is used, the modal frequencies must be adequately separa-
ted to give valid results. For purposes of comparison with
the data spectra, L was taken to be 4.088 sec., and account
was taken of the fact that the theoretical spectré are functions
of the window length L. To determine how sensitive the decay
curves were to the window length L, curves of the type shown
in Fig. 9 were generated for simple oscillators having fre-
quencies between 0.5 hz and 30 hz. This range was chosen
because it more than covers the range of significant natural
frequencies associated with the Ramp 13 structure, which has
a fundamental frequency of 2.08 hz. It was found that for

frequencies higher than 2 hz, the theoretical amplitude
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decay curves are negligibly dependent upon the 4.088 sec.
window length, and these curves are shown in Fig. 9. At
frequencies near 0.5 hz the decay curves depend more strongly
on the window length L. This would be expected, since fewer
cycles of these low frequency motions are contained in the
fixed window length of 4.088 seconds. Also, the calculation
becomes more sensitive to the position of the window in the
time series. It is also of interest to note that the peak
spectral amplitude decay curves shown in Fig. 9 are very
closely approximated by the exponential envelope of the time
Series of the modal motion.

The moving window spectral decay curve method of
obtaining modal damping estimates is illustrated in Fig. 10.
At the top of the figure a typical quick release accelerogram
is shown. In this case, the release point was at pier 2 and
the accelerogram recorded at station 23. The 8.2 sec. window
below the accelerogram indicates that portion of the record
which was digitized for Fourier analysis, while the 4.1 sec.
window to the right indicates the final window position.
Spectral decay curves in the 2.08 hz fundamental mode and the
10.86 hz fifth mode computed from this accelerogram are also
shown in Fig. 10. In each of these modes, the appropriate
theoretical spectral decay curves are included for comparison
with the data.

In the case of the fundamental mode, it is obvious

that the damping ratio is between 1.5 percent and 2 percent
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for the first six cycles of oscillation, and for the remain-
der of the record it is between 0.5 percent and 1 percent.
Examination of the accelerogram indicates that after six or
seven cycles, the fundamental mode is the only mode having
large amplitudes in the accelerogram. Direct calculation
of the fundamental modal damping ratio in this portion of
the record by the logarithmic decrement method (23) gives

a modal damping value of about 0.7 percent, which is in
agreement with the value obtained for this portion of the
record by the Fourier method. The lower curve in Fig. 10
shows these decay plots for the 10.86 hz fifth mode in which
the damping ratio is two percent. The high frequency
oscillations at the beginning of the accelerogram are
associated with this mode, and the peak acceleration of 0.5
percent g is associated with this mode which is strongly
excited by the quick release of the loading cable.

3. Experimental Results. Representative samples of

the decay curves obtained in this study are illustrated in
Fig. 11. Curve A represents the lowest damping ratio found
in any mode for all tests, and it was anamolous in that all
other damping estimates in all modes were 1 1/2 percent or
greater. The hollow circles were calculated from the accel-
erogram obtained at station 23, while the solid dots are
those determined from the record taken at station 33 during
the same excitation.

Curve C also shows the damping curves for the 3.42
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hz second mode calculated for station 5 (hollow circles)
and station 23 (solid circles) during the same quick release
excitation. A total of seven comparisons of this type were
made, and the agreement between the spectral decay curves for
different locations within a given excitation is typical of
that shown in curves A and C. Linear vibration theory which
assumes viscous modal damping, demands that the modal damping
estimates made anywhere on the structure during the same
excitation be identical. These results show that this assump-
tion is valid for this structure, but that the modal damping
may not necessarily be constant with time.

Curve D in Fig. 11 is a damping curve associated with
the 4.03 hz form of the second mode. Curve B is a decay
curve for the fundamental mode when both forms of the funda-
mental mode at 2.08 and 2.32 hz were strongly excited. The
explanation for the anomolous shape of B is that the moving
window spectral peak shifted from the lower frequency form to
the higher frequency form with time as could be readily deter-
mined by the moving window analysis. In curve B, the steep
left portion is associated with the lower frequency fundamental
mode and the right hand part with the higher frequency form.
The flat zone between them represents the time when the transi-
tion took place. Only those decay curves which were associated
with the amplitude decay of the same mode (determined from the
moving window analysis) were used for estimating the damping

ratio. Decay curves of this type are illustrated in Fig. 10
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Mode Frequency No. of Separate No. of Separate Damping Damping

1 hz Estimates Excitations Ragge A;g.

1 2.08 9 5 0.5-3.0 1.7

1 2.32 5 4 1.5-4.0 2.8

2 3.42 3 2 2.0-3.0 -

2 4,15 '1 1 2.5 -

5 10.86 2 2 1.5-2.0 -

5 11,96 3 2.5-4.0 -

Table 3 - Modal Damping Ratios




and A, C and D of Fig. 11.

A final comment regarding the flat portion at the
left of some of the experimental decay curves is in order.
This occurs because the windows over which the digital
accelerogram was obtained do not always begin exactly at the
onset of the motion, and it is a rough index of when the
mode becomes strongly excited within the accelerogram.

Based on this method of analysis modal damping
estimates were made for the 2.08 hz fundamental 3.42 hz and
4.15 hz second modes, and 10.86 hz and 11.96 hz fifth modes.
Valid damping estimates were not possible in the third and
fourth modes. The damping results are given in Table 3.
Based on the results in this table, it can be seen that the
damping ratios in all modes studied ranged between 0.5 per-
cent and 4 percent. If the single anomolous estimate of 0.5
percent is excluded, the damping estimates range between
1.5 percent and 4 percent. |

4. Damping Estimated From Widths of Spectral Peaks.

In addition to the foregoing method of estimating damping, a
method based on the width of the modal spectral peaks was
attempted. When resonance testing is employed, a simple
method of estimating damping from the width of the resonance
curve at the half power point (23) is used. An analogous
method was attempted in this study by deriving the width

of the spectral peak at the half power point for quick re-

lease motions from theoretical considerations. Experimentally
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determined widths were obtained from data spectra and compared
to the theory. In the 18 cases examined, this experimental
method gave damping estimates that were about a factor of 2
too high. The explanation for this is the fact that slight
changes in the theoretical widths at the spectral peaks are
associated with fairly large changes in the damping estimates
for small damping values; and the fact that the frequencies
probably drift slightly in quick release excitation. This
would not be the case in resonance testing. This method was

abandoned because it did not work well.
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IV. THEORETICAL ANALYSIS

A. ANALYTICAL MODEL

After determining the system's dynamic properties
experimentally, a linear lumped mass dynamic model was
developed to predict these properties theoretically. The
SAP IV (2) structural analysis program developed by the
University of California at Berkeley was used for this purpose.

The composite reinforced concrete and steel girder deck
is supported at the abutments and at piers 1, 2 and 5 by 12
inch high rocker bearings. At piers 3 and 4, the deck is
attached by fixed bearings that prevent longitudinal movement
relative to the pier caps. This allows the longitudinal ther-
mal displacements to take place relative to piers 3 and 4. The
clearance between the end of the deck and the abutment is three
to four inches, depending upon the temperature. All longitudinal
loads are resisted by piers 3 and 4 acting as vertical canti-
levers relative to the 12 foot by 12 foot spread footings at
the base of each of the 3 1/2 foot diameter pier columns. For
these reasons a single degree of freedom dynamic model was
used for the longitudinal motion, and it had a fundamental
period of 1.3 seconds.

In the transverse sense, the system was treated as a
lumped mass continuous beam restrained by transverse elastic
supports which modeled the pier and diaphram frame elasticity.

A four foot nodal increment was used. The deck was modeled
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both as a continuous beam using the gross section of the deck
concrete, and as a completely composite concrete and steel
member using all the girder steel. Differences in the trans-
verse mode shapes and modal frequencies for these two cases
were negligible out through the fifth mode, and in all sub-
sequent analyses the deck was treated analytically by using
the gross section of the concrete only. As a final refine-
ment, the effect of the 130 foot median strip alluded to
previously, was modeled as a continuous lateral elastic
support. The lateral stiffness per unit length of this
elastic support was taken to be a constant with its total
stiffness being measured in multiples of the total transverse
stiffness of piers 1 and 2.

The reinforced concrete pier frames were analyzed by
using their gross section stiffness properties and centerline
dimensions. Since the pier frames had a relatively high
height to width ratio (See Table 5 ) whose lateral stiffness
could be affected by the soil stiffness both by overall rock-
ing and rotation of the spread footings, this soil structure
interaction problem was treated in an approximate manner by
estimating the modulus of subgrade reaction using the pro-
cedures outlined by Richart and others (18) and Barkan (1 ).
For this structure it was found that the lateral stiffness

of the piers was sensitive to variations in the subgrade co-

efficient, and should therefore be included in the model.

In the absence of soil test data, an average subgrade
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coefficient of 450 kips per cubic foot was used for the full
sized footings to provide for a nominal amount of foundation
interaction. The fundamental period of the structure was
increased 13 percent by including this nominal level of inter-
action; this phenomenon would be even more pronounced for
softer soils.

The steel diaphram cross frames at each pier and abut-
ment which transmit the lateral deck loads to the piers and
abutments were treated as frames with moment resisting connec-
tions. The geometry of the members was such that the effect
of shear deformation was quite significant, and for this
reason was included in the analytical treatment. The total
stiffness of lateral load carrying elements was obtained
by including the action of both the piers and the diaphram

cross frames.

B. ANALYTICAL MODE SHAPES AND NATURAL FREQUENCIES.

It was noted under the experimental section that the
structure did not behave as a unique dynamic system, but had
multiple transverse mode shapes and associated natural fre-
quencies. At the top of Fig. 12 the two observed fundamental
mode shapes at 2.08 hz and 2.32 hz are shown as the heavy
curves (b) and (e) respectively. Also shown are the theoret-
ical fundamental mode shapes (a), (c) and (d) which were cal-
culated for a median strip stiffness of 0, 5 and 100 respec-

tively (herein, median stiffness is measured in multiples of
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the total transverse stiffness of piers 1 and 2). In the
lower half of Fig. 12 the heavy curve (b) represents the
experimental 3.42 hz second mode shown at the top of Fig. 7
compared to the theoretically determined mode shapes (a) and
(c). Curve (a) represents the second mode when the median
stiffness is 5 and (c) is the second mode when the median
stiffness is taken as 20. The 4.03 hz second mode shown as
the middle curve in Fig. 7 is drawn as the heavy curve (b) at
the top of Fig. 13. Mode shape (a) at the top of Fig. 13 is
the form of the theoretical second mode shape when the median
stiffness is taken as 100. Modes (a) and (b) at the bottom
of Fig. 13 represent the theoretical fifth mode when the
median stiffness is zero and 100 respectively. The accompany-
ing fifth mode shape (c) represents the experimental fifth
mode at 10.86 hz shown in Fig. 8.

The first five transverse natural frequencies (fl to
fS) plotted as a function of the transverse median strip
stiffness are shown in Fig. 14. 1In this figure, the black
dot on each of the frequency curves indicates the lowest
observed frequency in the respective mode (See Table 2). The
numerical frequencies at the left represent the analytical
natural frequencies for case when the median stiffness is
zero and is the assymptote for the frequency curves fl
through fS‘ This figure shows that, especially in the higher
modes, relatively slight variations in median stiffness can

account for a multiplicity of frequencies in a given mode.
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In Fig. 12 the observed 2.08 hz fundamental mode (b)
lies between curves (a) and (c) with median stiffness of
zero and five. This lowest experimental fundamental frequency
also lies in this stiffness range in Fig. 14. The 2.32 hz
observed fundamental mode is approximated by the analytical
curve (d) at the top of Fig. 12 with a median stiffness of
100. Both the fl frequency curve in Fig. 14 and curve (d)
in Fig. 12 indicate that the median restraint in this mode
is greater than 100. In addition, the other mode shapes
shown in Figs. 12 and 13 indicate that the analytical mode
shape that agrees best with the experimentally determined mode
is associated with a median stiffness from Fig. 14 that is
in reasonable agreement with that indicated by the mode shape
comparison.

Even though the simple elastic action of the median
is a very rough approximation of the complex way in which the
presence of the median strip affects the transverse motions
of Ramp 13, it is clear that the action of the median strip
at these relatively small vibration amplitudes is the expla-
nation for the nonunique dynamic behavior observed. Figures
12 and 13 show that the multiple shapes observed within a
mode can be explained in this way; but more importantly,
Figs. 12 and 13 along with the frequency plot in Fig. 14,
indicate that not only are the shapes explained but also their

associated frequencies.
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C. VERTICAL MOTION

The data points in Fig. 15 experimentally define the
first four mode shapes for the vertical sense of motion. The
experimental results for the vertical motion study (10) was
obtained by using the same station layout and analysis tech-
niques, as indicated in chapter 3 of this report. Traffic
induced vertical motions rather than quick release vibrations
were used for vertical motion analysis; consequently no
reliable damping estimates were obtained. The experimental
points in Fig. 15 were calculated from vertical accelerograms
obtained while the vehicle causing the motion was still on
the bridge.

The solid envelope curves in Fig. 15 represent the en-
velopes of all computed vertical mode shapes. The models
used in this envelope computation include treating the deck
as a composite section with the deck regarded as acting fully
composite with the three girders over the full length of the
bridge. A second model treats the deck plus concrete rdils
acting fully composite with the girders. In both of these
cases, the modulus of elasticity of the concrete was varied
over a wide range (Fig. 16). Also included, was the case
where the individual girders were regarded as acting sepa-
rately with the tributary deck concrete acting composite with
them. 1In addition, a model was used in which the concrete in
the negative moment regions over the piers where the shear

connectors are spaced at two foot intervals, was removed
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entirely. In this case, the modulus of elasticity of 4000

psi deck concrete at the center of the spans where full com-
posite action is expected, was taken at its full instantaneous
load value. The envelope mode shapes in Fig. 15 computed from
these models can be seen to be in excellent agreement with the
experimental mode shapes. From this and the agreement of
theoretical and experimental frequency ratios (Fig. 16), it

is clear that the presence of the vehicle on the bridge caus-
ing the vertical motion did not affect the results.

Fig. 16 is a plot of the first four vertical theoreti-
cal natural frequencies versus the modular ratio, where modu-
lar ratio is defined as the ratio of the modulus of elasticity
of the girder steel to the modulus of elasticity of the deck
concrete. For 4000 psi concrete, the modular ratio for full
composite action for instantaneous loading is 8. In Fig. 16
the upper solid curves represent plots of natural frequency
versus modular ratio for the case where the deck and rails
were regarded as acting as composite with the girders. The
lower dashed curves are associated with the case when the
deck without rails was used. The horizontal lines at 2.56
hz, 3.42 hz, 4.52 hz, and 5.13 hz are the observed vertical
natural frequencies. In this figure, the vertical solid black
line represents the intersection of the observed natural fre-
quencies with the theoretical natural frequency curves com-
puted when both the railing and the deck were treated as

acting composite with the steel girders. In this case, the
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effective modular ratio varies between 30 and 33, and the
observed ratios of the first four natural frequencies is in
excellent agreement with the theoretical natural frequency
ratios. The dashed vertical curve in Fig. 16 represents the
intersection of the experimental natural frequencies with
theoretical frequencies for the case where the deck alone
was regarded as acting compositely with the girders. In this
case, the effective modular ratio ranged between 21 and 26.
The excellent agreement between theoretical and experi-
mental mode shapes (Fig. 14) and the results shown in Fig.
15 suggests that continuous composite girders which have pro-
vision for full composite action only in the central portion
of the spans may be treated analytically as being continuously
composite if an increased modular ratio is used. In the
structure studied, the ultimate strength of the deck concrete
was 4000 psi, and the associated modular ratio for instantaneous
deflections is 8. Experimental results in Fig. 16 indicate
that the effective modular ratio should be on the order of 27
to analytically describe Ramp 13's vertical stiffness. This
is on the order of three times the modular ratio for fully

composite action with instantaneous deformation.
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V. EARTHQUAKE RESPONSE

A. ANALYTICAL MODEL.

To estimate Ramp 13's seismic response, the analytical
model of the structure without median strip was used. Since
the experimental transverse displacements were small, the
median strip was capable of restraining the bridge during
the tests; but for the larger motions expected during earth-
quakes, it would not be expected to substantially restrain
the structure. The natural frequencies of the system used

are listed in Table 4, and are also shown in Fig. 14, The

Table 4. Natural Frequencies

Mode 1 2 3 4 5

Frequency 1.8 2.6 4.6 7.2 9.3

experimental damping ratios obtained were in the range of 1.5
to 4 percent of critical. To account for the possibility of
higher damping ratios associated with larger motions, all
seismic response calculations were made for modal damping

ratios of 2 percent and 5 percent of critical.

B. STATIC RESPONSE.

For purposes of comparison with the earthquake re-
sponse results, the static lateral forces delivered to the
piers and the abutments by the 0.3 XK/ft. wind load, which

controlled in the design, were computed. These lateral wind
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forces are listed in column 6 of Table 5. The associated
bending moments, reactions, displacements and center line
geometry of the pier frames are also listed in this table.
The total dead load reaction delivered to each piler by the
deck superstructure is shown in column 7. The longitudinal
static response of piers 3 and 4, (the only piers resisting
longitudinal load) due to the 4 percent g earthquake load
required by the 1961 AASHO specifications for this bridge

is also shown.

C. INPUT GROUND MOTIONS AND RECURRENCE TIMES.

Since the analytical model used is linear and appro-
priate only for relatively small ground motions, five accelero-
grams recorded primarily on soft sites were selected (6) which
could be expected to occur at least several times in the
lifetime of the structure. The Ramp 13 bridge structure is
founded on an intermediate to soft site, where the classification
of the geology at a site as hard, intermediate or soft suggested
by Trifunac and Brady (25) was followed. Their published
site classifications (25) for the five accelerograms used in
this study was adopted. These accelerograms are shown in
Fig. 17, and their properties including their approximate
recurrence times in Western Nevada are indicated at the top
of Tables 6 through 10. In each case, the lower recurrence
time is appropriate for dynamic analyses in which the peak

response occurs early in the time history and the duration
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TRANSVERSE STATIC RESPONSE (300#/ft. Wind)
Pier No. H W Mp MT F Rpi, R A
(in) | (in) | (Kip+in) | (Kip-in) | (Kip) | (Kip) | (Kip) (in)
S. Abut. 18.6 71.3 .0093
Pier 1 362 168 875.0 891.0 9.76 256.0 10.6 .0976
Pier 2 373 168 1636.0 1665.0 17.7 406.0 19.8 .1915
Pier 3 360 168 3235.0 3119.0 35.3 456.0 37.1 .1960
Pier 4 341 168 2596.0 2502.0 29.9 413.0 29.8 .1439
Pier 5 297 168 748.0 767.0 10.2 308.0 9.13| .0599
N.Abut. 13.0 29.5 .0065
1940 = Total DL Super-
structure
LONGITUDINAL STATIC RESPONSE (47 EQ)
Pier No. Mp F A
(Kip-in) (Kip) (inches)
Pier 3 6624.0 36.8 .652
Pier 4 7351.0 43.24 .652
L W
Fo & A
M: 5
I
Mp My
F/2 F/2
R R
TRANSVERSE LONGITUDINAL
TABLE § Static Response Results
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of shaking from the onset of the record is short. The longer
recurrence times are appropriate for the full duration accel-
‘erograms.

Fig. 18 from Douglas and Ryall (9) shows the curve
ffom which recurrence times were estimated, and is appropri-
ate for the average seismicity of Western Nevada. One of the
principal assumptions that entered into the development of
these curves was that it is equally likely that earthquakes
can occur anywhere in the region, which is reasonable for the
more or less homogeneous distribution of faulting and earth-
quake activity in Western Nevada. Seven hundred earthquakes
having a Richter magnitude greater than 4 occurring in a 38
year period in a 33,000 square mile zone were used for develop-
ing the earthquake recurrence rates used in developing this re-
sult. In Fig. 18, 4 is a peak rock acceleration expected at
the site, T is recurrence time in years for the peak accel-
eration to equal or exceed 8. M is Richter magnitude, and D
is Housner's (28) duration of shaking in seconds. The recur-
rence time for peak acceleration to exceed 4 caused by all
earthquakes having a magnitude of 5 or greater is read off
the left hand scale for M = 5. If it is desired to find the
recurrence time for peak acceleration to exceed a4 caused by
all earthquakes having a magnitude greater than M = 6 then
the recurrence times are read from the scale where & inter-
sects M = 6. For example, peak accelerations exceeding 0.15

g caused by all earthquakes greater than M = 5 occur about
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every 20 or 30 years, while longer duration strong ground
shaking having peak accelerations greater than 1/2 g caused
by all earthquakes having Richter magnitudes greater than 6 1/2
-would be on the order of one thousand years.

Two recurrence times for each of the accelerograms
shown in Fig. 17 were estimated. The shorter recurrence times
indicated in Tables 6 to 10 were obtained by using the re-
corded peak acceleration and a magnitude of 5. 1In this case,
it was assumed that the first few seconds of the accelerogram
would be representative of ground motions caused by the smaller
earthquakes having a Richter magnitude of 5 or greater. The
longer recurrence times shown were estimated by using the
recorded peak acceleration and the actual earthquake magnitude
for the accelerogram. In both cases, the soil interaction
problem was ignored. It was assumed that recurrence estimates
based on peak rock acceleration and peak ground accelerations
including the soil response were the same. Attempting to
include the soil response in making these recurrence time esti-

mates would be well beyond the scope of the present study.

D. RESPONSE RESULTS

Tables 6 through 10 summarize the peak dynamic responses
caused by each of the five accelerograms for damping ratios
of two and five percent of critical. 1In the tables of trans-
verse results, the peak transverse dynamic displacement of

the piers is listed in column 5. Column 6 gives the time at
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which the peak response occurs, and column 4 gives the ratio
of the dynamic pier forces and displacements to the design
wind load levels as indicated in Table 5. The Mb ratio in
column 3, is the ratio of the elastic dynamic moment at the
base of the pier column to the ultimate moment capacity of
the column. Column 2 lists the ratio of the dynamic pier
force transmitted to each steel diaphram frame compared to
the allowable force on each frame as dictated by the non-
moment resisting friction type bolted joints of the frame.

In the tables (see Tables 6-11) of longitudinal res;
ponse parameters, A is the longitudinal displacement in
inches, F is the ratio of the peak longitudinal pier force
to the static force caused by the 4 percent g design earth-
quake force (Table 5), and Mb is the ratio of the peak longi-
tudinal dynamic moment at the base of the pier column to its
ultimate moment capacity. Table 11 gives the average response
to all five accelerograms and represents the arithmetic mean
of Tables 6 through 10.

Tables 12 and 13 give the peak dynamic transverse
responses when the transverse restraints at the abutments have
been removed so that all the lateral forces must be resisted
by the piers only. This model was introduced in order to
estimate the response of the structure if the transverse
restraints provided by the rocker failed.

The average responses caused by all five earthquake
accelerograms are tabulated in Table 11. The recurrence time

for this '"average'" earthquake would be from 30 to 100 years
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in Western Nevada depending upon whether the first few seconds
of shaking are used, or whether the full duration of shaking
is used. Since the maximum structural responses occurred
within the first few seconds after the beginning of strong
motion, the 30 year recurrence time is appropriate. In this
situation, the early portion of the accelerograms is used to
approximate the effect of smaller earthquakes. These are

the ground motions that could be expected to occur a few times
within the lifetime of the structure, and for which the struc-
tural response could be expected to be in the linear range.

The peak ground motion parameters associated with this
"average' earthquake associated with the results in Table 11
are as follows:

peak acceleration = 0.17 g,

peak velocity = 6.15 in/sec, and

peak displacement = 2.8 inches.
These peak ground motions are about 14 percent of the largest
ground motions ever recorded at Pacoima Dam during the 1971
San Fernando earthquake.

In Table 11, column 2, it is apparent that the dynamic
forces on the diaphram frames are substantially in excess of
the allowable levels, particularly at the central piers and
at the abutments. Even in the case of the 1957 Golden Gate
San Francisco accelerogram (Table 6), which was the smallest
ground motion used, the diaphram forces at the abutments are
2.5 to 4 times their allowable levels. For this small input

accelerogram it can be seen from Table 6 that the pier forces
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are in general less than the lateral static wind load forces
except at the abutments. This illustrates the importance of
using dynamic analysis in estimating the distribution of
lateral forcés even in a relatively simple structural system.
In addition, examination of the keeper detail used to prevent
transverse displacements of the bottom flange of the girder
with respect to the top of the 1 foot deep rocker is inadequate.
These keepers are small 3 by 2.5 by 0.5 inch plates welded to
the bottom flange of the girder and provide for only a nominal
restraint. These keepers would be loaded well beyond their
capacity, particularly in the short end spans where vertical
response calculations (10) indicate that uplift could be about
50 to 60 percent achieved with the Taft vertical accelerogram
of the 1952 Kern County earthquake and the 1971 San Fernando
vertical accelerogram recorded at Castaic. The allowable dis-
placement of the bottom girder flange and the keepers is

only 1/8 inch. Tables 12 and 13 show that the displacement
demand that would be made on them would be in the range of

0.7 to 1.7 inches, which would clearly shear them off and
allow the rocker at the abutment girder supports to fall out
should uplift of the ends of the bridge deck occur.

From Table 11 it is apparent that the linear theory
indicates that the pier frame bending moments at the interior
piers will be at or above ultimate moment levels in the trans-
verse sense. In the longitudinal sense, the moments are on

the order of twice the ultimate level. These transverse and
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longitudinal motions occur simultaneously. The larger longi-

tudinal moments occur because all the longitudinal
the structure are carried by piers 3 and 4 only.
It should also be noted that because of the
of the transverse moments at the top and bottom of
columns (Table 5), the ultimate moments at the top
will be reached at about the same time. This means
frames in this condition are in a plastic collapse

provide no further resistance to lateral forces.
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Description:

Magnitude

Distance to Fault

Soil Type

Return Period 14 to

In Western Nevada

GROUND MOTION DATA

5.3

7 mi.

(1) Hard
16 years.

max

max

max

TRANSVERSE RESPONSE PARAMETERS

1957 San Francisco Earthquake (Golden Gate S80E)

105 g

.31 in.

1.81 in/sec.

Table 6. Dynamic Response Results for 1957 San Francisco

Earthquake Recorded at Golden Gate
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Fd Ratio Mb Ratio A & F Ratio A (inches) | Time
Pier
2% 5% 2% 5% 2% 5% 2% 5%
S. Abut. 4,07 2.89 3.35 { 2.33 .0312 .0216 | 1.1
Pier 1 .52 .341 .165 .109 1.80 1.18 176 .115 1.3
Pier 2 .778 .608 .255 .200 | 1.48 | 1.16 .284 .222 1.5
Pier 3 1.54 1.20 .380 .298 | 1.47 1.15 .289 .225 1.1
Pier 4 . 906 .79 .212 .186 | 1.02 .896 147 .129 .9
Pier 5 .578 42 .151 110 | 1.92 | 1.40 .115 . 0837 .8
N.Abut. 3.36 2.42 ' 3.95 | 2.85 .0257 .0185 .8
LONGITUDINAL RESPONSE PARAMETERS
F  Ratio Mb Ratio A (in)
Pier

2% | 5% 2% 5% 2% 5%

Pier 3 .67 .58 .358 .308 b .38

Pier 4 .67 .58 .397 .342 b .38




GROUND MOTION DATA

Description: 1961 Hollister Earthquake (City Hall N 89 W)
Magnitude = 5.6 Amax = .18 g
Distance to Fault = 9 mi \ = 6.73 in/sec.
max
Soil Type = (0) Soft Dmax = 1.49 in.
Return Period 35 to 50 years
In Western Nevada
TRANSVERSE RESPONSE PARAMETERS
I
Fd Ratio Mb Ratio A & F Ratio A (inches){ Time
Pier
27 5% 2% 5% 27 5% 27 5%
S.Abut. 6.34 5.14 5.22 | 4.23 . 0485 .0393 | 1.7
Pier 1 2.04 1.52 . 649 .485 [ 7.05 | 5.27 .688 514 | 3.1
Pier 2 3.93 2.93 1.29 .96 7.51 | 5.59 | 1.438 | 1.071 | 3.1
Pier 3 7.30 5.53 1.81 1.37 6.98 5.30 1.370 1.038 3.1
Pier 4 5.67 3.77 1.33 .885 6.40 | 4.26 .922 .613 | 3.4
Pier 5 1.62 1.08 422 .283 5.36 3.59 .321 .215 3.4
N.Abut. 3.72 2.86 4,37 | 3.37 .0284 .0219 | 1.3
LONGITUDINAL RESPONSE PARAMETERS
F  Ratio Mb Ratio| A (din.)
Pier
2% 5% 2% 5% 27 5%
Pier 3 { 5.52 | 4.29 } 2,93 | 2.28
Pier 4 5.52 4,29 3.25 2.52
Table 7 Dynamic Response Results for 1961 Hollister

Earthquake Recorded at City Hall
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GROUND MOTION DATA

Description: 1971 San Fernando Earthquake (First Floor 1640 Marengo St., N38W)

Magnitude = 6.6 Amax = ,L12g

Distance to Fault = 20 mi. = 6.34 in/sec.
max

Soil Type = (0) Soft ax 4.72 in.

Return Period 16 to 87 years

In Western Nevada

TRANSVERSE RESPONSE PARAMETERS

Pier Fd Ratio Mb Ratio A & F Ratio A (inches)| Time
27 5% 2% 5% 27 5% 2% 5% v

S.Abut. | 5.50 | 4.23 4.52 | 3.48 .0421 | .0324 | 4.7
Pier 1 1.39 | 1.11 <443 .353 | 4.81 | 3.83 | .469 .374 4.4
Pier 2 2.58 | 2.10 .849 .692 | 4.93 | 4.02 .945 | .770 4.4
Pier 3 5.46 | 4.25 | 1.36 1.06 5.25 | 4.08 | 1.03 .799 4.1
Pier 4 4.00 | 3.22 .939 .75 4.52 | 3.62 .650 | .522 3.7
Pier 5 1.27 | 1.01 .332 .265 | 4.22 | 3.37 .253 | .202 3.7
N.Abut. | 2.90 | 2.46 3.42 | 2.89 .0222 1 .0188 | 4.8

LONGITUDINAL RESPONSE PARAMETERS

F Ratio Mb Ratio A (in.)

Pier
2% | 5% 2% 5% 2% 5%

Pier 3 | 5.52 | 3.98 | 2.93 | 2.11 | 3.6 | 2.6
Pier 4 | 5.52 | 3.98 | 3.24 | 2.34 | 3.6 | 2.6

Table 8 Dynamic Response Results for 1971 San Fernando
Earthquake Recorded at 1640 Marengo Street
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GROUND MOTION DATA

Earthquake Recorded at Castaic

63

Description: 1971 San Fernando Earthquake (Castaic N69W)
Magnitude = 6.6 max .27 g
Distance to Fault = 18 mi. = 10.7 4din/sec.
max
Soil Type = (1) Hard nax 3.66 in.
Return Period 80 to 280 years.
In Western Nevada
TRANSVERSE RESPONSE PARAMETERS
. Fd Ratio Mb Ratio A & F Ratio A (inches) Timel
Pier
2% 5% 2% 5% 2% 5% 2% 5%
S. Abut. 11.4 7.20 9.35 5.92 .087 .0551 | 3.5
Pier 1 4.45 2.76 | 1.42 .88 | 15.4 9.56 | 1.50 .933 4.0
Pier 2 8.5 5.26 | 2.79 1.72 | 16.2 10.0 3.10 1.92 4.0
Pier 3 16.1 10.3 3.99 2.55 | 15.4 9.84 3.01 1.93 4.0
Pier 4 11.9 7.59 2.78 1.78 | 13.4 8.55 1.93 1.23 .5
Pier 5 3.46 | 2.15 .898 .56 | 11.4 7.13 .68 427 .5
N.Abut. 5.22 | 4.43 - 6.15 5.22 L0400 { .0339 |2.1
LONGITUDINAL RESPONSE PARAMETERS
F Ratio Mb Ratio A (in)
Pier -
2% 5% 2% 5% 27 5%
Pier 3 | 5.52 | 4.91 2.93 | 2.60 | 3.6 3.2
Pier 4 | 5.52 | 4.91 3.24 2.88 | 3.6 3.2
Table 9 Dynamic Response Results for 1971 San Fernando



Description:

Magn

Distance to Fault

Soil

Return Period 34 to

GROUND MOTION DATA

1952 Kern County Earthquake (Taft S69E)

itude

Type

In Western Nevada

7.7

30 mi.
(0) Soft
400 years.

max

max

max

TRANSVERSE RESPONSE PARAMETERS

18 g

6.96 in/sec.
3.62 in.

F., Ratio Mb Ratio A & F Ratio A (inches) |Time
. d
Pier
2% 5% 27 5% 2% 5% 2% 5%
S.Abut.| 8.10 | 5.21 6.66 | 4.30 .0620 040 | 5.2
Pier 1 2.37 1.64 .755 <524 8.20 | 5.69 .800 .555 5.2
Pier 2 4.26 2.99 1.39 .980 8.09 5.69 | 1.56 1.09 5.1
Pier 3 | 8.58 | 5.78 2.12 1.43 8.21 5.51 1.61 1.08 5.1
Pier 4 | 5.73 4,10 | 1.34 . 959 6.46 | 4.62 .930 .665 | 4.8
Pier 5 1.86 1.17 .481 .306 6.11 3.89 .366 .233 5.6
N.Abut.| 5.03 3.47 l 5.92 4.08 .0385 .0265) 6.7
LONGITUDINAL RESPONSE BARAMETERS
F Ratio Mb Ratio A (in)
Pier
2% 5% 2% 5% 2% | 5%
Pier 3 3.98 3.22 2,11 | 1.71 2.6 2.1
Fier 4 | 3.98 | 3.22 | 2.34 | 1.89 | 2.6 | 2.1
Table 10 Dynamic Response Results for 1952 Kern County

Earthquake Recorded at Taft.
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GROUND MOTION DATA

Description:
Magnitude = 6.4 ax 17 g
Distance to Fault = 17 mi. = 6.5 in/sec.
max
Soil Type = (0) Soft Dmax = 2.8 in

Return Period 32 to 100 years

In Western Nevada
TRANSVERSE RESPONSE PARAMETERS

Fd Ratio Mb Ratio A & F Ratib A (inches) |Time
Pier

2% 5% 2% 5% 2% 5% 27 5%
S.Abut. 4.9 5.8 4.1 0.54 .038 3.2
Pier 1 1.5 .69 47 7.5 5.1 .72 .50 3.6
Pier 2 2.8 1.3 .91 7.6 5.3 1.5 1.0 3.6
Pier 3 7.8 5.4 1.9 1.3 7.5 5.2 1.5 1.0 3.5
Pier 4 3.9 1.3 .91 6.4 4.4 .91 .63 2.7
Pier 5 1.2 .46 .30 5.8 3.9 .35 .23 2.8
N.Abut. 3.1 4.8 3.7 .031 .024 3.1

LONGITUDINAL RESPONSE PARAMETERS

F  Ratio Mb Ratio A (in)

Pier
27 5% 27 5% 27 5%

Pier 3 | 4.2 | 3.4 } 2.3 | 1.8 | 2.8 | 2.2
Pier 4 | 4.2 | 3.4 | 2.5 | 2.0 | 2.8 | 2.2

Table 11 Average Response Results (Average of Tables 6-10)
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GROUND MOTION DATA

Description: 1961 Hollister (City Hall, N89W)

Magnitude = 5.6 Amax = ,18 g

Distance to Fault = 9 mi. = 6.73 in/sec.
‘ max

Soil Type = (0) Soft Dmax = 1.49 in.

Return Period 35 to 50 years.

In Western Nevada

TRANSVERSE RESPONSE PARAMETERS

F Ratio Mb Ratio A & F Ratio A (inches) Time
. d
Pier

2% 5% 2% 5% 2% 5% 2% 5%
S.Abut. ———— 0 —_— — — 0 - 1.70 5.4 -
Pier 1 — 3.84 | =—— | 1.23 | —~ | 13.3 -—— | 1.30 5.4
Pier 2 - | 2.85 | —— .935| ——= 5.43 - | 1.040 5.0
Pier 3 -—— | 4,16 | ~—— 1.03 | ~=- 3.98 — .781 5.2
Pier 4 e 4.92 - 1.15 —— 5.56 ——— .799 3.0
Pier 5 — V444 | == | 1.16 | —— | 14.7 —_— .885 3.0
N.Abut. —-— 0 —— —— | ——— 0 —— 1.00 3.0

LONGITUDINAL RESPONSE PARAMETERS

SAME AS TABLE 7.

Table 12 Dynamic Response Results When the Transverse
Supports at the Abutments are Removed - 1961
Hollister Earthquake at City Hall.
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GROUND MOTION DATA

Description: 1971 San Fernando (First Floor 1640 Marengo St., N38W)

Magnitude = 6.6 Amax = .12 g
Distance To Fault = 20 mi. = 6.34 in/sec.
max

Soil Type = (0) Soft Dmax = 4,72 in.

Return Period 16 to 87 years.

In Western Nevada

TRANSVERSE RESPONSE PARAMETERS
Fd Ratio Mb Ratio A & F Ratio| A (inches) |Time
Pier
27 5% 27 5% 2% 5% 27 5%
S. Abut.| --- 0 —_— | == - 0 - | 1.37 8.0
Pier 1 - ! 3.19 | ===} 1.01 | -— {11.0 - | 1.08 8.0
Pier 2 - | 2.09 | -—- .687) —— 3.99 | -——- .765 8.0
Pier 3 -—— | 2.54 | -—- .629| ——- 2.43 | ——- 477 8.0
Pier 4 -1 2.91 | -—- .683| ——= 3.29 | ——- 473 4.4
Pier 5 -— | 2.90 | —-—- 757 =—- 9.61 | -—— .577 4.6
N.Abut. ——— 0 —-— ————] ——— 0 —— .676 4.6
LONGITUDINAL RESPONSE PARAMETERS
SAME AS TABLE 8.
Table 13 Dynamic Response Results When the Transverse
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VI. CONCLUSIONS

1. Quick release pullback testing is an effective
method of identifying the structural dynamic characteristics
(natural frequencies mode shapes, and modal damping ratios)
of bridge structures. The method is particulérly attractive
for experimental testing of bridge structures because data
can be obtained during lulls in traffic. Even in the case
where the traffic on the structure is heavy, the quick re-
lease pullback testing approach would mean that traffic would
only have to be stopped for very brief periodic intervals to
obtain the necessary data. Resonance testing would involve
the closure of the structure to traffic for more sustained
periods of time. In addition, the cost of acquiring field
data would be low compared to resonance testing.

2. More physical testing of various classes of bridge
structures should be undertaken to identify their dynamic
characteristics in the field. Vibration amplitudes should be
varied in order to determine the effect of vibration amplitude
on these properties. Achieving the desired experimental
amplitudes with the quick release method is relatively simple,
and by carefully studying the effects of low amplitude vi-
brations, safe larger vibration amplitudes could be selected.
The ideal time to select a bridge for this form of physical
testing would be in the design phase. The quick release
dynamic loads are well defined so it would be a relatively

simple matter for the designer to estimate their effect upon
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the structure at any desired amplitude level. In addition,
simple pick up points for attaching the loading cable could
be provided.

3. The so0il structure interaction problem should be
considered at least in an approximate manner if a detailed
soil structure interaction dynamic analysis is not performed.
In the case of Ramp 13, the analytical results were sensitive
to the modulus of subgrade reaction used to approximate the
soil structure interaction effects.

4. In composite girder construction, the details used
to transmit the lateral loads from the deck superstructure to
piers and abutments need a complete review. In particular,
the diaphram frames should be moment resisting of adequate
capacity. Also the rocker bearing details need adequate
restrainers to prevent excessive displacements and their use
eliminated wherever possible.

5. Relatively too much emphasis has been placed on
vertical and thermal loads compared to the seismic forces.
Care should be exercised to insure that the capacity of bridge
structures to resist seismic forces should be more balanced
in the transverse and longitudinal directions.

6. The earthquake forces specified in the 1961 AASHO
code under which this structure was designed are too low for
Western Nevada and other areas of comparable seismicity.
Bridges similar to the one studied herein, can be expected
to sustain some seismic structural damage every 30 to 40

years in areas with seismicity comparable to Western Nevada,
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and would probably collapse in the event of a maximum
credible earthquake.

7. In seismic areas comparable to Western Nevada,

a review of all important bridges designed under the AASHO
earthquake regulation®* should be undertaken for purposes of
making possible retrofit recommendations regarding their
seismic performance.

8. Vehicular traffic induced motions can be used to
effectively identify the vertical mode shapes and natural
frequencies. Analysis of vertical motion, data obtained from
Ramp 13 strongly suggests that the vertical stiffness of
composite girder bridges can be estimated by treating them as
continuously composite with an increased effective modular
ratio applied uniformly over the whole bridge deck. No spe-
cial account need be taken of the fact that little composite
action occurs over the piers in the negative moment regions

other than using this increased effective modular ratio.

*EQ = CD
where
EQ = Lateral force applied horizontally in any direction

at center of gravity of the weight of the structure.
Dean load of structure.

0.02 for structures founded on spread footings on
material rated as 4 tons or more per square foot.
0.04 for structures founded on spread footings on
material rated as less than 4 tons per square foot.
0.06 for structures founded on piles.

o
i u
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