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1. INTRODUCTION

1.1 Introduction

The purpose of this report is to provide guidelines for the proper use of the electric
cone penetrometer; much of the manual also applies to the mechanical cone penetrometer.
This includes the proper way tc perform a cone penetration test (CPT), to reduce and
interpret the data, and to use the data in design. This manual is essentially an update of
the manual written by John Schmertmann for FHWA in 1978 (Schmertmann, 1978).

Various types of sensors have been adapted to cone equipment which may or may
not measure the standard CPT parameters (Table 1.1). However, the scope of this report
is limited to the standard CPT and the piezo-cone CPTU. The standard CPT consists of
pushing into the soil at a constant rate, a series of cylindrical rods with a cone at the base,
and measuring continuously or at selected depth intervals the penetration resistance of
the cone and the frictionresistance on a friction sleeve. Inaddition, the pore water pressure
generated in the soil near the penetrometer tip can be measured during penetration for
the piezo-cone CPTU by means of a pore pressure sensor in the penetrometer tip. The
scope is limited to soils; the ideal use of the CPT is in areas of known geology with soils
being gravelly sands or finer.

The design applications of the standard CPT and piezometric CPTU include: shallow
foundation under vertical or inclined loads, deep foundations under vertical loads, and
any other geotechnical problems which can make use of the soii properties from the CPT
and CPTU (chapter 6).

The CPT has gained widespread popularity in the United States over the iast 15
years. A large factor of the cone’s popularity is that it allows a rapid, continuous, in situ
profiling of a site, which no other routine investigation does. The CPT is much less operator
dependent than other insitu tests, such as the Standard Penetration test, and is quite simple
to perform.

The greatest usefulness of any test comes when analyses are performed using that
test data, rather than when using correlations of that data to other parameters. However,
there are not many equations developed specifically for CPT data, thus correlations are
usually required. The practitioner must be aware of the limitation of any correlation, or
any equation, before simply using the resultant data.

The CPT must be seen within the framework of the overall geotechnical investigation.
For example, on a large bridge project the CPT speed and simplicity make it ideal for
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Table 1.1 - Types of cone equipment

. Standard CPT (cone end bearing and friction sleeve)

Measures soil resistance to mechanical penetrations, in bearing and sliding shear
failure modes. An inclinometer is frequently included to ensure verticality.

Piezo-cone CPT (addition of pore pressure sensor)

Measures soil pore pressure response to mechanical penetration; can be used to
obtain ambient pore pressures and an indication of permeability.

Resistivity CPT (addition of electrical field measurement)

Measures electrical resistance of soil around CPT instrument; responds to degree
ofsaturation and electrolyte type; for contaminated plume detection because waste
in water changes resistivity (Lunne et al., 1989).

Thermal CPT (addition of thermistors)

Measures soil thermal response to mechanical penetration; can be used to
determine ambient temperatures (Schaap and Hoogedoorn, 1984; Mitchell, 1988).

. Seismic CPT (addition of geophones)

Measures soil response to surface seismic excitation, with superior sensor-soil
coupling. Down hole and crosshole tests may be performed; useful for machine
foundation and liquefaction analyses (Campanella and Robertson, 1984; Baldi et
al., 1988).

Nuclear CPT (addition of nuclear moisture-density-source)

Measures soil response to low level radiation, indicating in situ densities and
moisture content J’JI‘ jelta et al., 1985).

Pressuremeter CPT (addition of a pressuremeter cell)

Measures radial response of soi! to radial expansion and contraction of cell (Briaud,
1991; ISSMFE, 1991).

Fluid Sampler CPT (addition of lysimeter)

Allows acquisition of select or continuous samples of in situ gases or liquids
(Torstensson, 1984).

Heat Conductivity CPT

Measures thermal properties of soil (Mitchell, 1988).

10.

Lateral Stress CPT (addition of horizontal pressure cell)

Measures lateral stress on cone shaft (Baligh et al., 1985).

11

. Acoustic CPT (Mitchell, 1988)

12

. Ton Detector CPT (Robertson, 1990)

13

. Vibratory Cone (Sasaki et al., 1984; Bruzzi, 1987).




development of initial profiles of the site and to develop rough measurements of engi-
neering properties. Next, specific tests for specific foundation behavior, such as lateral
motion of piles through use of the pressuremeter, should be performed. Then analyses
of cone penetrometer and pressuremeter data can be performed to indicate general
foundation constraints and general range of importance of each type of foundation
behavior. For example, if the strength of clay seemed important and the calculation of
undrained strength from a CPT reveals a factor of safety of 4 or 5 against a failure, then
it is probably not necessary to perform any additional work. However, if a low factor of
safety is calculated then the uncertainty in correiation of the cone penetrometer must be
considered and careful sampling and laboratory testing skould probably be performed.

The operator independerce, simplicity, and repeatabilizy of the Cone Penetrometer
Test gives it great value to a geotechnical exploration program, but engineering judgement
must still be recognized in any geotechnical problem. The CPT must be used appropriately
and in conjunction with other tests.

1.2 History of the CPT

The first true static cone penetrometer tests whereby contact between soil and push
rods above the cone was avoided were made in 1931 in the Netherlands by P. Barentsen
(Zuidberg, 1991). His simple cone was provided with'a jacket by Vermeiden in 1947
(mantle cone as shown in Fig. 1.1). This apparatus was designed to measure the penetration
resistance g, of the mechaniczl cone only. In 1946, the Soil Mechanics Laboratory in
Delft (the Netherlands), in conjunction with Goudsche Machinefabriek of Gouda, man-
ufactured a hand-operated mechanical penetrometer with a capacity of 2,500 kg which
was increased to 10,000 kg in 1948. The cone had an apex of 60° and a diameter of 36
mm.

In 1953, L. Parez (France) constructed the Sol-Essais Static Penetrometer which
consisted of a conical point connected to the piston of a hydraulicjack. Continuous readings
of the point resistance were made. In the same year, Gidroprockt (USSR) designed a
static sounding rig which consisted of rods 33 mm in diameter and a cone with an apex
angle of 60° and a diameter of 35.6 mm. Dynamometers were used to measure the point
resistance.

Electric penetrometers were devised in various Dutch institutes beginning in 1948
(Fig. 1.2). In 1964, Fugro Consulting Foundation Engineers in the Netherlands started
commercial use of the electric penetrometer. This apparatus only measured the point
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FIG. 1.1. Dutch Mantle FIG. 1.4. Mantle Mechanical Cone
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of the Begemann Type
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FIG. 1.2. Electric Pene- FIG. 13. Electric
trometer Tip (g.) Penetrometer Tip (g.*+ 7<)



resistance g_, with an electrically operated cell which contains a number of strain gages
arranged to measure the axial stresses. The maximum load was 5000 kg. Later, a sleeve
was added to measure the laterzl friction. It had a surface area of 150 cm? (Fig. 1.3).
In 1969, Begemann fitted a friction sleeve to the mechanical penetrometer which
enabled to measure the lateral friction f. directly, as well as the point resistance g . (Fig.
1.4).
In 1966, the CEBTP (Centre Experimental du Batiment et des Travaux Publics) in
Paris developed an electric static penetrometer (Fig. 1.5). In 1968, an electric cone
penetrometer was developed in Australia which could measure both the point resistance
on the cone g. and the frictional resistance f, on a friction sleeve. This cone had a
cross-sectional area of 6 in.2 and an apex angle of 60° .
In 1969, the L.P.C. (Laboratoire des Ponts et Chaussees, in France) developed an
electric sounding device (Jezequel, 1969) similar 1o the Fugro type (Fig. 1.6). Introduction
of pore pressure measurement at the tip of the electric penetrometer started in 1975. This
step significantly improved the use and interpretation of data from the electric pene-
trometer.
In 1975, an ASTM standard was published for the quasi-static cone and friction-cone
penetration tests of soil (ASTM D-3441-75T). This original version was revised in 1979
(ASTM D-3441-79) and 1986 (ASTM D-3441-86). In 1988, ISSMFE (International Society
for Soil Mechanics and Foundation Engineering) proposed a reference test procedure
(ISSMFE, 1988). ‘
In the past ten years a number of new specific devices were developed, among which
are the following:
* Seismic cone (Campanella and Robertson, 1984; Campanella et al., 1986; Baldi
et al., 1988).

* Lateral stress cone {(LS-CPT) and Piezo-lateral-stress cell (PLSC), which allow
measurement of the lateral stress on the cone shaft (Baligh et al,, 1985; Bruzzi,
1987).

* Vibratory cone (V-CPT), which creates the possibility for evaluating the sus-
ceptibility of cchesionless deposits to liguefaction (Sasaki et al., 1984; Bruzzi,
1987).
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1.3 Definitions
CPT and CPTU

CPT usually means: Cone Penetration Test, and includes what has been called Static
Penetration Test, Quasi-static Penetration Test and Dutch Sounding Test. A CPT consists
of pushing into the soil at a constant rate, a series of cylindrical rods with a cone at the
base, and measuring continuously or at selected depth intervals the penetration resistance
of the cone and the friction resistance on a friction sleeve. A CPTU (frequently called
piezo-cone) consists in measuring the same parameters as in a CPT plus an additional
parameter which is the pore water pressure generated near the tip.

Cone Resistance q.

The cone resistance q. is the resistance to penetration developed by the cone (see

Section 2.1). It is obtained by dividing the ultimate axial force acting on the cone tip Q.
by the horizontal projected area of the base of the cone 4.,.

s

) (1.1)

.

Friction Resistance f.

The friction resistance f . is the resistance to penetration developed by the friction

sleeve (see section 2.1). It is obtained by dividing the ultimate frictional force Q, acting
on the sleeve, by its surface area A,.

fs= (1.2)

b

“n

1.4 Soils suited for a CPT

The CPT can be used in soils which are finer than gravelly sands. It is not recom-
mended when cobbles are present because they can damage the equipment. Some
cemented soils are not suited for cone testing because they develop a high friction ratio
and therefore reduce dramatically the penetration depth. Rocks usually stop the pene-
tration and can cause damage to the cone.

For those soils which are suited for a CPT, Tables 1.2 and 1.3 will help to select the
appropriate pushing equipment in order to achieve a given penetration depth.



Table 1.2 - Truck with 20 ton push capability

Soil

Depth ft

Clay

Sand

Soft

Stiff

Hard

Loose

Medium

Dense

15
30
60
90
120
150
200
250
300

Table 1.3 - Drill rig with S ton push capability

Soil

Depth ft

Clay

Sand

Soft

Stiff

Hard

Loose

Medium

Dense

5

10
15
20
30
40
50
60
70
80




Of course, Tables 1.2 and 1.3 can only be used if the geology of the area is known
{previous borings) and if the characteristics of the ground layers can be estimated (soft,
stiff or hard soil). If none of the above information is available it is difficult to predict
whether a CPT can be performed or not.



2. COMPONENTS

2.1 Penetrometer
The following definitions are according to the ISSMFE reference test (ISSMFE,

1988).

A penetrometer is a device made of a series of push rods screwed together, with a
terminal body celled a penetrometer tip. The main types of penetrometer are:

* The electric penetrometer which makes use of a single set of rods and of strain
gages built into the penetrometer tip (Fig. 2.1).

* The mechanical penetrometer which makes use of a double set of rods to operate
the penetrometer tip (Fig. 2.2).

The word (cone) penetrometer in practice is frequently used for the penetrometer
tip. The word cone is alsc used for this but should be discouraged.

The penetrometer tip is made of the active elements that sense the soil resistance,
the cone, the friction sleeve, and the porous filter. The recommended standard dimensions
of the penetrometer tip and the tolerances are presented in Fig. 2.3. For soft soils a cone
tip with a larger end area allows an increase in sensitivity for the measurements. The
ASTM standard (1986) allows end areas from 5 to 20 cm2 to be used, providing they
maintain the same tip geometry as the standard cone. The tip and friction sleeve areas
must be noted if different from the standard. A cone with a 15 ¢cm2 end area (44 mm
diameter) is now commonly used in the United States (Hekma, 1991).

The cone is the cone-shaped end piece of the penetrometer tip on which the end
bearing is developed. There are two kinds of cone:

* A simple-cone is a cone which has a cylindrical extension above the conical part

(Fig. 2.4).
* A piezo-cone is a cone with a filter located either on the conical part or in the
cylindrical extension above the conical part (Fig. 2.5).
The recommended standard dimensions of these cones are presented in Figs. 2.4 and 2.5
as well as the tolerances.

The friction sleeve is the section of the penetrometer tip upon which the local side
friction resistance to be measured is developed (Fig. 2.3). If the friction sleeve is attached
to the penetrometer tip as shown in Fig. 2.7, the penetrometer is called a subtracting
penetrometer. In this case, gage 1 measures g. and gage 2 measures q .+ f ,. The friction
sleeve can also be attached to the penetrometer tip as shown in Fig. 2.8. In this case, the
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penetrometer is called a tension penetrometer with a separate friction load cell; gage 1
measures g. (load cell in compression) and gage 2 measures f, (load cell in tension).
It is important to know what type of penetrometer is being used in order to reduce the
data from a CPT or a CPTU.

The recommended standard dimensions and tolerances of a friction sleeve are the

following;

The diameter of the friction sleeve d, shall not be less than the actual diameter

of the base of the cone d.. The tolerance is:
d, < d, < d.,+0.35 mm
The surface area of the friction sleeve a shall be:

c

1.5x10* mm?
The tolerance is:
1.47x10* mm? < A, < 1.53x10* mm?
The surface roughness r of the friction sleeve in the direction of the longitudinal
axis shall verify:
0.2 yum < r < 0.75 um
Inorder to measure the pore water pressure the penetrometer tip can be equipped
with a porous filter which car be made of porous plastic, sintered stainless steel,
ceramic, or other porous material. The filter has been placed either at the tip,
at mid-height of the cone, immediately behind the cone neck on the cylindrical
part, or behind the friction sleeve (Fig. 2.6). So far, the position of the porous
filter has notbeen standardized. However, the ISSMFE (1988) proposed to locate
the porous filter immediately behind the cone neck as a reference (position 3 on
Fig. 2.6). In order to work properly, the filter and the pore pressure measuring
system must be rigid enough to respond immediately to any change in pore
pressure. The filter must alsc have a high permeability to water, yet a high air
entry resistance. '
The push rods are used for advancing the penetrometer tip to the required test
depth. They are made of high strength steel. The standard rods are one meter
long with tapered threads. They have the same diameter as the base of the
standard tip and sleeve. Their maximum capacity is usually 20 tons. They are
screwed together by hand, and there should be no protruding edge at the screw
connection between the rods.
The recommended tolerances are the following: -

14
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- The deflection at the mid-point of a T meter push rod shall not exceed 0.5 mm
for the five lowest push rods, and 1 mm for the remainder.

- For any pair of connected push-rods, the deflection at the joint shall also not
exceed these limits.

Several studies (Heinen, 1973; Joustra, 1974; De Ruiter, 1982) have indicated
that the size of the penetrometer affects the results obtained from CPTs. How-
ever, it has been shown (Eid, 1987; Sweeney and Clough, 1990) that there is no
apparent size effect between 10 and 15 cm? cone probes. Also, it should be
recognized that correlations (see chapter 6) developed for a standard electric
cone may not be valid for a mechanical cone. The valuesof g. and /. measured
with an electric peretrometer may be different from the values measured with a
mechanical penetrometer, for the same soil (Fig. 2.9). One explanation for the
difference between the 2 cone penetrometer g. values may be as follows. In
softer soils ( g <50kg/cm?) the hole squeezes back against the shaft of the
mechanical cone (Figs. 1.1 and 1.4) and gives an erroneously high point resistance
because of the added friction. For harder soils (¢, > S0kg/cm?) the lack of
horizontal confinement behind the cone tip for the mechanical cone (Figs. 1.1
and 1.4) leads to g. values lower than with the electric cone. The mechanical
cone with friction sleeve (Fig. 1.4) may also give high friction readings due to the
friction sleeve bearing on the soil. Because the friction force to be measured is
much smaller than the point resistance, the precisicn on the friction £ ; is usually
not as good as the precision on the point resistance g ., especially for the sub-
tracting cone (section 3.1).

2.2 Pushing Equipment

~ Inorderto push the penetrometer into the soil, the use of a hydraulic jacking system
is required. Usually, the thrust capacity needed for cone testing varies betweer. 5 tons
(soft soils) and 20 tons (maximum capacity of the push-rods). The hydraulic rig shall be
able to push the rods at a constant rate of penetration, at least a distance of one push rod
length (1 meter). The heavier equipment (15 to 20 tons of thrust) can be mounted in a
heavy duty truck with a dead weight of 20 tons to provide the necessary reaction. The
truck has a working cabin equipped for electrical and mecharical penetration test, and is
air-conditioned for the stability of the electrical equipment and dust control, as well as
the comfort of the operating crew. A penetration depth of at least 50 ft can be expected
when using these trucks in sites not characterized by extensive coarse grained deposits.
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The lighter equipment {5 to 15 tons thrust) can be mounted on light trucks or trailers
equipped with earth screw anchors to provide the necessary reaction. Sometimes drill rigs
are used to perform a CPT but their capacity is often limited to about 5 tons. When
anchored with earth screw anchers (or 5 te 10 ft hollow stem augers) on either side of the
drill rig, their capacity can approach that of the cone trucks (20 tons). Also, the drill rig
has the advantage of being able t¢ drill through hard layers if necessary, without reposi-
tioning the truck.

2.3 Data Acquisition System

The electric penetrometer can be equipped with modern data acquisition systems
which allow to print and piot the values of g. and f, during a cone sounding.

While the testis performed, the strain gages built in the penetrometer tip send electric
analog signals continuously to an amplifier. This amplifier sends the analog amplified
signal to a digital converter which transforms the analog signals into digital signals. The
digital signal is then interpreted by a computer in order to obtain the g. versus depth
profileand £, versusdepth profile. The pore pressure u canalso be recorded and plotted
using the same system. |
2.4 Selecting the Right Equipment

The cone probes are made with various capacities resulting in different sensitivity.
The capacity of the penetrometer tip should be selected based on the soil conditions as
follows (Yilmaz, 1991):

Soil Strength Ti i q.(kg/cm?)
Very soft 1t02.5 tons 50to 125

Soft to medium 2.5t0 5 tons 125 to0 250
Medium to hard 5 to 10 tons 250 to 500
Dense sand 15 tons and more > 750

It should be noted that these capacities are of the penetrometer tip, not the jacking
system. Typically a high capacity tip (10 tons or more) is used for general profiling. Then
if a soft layer is found which requires more detailed information, a lower capacity, more
sensitive tip may be used.

The location of the porous filter must also be selected based on soil type and project
objectives (Hekma, 1991). Table 2.1 lists preferred filter locations for different soil types.
These locations may need to be varied based on special project needs (The Earth Tech-
nology Corporation, 1991).
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Table 2.1 - Piezo-cone filter locations (from The Earth Tech-
nology Corporation, 1991).

Soil Type

Comments on Filter Location

Soft Silt and Clays

Use of a side sensing piezo-cone enables adjustments
to be made to the cone tip and sleeve friction mea-
surements to account for pore pressure effects, which
could be significant in this type of soil. These
adjustments cannot generally be made with tip
sensing piezo-cones.

Loose Sands

The measured pore pressure response from tip
sensing piezo-cones is more sensitive to small vari-
ations in stratigraphy and soil properties, enabling
higher resolution stratigraphic profiling. Pore
pressure effects on the cone tip and sleeve friction
measurements are generally not significant enough
to require adjustments.

Dense Sands and Silts

A tip sensing piezo-cone is generally preferable
because the filter of a side sensing piezo-cone is often
subjected to negative pore pressure (suction) in these
soils. Excessive suction on the filter could cause
cavitation, and loss of saturation, which would reduce
the reliability of subsequent pore pressure mea-
surements.

Stiff Clays

A tip sensing probe may be subjected to pore pres-
sures higher than the capacity of the transducer,
which could result in unreliable readings and damage
to the transducer. On the other hand, the side sensing
probe may be subjected to excessive negative pore
pressure. Therefore under these soil conditions, the
piezo-cone configuration is best determined on a
case-by-case basis.
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3. CALIBRATION, MAINTENANCE, SATURATION

3.1 Calibration

Most commonly, electric cone penetrometers measure the cone resistance g. and

the friction resistance 7. by means of load cells built into the penetrometer tip. The load
cells are usually made of strain gages interconnected to form a circuit called a wheatstone
bridge. These strain gages are rigidly attached to the shaft of the penetrometer tip as
shown in Figs. 2.7 and 2.8. When a load is applied to the cone or to the friction sleeve,
the shaft length varies and the gages are subjected to the same variation in length. This
variation changes the resistance of the strain gages. Therefore the resistances of the load
cell are a function of the load applied on the cone tip and on the friction sleeve.

When a constant excitation signal (say 5 volts) is sent to the load cell, the value of
the output signal depends on the load cell resistance. The value of the output signal
(voltage) is therefore a function of the load applied on the cone and the friction sleeve.

The calibration of each load cell consists of comparing the load cell output (voltage)
against the load applied (tons or lbs) and is performec at constant temperature. Tem-
perature variations in the cone may have a significant impact on zero shift (drift). Usually
the calibration line is straight plus or minus a very small deviation called non-linearity.
The sketch in Fig. 3.1 is an enormous exaggeration to define the terminology (Zuidberg,
1991). The shape of the czlibration curves does change during the lifetime of the pene-
tremeter tip.

Several terms characterize this curve:

- Thecalibration error is the difference in percent between the original calibration
performed on the new or cleaned penetrometer tio and the one being performed
(Fig. 3.1). Studies have shown that the major factor which affects the calibration
error is soil ingress into the grooves.

- The zero load error is the difference in zero readings before and after the cali-
bration or before and after the sounding (Fig. 3.1).

- Non linearity refers to the curvature of the calibration curve.

- Repeatability refers to the range of values obtained during a series of calibrations
(Fig. 3.1).

- Hysteresis refers to the width of the loop in the calibration curve (Fig. 3.1).
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The calibration procedures should be followed in order to determine the best straight line

fit for the data (Fig. 3.1). These procedures are described below; one exists for the

subtracting cone and one for the tension cone. A third type of cone exists which has

separate load cells for point and friction resistance with the friction load cell in com-

pression. This type core is rare and is not discussed here.

Subtracting Penefrometer Tip

The 2 load cells in this type of penetrometer tip are calibrated simultaneously by

loading the cone. During loading and unloading the output of load cells 1 and 2 (Fig. 2.7)

should be identical. The following calibration procedure is recommended:

1.

Multiple preloading and many other procedures are part of the penetrometer
manufacturing process and need not be repeated (Zuidberg, 1991). These
procedures reduce the hysteresis in the calibration curves. Calibration starts
with step 2.

Read the initial values 17,. and 1., of the output voltage from load cell 1

and 2 respectively when no load is applied on the cone.
Load the cone progressively and record the value of the output voltage for each
applied load and “or each load cell.

Record the final values of the output voltage V', and I, ., from load cell 1

and 2 respectively corresponding to the maximum allowable load .; on the
cone.

Unload the cone progressively and record the value of the output voltage for
each applied load and for each load cell. Record the zero load error for each
load cell: The zero load error during calibration of a cleaned penetrometer tip
should be negligible {less than 0.05 % of the full scale output).

Plot the calibration curve of output (voltage) versus load (tons or Ibs) for each
cell.

Draw the best straight lines fit for the data, for each load cell.

Calculate the slope €. and C.., of both lines:

V fe 4 oc
4 -V
fer oc+s
Cooyzs ———— (3.2)
Ly
The measured value of the cone resistance qg. is calculated as follows:

C (3.1)
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9" CoxA, (3-3)
where:
V. = outputvoltage from load cell 1
V. = outputvoltage from load cell 1 when no load is applied on the cone
read at the beginning of the sounding.
A. = cross-sectional area of the cone (~ 10 cm2).

The measured value of the friction resistance f. is calculated as follows:

_ 1 l/C“S—VDC“‘S VC—VUE 3 4)
femql T e c. ¢
where:
V..s = outputvoltage from load cell 2.
V ,.s = outputvoltage from load cell 2 when no load is applied on the cone,
read at the beginning of the sounding.
A, = area of the friction sleeve (= 150 cm?2).

Tension Penetrometer Tip
The load cells of this type of penetrometer tip are calibrated separately. Load cell

1 (Fig. 2.8) is calibrated by loading the cone and load cell 2 (Fig. 2.8) is calibrated by
loading the friction sleeve.

The following calibration procedure is recommended:

1.

Multiple preloading and many other procedures are part of the penetrometer
manufacturing process and need not be repeated (Zuidberg, 1991). These
procedures reduce the hysteresis in the calibration curves. Calibration starts
with step 2.

Read the initial value VV,.(orV ;) of the output voltage from load cell 1 {or

load cell 2) when no load is applied on the cone (or the sleeve).
Load the cone (or the sleeve) progressively and record the value of the output
voltage for each load applied for load cell 1 {or load cell 2).

Record the final value of the output voltage IV, (orV ;) from load cell 1 (or

load cell 2) corresponding to the maximum allowable load L, onthe cone (or
L, on the sleeve).

Unload the cone (or the sleeve) progressively and record the value of the output
voltage for each applied load and for load cell 1 (or load cell 2).
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Record the value of the zero load error for load cell 1 (or load cell 2).

Plot the calibration curve of output (volts) versus load (tons or lbs) for each cell.
Draw the best straight line fit for the data, for each load cell.

Calculate the slope C. and C, of both lines.

c, =L 3.5
c L jc ( )
|4 fs v os
c,=—L—= (3.6)
L st
The measured value of the cone resistance q. is:
_ V e V oc 3.7
q c C . X A . ( ‘ )
where:
V. = output voltage from load cell 1.
V. = output voltage from load cell 1 when no load is applied on the cone
read at the beginning of the sounding.
A. = cross-sectional area of the cone (~ 10 cm?2).
The measured value of the friction resistance £, is:
f _ Vs - Vos (3 8)
fOC XA '
where:
Vs = output voltage from load cell 2.
Ve = outputvoltage from load cell 2 when no load is applied on the friction
sleeve read at the beginning of the sounding.
As = area of the friction sleeve.

The load cells shall be calibrated at least every 3 months. Also, regular inspection and
maintenance of the penetrometer tip help to reduce the calibration error.

3.2 Maintenance

Before each sounding, inspection shall be made for wear of the cone, the friction
sleeve, and the shaft of the penetrometer tip. Also, the seals between the different elements
of a penetrometer tip shall be inspected to determine their condition, checked for the
presence of soil particles, and cleaned. The penetrometer should also be checked to assure
that it is not bent.
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The penetrometer tip dimensions shall be checked regularly to ensure that they do

not exceed the tolerances set out in chapter 2.

For an electric penetrometer tip, the zero load error should be checked by observing
the zero load output before and after each test. If the zero load error exceeds 1% of the
full scale output the penetrometer tip shouid be checked, cleaned, and re-calibrated.

Also, if the calibration error (see section 3.1) exceeds 2 to 3% of the original cali-
bration value, the penetrometer tip should be checked, cleaned, and recalibrated.

3.3 Saturation of the Filter Element (CPTU)
It is crucial to have a complete saturation of the pore pressure element system in
order to produce high quality, reliable pore pressure recordings. Before each sounding,

the piezo-cone should be saturated es follows:

1.

The recommended procedure (Robertson and Campanella, 1988) is to saturate
the filter elements in the laboratory by placing them under a high vacuum with
a suitable saturating fluid in an ultra-sonic bath for approximately 3 hours.
De-aired glycerin is often used as the saturating fluid since it retains saturation
better than water. However, other liquids are also used. High vacuum will allow
the saturating fiuid to botl at iow temperature, which will improve saturation,
and avoid damage to the filter element due to high temperature.

Once saturated, the fiiter elements should be placed in a container filled with
the saturating fluid in order to maintain saturation during transportation of the
filter into the field.

Flush all voids in the cone, using a plastic syringe filled with saturating fluid ané
a hypodermic needle.

Assemble the penetremeter tip and maintain it in saturating fluid until the test
is ready to be performed. To do so, the penetrometer tip can be placed in a
container filled with the saturating fluid.

The piezo-cone is then pushed into the upper layers of the soil deposit. If the
water table is not at the ground surface, it can be difficult to maintain the
saturation. To avoid this problem, it is recommended to drill a hole down to
the water tabie. Then, the saturated piezo-cone is lowered in this hole with a
thin protective rubber sleeve placed over the cone. The penetrometer tip is then
pushed into the soil and punches the rubber sieeve.

Repeat the saturation procedure before each sounding and change the filter
elements if damaged.
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Note: The response of the pore pressure measuring system can be checked by simple
laboratory tests.
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4, RUNNING THE TEST

4,1 Procedure

1.
2.
3.

If using a continuous electric cable, pre-thread it through the push rods.

Set up the thrust machine for a thrust direction as near as vertical as practical.
Often, the upper zone {1 meter) of the soil is constituted of very stiff material,
and gravel or random fill can be encountered. To avoid damage to the cone, in
this case it is recommended to first push a solid steel "dummy cone" of 15 cm?2
area into this zone.

If performing a CPTU, saturate the porous filter as explained in section 3.3.
After an initial short penetration test hole so that the tip temperature is at the
soil temperature, retract the tip and record the zero load readings (voltage) with
the penetrometer tip hanging freely in air or in water, but cut of the direct
sunlight.

Push the penetrometer into the soil at a constant rate of 20 mm/sec with a
tolerance of + 5 mm/sec. Between these tolerances, a constant rate shall be
maintained during the entire stroke.

Record the cone resistance q.,thefrictionresistance f.,and the pore pressure

u, at intervals of 3 cm (0.1 “t). The depths shali be measured with an accuracy
of at least 0.1 m.

At the end of the sounding obtain a final set of zero load readings, as in step 5
above, and check them against the initial set. Discard the sounding and repair
or replace the tip if this check is not satisfactory for the accuracy required (see
section 5.3).

After retrieval of the cone penetrometer, it is usually required to grout the hole
with cement-bentonite or an equivalent slurry.

4.2 Problems that May Occur During the Test

L.

Reaction force exceeded

This problem can occur commonly during & test depending on the geographical
area (Tables 1.2 and 1.3} and may be due to the presence of a very hard layer.
Usually, the earth anchors yield or the dead weight lifts off; this can be avoided
with hydraulic regulators or pressure relief vaives,
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One way to prevent this from happening is to reduce the friction along the rods.
A friction reducer should always be used with the standard 10 cm?2 cone; it is
usual’y made of an enlarged ring around the rods near the tip. It shall be located
at least 400 mm above the base of the cone or 300 mm above the top of the
friction sleeve. One advantage of the larger 15 cm? cone is that it needs no
friction reducer because the probe diameter is larger than the push pipe
diameter. Another way to reduce friction along the rods is to use drilling mud
pumped down the ‘nside of the cone rods and injected into the soil behind the
tip.
One can also avoid this problem by using a heavier equipment or larger earth
anchor.
If none of the previous remedial action works, it is necessary to retrieve the
penetrometer and to drill through the hard layer.

2. Push Rod Buckling
In very loose or scft soils such as swamps or backwater organic deposits, silty
hydraulic filf, or loose sand, rods can buckle when being pushed into the soil.
One way to avoid this problem is to set casing or push rod guides through the
soft layer. Another way is to limit the thrust applied on the rods.

3. Rapid Change in Inclination

If the CPT equipment was riot leveled at the beginning of the test, the inclination
will keep on increasing with depth. Also, if the cone encounters cobbles, gravels,
or sloping bedrccks, there might be a rapid change in penetrometer tip incli-
nation. The way to detect this problem is to install an inclinometer inside the
penetrometer tip and to record the inclination continuously with depth. When
the inclination reaches 10°, especially if this angle is reached in less than 1 m,
the cone tip can be damaged. In this case, the only suitable remedial action is
to reirieve the penetrometer and start again. Inclination of the push rods may
cause serious errors in the depth record of the CPT. Fig. 4.1 shows an example
of the possible error due to bending of the cone rods.
4, Damage to the Equipment
Experience shows tha as long as the pushing thrust is below 10 tons, it is rare
that any damage occurs to the cone or to the rods.
4.3 CPTU Dissipation Test Procedure
The piezo-cone test {CPTU) has the potential of providing estimates of the in situ
coefficient of consolidation from dissipation tests (section 6.12). A dissipation test can be
performed at any depth as follows:
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1. Stop the penetration of the penetrometer by completely releasing the load on
the push rod. As soon as the penetrometer stops, the excess pore pressure u,
around the cone will start to dissipate.

2. Record the total pore pressure u; =u,+u, atQ 1, 2, 4, 8, 16, 30 seconds, 1, 2,
4,8,16,30mininorderto obtain reasonably spaced data points for the dissipation
curve.

3. While performing the test, plot the normalized excess pore pressure (Au/Au,)
versus log time (dissipation curve).
where: Au = excess pore pressure above Lydrostatic at time t=t.

Au, = excess pore pressure above hydrostatic at time t=0.

4. Continue the test until a predetermined percentage of the hydrostatic pore
pressure is reached (50% or 80%}), or alternatively a: a set time. Fig. 4.2 gives
an idea of the time required to reach 50% dissipation based on fines content.

NOTE: Tests performed with different porous filter locations have resulted in wide

scatter in the predicted coefficient of consclidation. Also, the measured value of the pore
pressure depends on the porous filter location (Table 2.1).
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5. REDUCING THE DATA

5.1 Data Reduction

The data collected during the test consists of the values of the cutput voltage from
load cell 1 and 2 (Figs. 2.7 and 2.8) recorded regularly with depth. When a CPTU is
performed the pore pressure u is also available. These data may be reduced and corrected
in order to obtain the corrected cone resistance qr developed by the soil and acting on
the cone tip, the corrected friction resistance fr developed by the scil and acting on the
friction sleeve, and the corrected pore pressure utr.

5.1.1 Pore pressure ur

The pore pressure u measured during a CPTU depends upon the location of the
porous filter (see section 2.4). In all cases the location of the porous filter should be clearly
mentioned in the report. The following equation is a relation between the pore pressures
at various locations on the cone (Senneset, et al., 1989}. .

ur=u,+Ku-u,) (S5.1)
where:
ur = pore pressure behind the cone tip {position 3 on Fig. 2.6).
u = pore pressure on the cone tip (position 1 or 2 on Fig. 2.6).
u, = hydrostatic or initial in situ pore pressure,
K = adjustment factor from Table 5.1.

Thevaluesofthe K factormayvary considerably from thosein Table 5.1. Local correlation
is necessary to obtain reliable values. In general, this correction procedure is discouraged;
instead direct measurement of the pore pressure at the desired location is encouraged.

5.1.2 Cone resistance gr

In section 3.1, the values of the output voltage from load cell 1 are used tc obtain
the measured value of the cone resistance g. (equation 3.3 or 3.7, section 3.1).

When using a piezo-cone below the water table, this g. value may be corrected to

account for the area effect as explained in the following. The pore pressure u ; acts behind
the cone over an area equal to the difference between the cross section area A  and the
cross section area A ,. Therefore, the measured tip resistance . is lower than the true
resistance of the soil g7 acting on the front face of the cone tip; indeed, the pressure u
applied over the area A, - A, will have a tendency tc push the cone into the soil. The
relationship between gr and q. is:
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TABLE 5.1. Empirical Values of K for Adjustment of Pore Pressures
(from Senneset, 1989}

FILTER LOCATION
Sail type Cone face, mid-height Cone tip
Normally consolidated clay 0.6-0.8 0.7-09
Siightly overconsolidated, sensitive 0.5-0.7 0.6-0.8
clays
Heavily overconsolidated clays 0-03 0.1-03
Loose, compressible silts 0.5-0.5 0.5-0.7
Dilatant, dense silts 0-0.2 0.1-03
Loose, silty sands 02-04 0.5-0.7
— U,
il
e | Ast
}_.__
_— As
A g A N
Cross Section — -
Areas Corresponding ~—— FRICTION SLEEVE
to the diameters shown
by the arrows. —= A,
A=nD?%/4 ‘,
A q
Ay R -~ I

U,
v

FIG. 5.1. Correction of Measured Cone Resistance for Pore Pressure Effects
(after Senneset et al., 1989)
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Qr-An=q. Ay+us(Ay—44)

qr=q.rur(l-a) (5.2)
where:
a = Ag/ Ay = netarea ratio, typical value ~ 0.8
ur = pore pressure at the depth considered, measured behind the cone tip.

This correlation is particularly important for soft soils because it represents a significant
percentage of g . This correction is only approximate however; indeed, ur is measured
with a stiff fluid pressure measuring system, the slit is not dezired, and the internal volume
is variable (Zuidberg, 1991).

5.1.3 Friction resistance 7,

In section 3.1, the values of the output voltage from load cells 1 anc 2 are used to
obtain the measured value of the friction resistance f. (equations 3.4 and 3.8, section
3.1). When using a piezo-cone below the water table this /. value may be corrected to
acccunt for the unequal area effect as expiained in the following. Asshownin Fig. 5.1 the
pore pressures act on the end areas of the friction sleeve. These end areas may not be
equal in size and pore pressures may be different at both ends of the sleeve thus causing
an unbalanced force to occur during penetration. This force may represent a significant
correction in soft clays where f, and g. are small. The recorded friction resistance £,
will be larger than the true friction resistance fr. Senneset, et a’., (1989) proposed for
a subtracting cone.

fr=Ff:—(1-K0)-C-uy (5.3)
where:
b = sleeve end area ratio, 4,/ A <1,
A = cross section area at top of sieeve.
Ag = Cross section area at bottom of sleeve.
C = sleeve arearatic A,/ A;<1.

A, = surface area of sleeve.

ur = total pore pressure at the bottom of the friction sleeve (position 3 on Fig.
2.6).
Ky = us/ur; ~ 0.6 - 0.8 in soft clays.

u, = total pore pressure at top of friction sleeve (position 4 on Fig. 2.6).
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In cohesionless, coarse soils, this correction is practically negligible. Furthermore,
Zuidberg (1991) states that the reservations concerning correction of g, using ur
mentioned in section 5.1.2 apply even more for f,. He believes that /. correctionis a
purely theoretical exercise and that f, should not be interpreted directly, but only used
for the ratio R, (section 5.1.4). Even though /. is not a very repeatable value, R ; has
shown to be a good denominator for soil type, however, still to be used with care.

5.1.4 Friction ratio R
The friction ratio R, is equal to the ratio of the friction resistance over the cone

resistance (R ;= f/q.% 100% ) at the same depth. In order to calculate R, one must
account for the fact that the center of the friction sleeve is approximately 4 in. (10 ¢cm)
behind the cone tip. Indeed, at a time ¢, the recorded values of q.(¢) and f,(t) are
not measured at the same depth. So, if the rate of penetration is 2 cm/sec, the friction
ratio at a given depth is:

_fs(t+Ssec)

g

It is common to compare f, with the average of g. measured over the depth where £,

is measured (Zuidberg, 1991).

(5.4)

5.2 Data Presentation and Report

5.2.1 Data presentation

The CPT and CPTU results should be reported on graphs (Fig. 5.2). The following
plots shall be given:

CPT

1. Cone resistance g, versus depth.

2. Friction resistance f, versus depth.

3. Frictionratio R ;(= f,/q.x 100%) versus depth.

CPTU In addition to 1, 2, 3 above the following is given:

4. Corrected cone resistance g; versus depth.
Corrected friction resistance f; versus depth.
Friction ratio, fr/qr % 100% versus depth.

Corrected pore pressure ur versus depth.

© N o

B,=Au/(gr-0,) versus depth, where Au=ur-u,,u, = hydrostatic

pressure, o,, = total vertical stress.
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FIG. 5.2. Data Presentation for a CPT

35




The following information shall be reported on the graphs.
1. The date and the time of the test, and the name of the firm.
2, The number of the test and its location.
3. Any abnormal interruption of the reference procedure (chapter 4).
4. The identification number of the penetrometer tip.
5.2.2 Report
The report should include all the informations and plots described in section 5.2.1.
In addition, the following informations should be inciuded:
1. Refusal criteria (rod buckling, total capacity exceeded, target depth achieved).
2. Thedatesandreference numbers of the calibration certificates for the measuring
devices.
The zero readings of all sensors before and after the test.
The maximum test inclination.
A clear indication of the location of the porous filter.
The name of the operator who performed the test.

o v oA W

5.3 Precision 2nd Accuracy of the Measurements
The accuracy of the CPT methed is estimated as follows (ASTM D 3441-86):
- Mechanical tips:  Standard deviation of 10% for q. and 20% for £,

- Electrical tips: Standard deviation of 5% for g. and 20% for f,

The electric cone accuracy is influenced by the zero load error and the calibration error
(see section 3.1). The zerc load error should in general not exceed 0.5% to 1% of the full
scale output, and in soft soil this error should be less than 0.5% of the full scale output.

The accuracy of the measurement of g. also depends on the type of soil. If the soil
is very soft the cone resistance q. will be small and will be obtained with less accuracy
than in stiff soils. The ISSMFE (1988) reference test procedure requires the precision of
the measurement to be less than 5% of the measured value or 1% of the maximum of the
measured resistance in the layer under consideration, whichever is greater.
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6. INTERPRETATION OF THE DATA

6.1 Stratigraphy

Stratigraphy evaluation is the CPT’s primary purpose and there is no other con-
ventional geotechnical tool which can match the CPT for layer definition and low cost per
foot. The problem in the past has been that engineers plan a CPT investigation just like
* they would for borings, which is wrong. Borings are for retrieving soil samples and the
CPT is for stratigraphy and simplified parameter evaluation. Therefore, perform the CPT
at the site before the borings. Define soil layersin the office using CPT data and determine
where to retrieve the few important soil samples during the subsequent limited boring
program. Plan to use all of these expensive boring soil samples for laboratory tests, either
index tests (i.e. sieve, PI, etc.), or quality tests (i.e. consolidometer, triaxial, etc.). Do not
take boring soil samples for the sake of stratigraphy because the CPT is better and less
expensive,

An important but littie known observation is that some over-consolidated clays have
the potential for classifying as loose sand using any CPT classification. Therefore when
aloose sand layer is detected based on CPT data and the general site geoiogy is not known,
a soil sample from that layer should be retrieved for verification.

Examples of CPT profiles and possible interpretation are given in Figs. 6.1, 6.2 and
6.3 (Schmertmann, 1978). During the profile interpretation it must be kept in mind that
the cone penetrometer resistance q. will go through a smooth transition at layer inter-
faces. According to Schmertmann (1978) the transition zone extends about 7 CPT
diameters on either side of the interface (Fig. 6.4). This transition zone thickness varies
with the soil stiffness. Therefore, in very stiff layers thinner than approximately 60 ¢cm (2
ft), and soft layers thinner than approximately 20 cm (8 in.), the g, reading will not reach
its full value. It should also be noted that a spike may appear on the profile every time
the downward push is released, another rod is added, and the downward push is re-applied.

Also, the development of stratigraphic profiles requires looking not only at material
type but also at the magnitude and signature of the cone readings in each material type
to assess continuity. For example, the location of rising and falling resistances within a
layer resulting from a deposition history is an important clue to the continuity of that
particular layer. This profiling step always needs to be done in the primary idealization
of the site.
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FIG. 6.1; Simplified Examples of q.-Log Profiles Showing Likely and Possible Inter-
pretations for Soil Types and Conditions (from Schmertmann, 1978)
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This will be seen from the following simple example. In this case, a
light building could be founded on the upper sand layer, although it
will be immediately clear that more settlement will take place at
sounding 4 than at sounding 1 owing to the grcater thickness of the
soft layers. For heavier buildings, a pile foundation will be necessary
because of its small thickness at position 4 and its rather poor guality
at 2 and 3. The piles should be placed in the third sand layer.

FIG. 6.2. Example (from Begemann, 1963) Showing the Use of CPT q, Profiles to Dis-
cover the Variation in Thickness and Quality of Potential Pile Bearing Layers Across a
Site (from Schmertmann, 1978)
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There is a growing use of the piezo-cone for stratigraphy evaluation. The pore
pressure record provides a much more sensitive means to detect thin soil layers. This
could be very important in determining consolidation rates in a clay with thin sand seams.
The piezo-cone also has the potential to provide consolidation rate parameters.

6.2 In Situ Horizontal Stress

It is very difficult to obtain a reliable measure of the in situ horizontal stress at rest
0, because any tool designed to measure ¢,, directly disturbs the soil in the process.
With the CPT, any attempt to obtain o,, has to be based on correlations between CPT
parameters and quality direct measurements of a,,. The scarcity of such quality data and
the correlation aspect of the methods lead to poor reliability.

Masood (1988) proposed a method which seems to give results within a reasonable
range; tests at two sites in California reported by Masood et al. (1988) gave K, values
comparing well with those determined by other in situ tests. The approach is based on
the use of the sleeve friction f., the overconsolidation ratio OCR (see section 6.9) and
the vertical effective stress 0,,. Fig. 6.5 is then entered with f /0, and OCR in order
to obtain K ,. Then,

O =K,0, (6.1)

In view of the precision and accuracy of £, this method can only be considered as
a rough guess. -

The purpose of the lateral stress cone (section 1.1) is to obtain a better estimate of
O 1o , DUt at present this is still an uncertain approach.

6.3 Soil Classification

Several soil classification charts based on the CPT or the CPTU data have been
proposed. They make use of the measured cone resistance q. and either the friction
ratio R ; or the pore pressure ratio B,. These charts should only be used as guides, and
it may happen that a soil will fall within different zones of classification on each chart. In
this case, engineering judgement as well as local experience may help to correctly classify
the soil behavior type. In all cases the CPT and these classification charts should be used
with the recovery of a minimum number of samples in order to ensure reliability of clas-
sification, unless the work is performed in a well defined region with much previous
experience.
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FIG. 6.5. K ,as a Function of CPT Sleeve Friction and Overconsolidation Ratio (from

Masood, 1988)
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CPT - In 1981, Douglas and Olsen proposed a chart which makes use of g. and

R, . The friction ratiois R, : R;=f,/g. x 100% or f./g; x 100% The
chart provides a better understanding of the factors influencing the parameters g. and
R, (Fig. 6.6). A simplified version of this chart was presented by Douglas in 1984 (Fig.
6.7). This chart makes use of the cone resistance g ., normalized for overburden pressure
and is recommended for use. The parameter q., is calculated by using the formula:

Ger=qc(1-1.25109,00,,) (6.2)
where o,, (tsf) is the effective overburden pressure. The use of g., instead of g. will

help to classify the soil with more accuracy because it accounts for the fact that g, will
increase with depth in a uniform deposit. The use of g, alone in this case might lead to
a gradual change in the soil’s apparent classification as the penetration of the CPT
increases.

CPTU - Experience shows as discussed at the end of section 2.1 that friction sleeve
measurements depend to a certain extent on the cone design, and are sometimes less
accurate and reliable than the tip resistance measurement (Robertson and Campanella,
1988). To overcome these problems, and to improve the method of classification, several
authors proposed to use the pore pressure ratio 8, (calculated from the CPTU data) in
additionto qr and R,;. These parameters are defined as follows; g is the total cone
resistance corrected for unequal pore pressure effects (section 5.1.2):

qr=q.+us(l-a) (6.3)
where a = netarearatio A,/ Ay and uris the pore pressure measured behind the tip.
The definitions of A, and A, are given on Fig. 5.1 and in section 5.1.2.

The pore pressure ratiois 8,:8,=Au/(qr-0,), where Au = excess pore pressure

=ur—-u,and o,, = total vertical stress.
The chart by Robertson (1990} is recommended (Fig. 6.8). When the value of g

and B, are not available, Fig. 6.8 can still be used to provide a reasonable estimate of
soil type. In this case Fig. 6.8 is entered with q . (from a CPT) instead of ¢ ; (Robertson,
1985). The corrected tip g+ is only important in soft clays and silts where the cone
resistance is low and pore pressures ere high (Robertson, 1990). In all cases the £, is
used.

44



1000
800

600 A

400

200 4

100

COARSE GRAINED

o
O
1

60

40 ~

COARSE AND

FINE GRAINED COHESIVE

NONCOHESIVE
FINE GRAINED

20

COMESIVE
FINE GRAINED

METASTABLE
SANDS

I D!DO!‘J

SENSITIVE MIXED
SOILS

CONE RESISTANCE, bars

NSITIVE

CLAYS
LA \wf

T T T L

1 2 3 4
FRICTION RATIO,FR, %

U
[+,]

1 bar = 100 kPa = 1 kg/cm?

FIG. 6.6. CPT Soil Behavior Chart (from Douglas and Olsen, 1981)

45
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6.4 In Situ Density Dr

Chamber tests on sands (Schmertmann, 1978; Baldi et al., 1981; Villet and Mitchell,
1981) show that the compressibility and the grain size of the material are the main factors
which influence the determination of Dr from CPT measurements. So far, the method
proposed by Baldi et al. (1986) seems to give relatively accurate results, although it is only
recommended for normally consolidated, uncemented, unaged quartz sands of moderate
compressibility (R ; of about 0.5%) with K, =0.45 (Robertson and Campanella, 1988).
Fig. 6.9 shows Baldi’s relationship between Dr, vertical effective stress (o, ), and cone
resistance { g ). The coefficients C,.C |, C;in the equation on Figure 6.9 are regression
coefficients for the curves shown and R is the parameter indicating the goodness of fit.

Lunne and Christoffersen {1983) recommend reducing ¢. for overconsolidated

sands (g .. to an equivalent normally consolidated resistance (g...) by estimating the
OCR and using the following equation:

QCOC KDOC

q—=1+o.75 1 (6.4)
K-OOC
K—=OCR-‘*5 (6.5)

Jamiolkowski et al. (1985) proposed a chart which can be used as a guide to adjust
the correlation by Baldi et al. (1986) for sands that may be more or less compressible (Fig.
6.10).

For those soils which are not quartz sands, Fig. 6.11 based on the soil classification
chart by Douglas and Olsen (1981) shows general trends for relative density. This chart
uses g.,, the cone resistance normalized for overburden pressure using the following
equation:

g.=9.(1-1.25log,, 0,) with o, in tsf (6.6)
6.5 Friction Angle ¢~

Several correlations have been proposed between the cone resistance g. and the

peak friction angle ¢ ~ measured in triaxial tests. Unfortunately, these correlations cannot
account for soil compressibility which influences the cone resistance.

Lunne (1991) recommends estimating ¢ from the following three different
approaches and choosing the ¢ value that is most conservative for the problem at hand.
First, use a correlation between Dr and ¢ , or run triaxial tests after finding Dr

from section 6.4.
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Second, for moderately compressible (R ; of about 0.5%), normally consolidated,
uncemented, predominantly quartz sands, the empirical correlation proposed by Rob-
ertson and Campanella (1983) can be expected to provide reasonable estimates of ¢~
(Robertson and Campanella, 1988). However, this method may underestimate ¢ * when
R, is higher than 0.5%, or overestimate ¢~ if the sand is overconsolidated. To use this
method it is necessary to measure q. and estimate o,,. Then, one can enter Fig. 6.12
to obtain the peak friction angle ¢°.

For sands which are not moderately compressible, Fig. 6.13 will help to adjust the
results from Fig. 6.12.

Third, use Durgunoglu and Mitchell (1975) approach

They proposed that g, could be estimated for cohesionless soils by

q.=pgBN ., E, (6.7)
where
p = soil mass density
g = acceleration of gravity
B = diameter of cone

N ,q = bearing capacity factor for the surcharge-friction term and can be calcu-

lated by
N -Cos(v=8)(1+sin,sin(2y-0,)) c0s*(V=9,.)
¥a cosb coSt , coS(Y = 0 ,,) 4cos?ycos?e °

m-gm‘
3

3cos(y-¢,,)cos?p zeutane;s(
+ e

)_Kcoswcosd:;,s
4coSYCOS P 5,

cos(Y =)

cosxpcosqa‘,,sm3 tany

.(m—m-)z.(m+2m')+KCOS(Y_¢,pS) 3 (6.8)
m=D/B (6.9)

sinf3cos(y-¢- an s’
tany=(sin¢’ps+\m)/(2+cos¢)’p$) (6.11)
Y=90°-a (6.12)
0,=180°-(y+v)+B (6.13)
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Uncemented Quartz Sands (from Robertson and Campanella, 1983)
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1
T 1+9tan’¢,,

38, tand”

. {Btanda'ps{e ”’cosB—cos(Go—B)}

{ 368 tans’
+ie

"sinB+sin(8,-B))) (6.14)
where
y.a,B.v.8 = angles defined on Fig. 6.14,
M = ratio of penetrometer depth D to cone diameter B,
M* = ratio of distance between cone tip and vertical tangency of the failure
surface to cone diameter,
6, = defines logarithmic failure surface angle,
K = coefficient of lateral earth pressure,
¢,, = drain, plane strain, friction angle,
E,, = shape factor which can be calculated as .

1.5
1.5
(O.6+tan5¢'p,]B/L

E,=(1.0-0.4B/L)+ (6.15)

B/D+
The solution of these equations to obtain ¢ involves an iterative procedure starting with
an initial guess.
Fig. 6.11, based on the soil classification chart by Douglas and Olsen (1981), may
also be used to estimate ¢~ as a function of g.;, where
Ga=9q. [1-1.25 log,, 0,,] (with o, in tsf) (6.16)
6.6 Constrained Modulus, M

Definition - Most correlations between in situ test results and the drained constrained
modulus, M, refer to the tangent modulus, as found from oedometer tests, where an
increase in pressure A p is applied and results in a relative change in volume AV /1 .

-1 from oedometer tests (6.17)

v

where m, = volumetric compressibility = (AV/V/Ap).

Sand - Several correlations have been published in order to estimate the constrained
tangent modulus of sands; these correlations are generally of the form:

M=aqg, (6.18)
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The parameter adepends on the overconsolidation ratio OCR, the effective stress
level, and the relative density Dr, for a given sand. (Figs. 6.15 and 6.16).

In 1983, Robertson and Campanella published a chart based on the cone resistance
q., and the vertical effective stress o, to estimate the constrained tangent modulus of
normally consolidated, uncemented quartz sands.

For overconsolidated sand the previous chart cannot be used since a increases with
OCR for a given sand. In this case, it is recommended to use the chart by Jamiolkowski
et al. (1988) (Fig. 6.16) which includes the influence of the overconsolidation ratio OCR,
the mean effective stress and the relative density Dr. The coefficient C,,C,.C, in the
equation on figure 6.16 are regression coefficients for the curves shown and R is the
parameter indicating the goodness of fit. To use this chart in practice, it is necessary to
estimate the value of the OCR, o0,,, K, and Dr. Then o, can be computed using

o, = 3 0, (1+2K,) (6.19)

and Fig. 6.16 can be used with OCR, Dr and ¢,, in order to obtain M.

Clays under Undrained Behavior - So far the methods that have been proposed to

predict the constrained modulus A of clays under undrained behavior lead to results that
may be in error by +100% (Robertson and Campanella, 1988). Therefore, the following
method should only be used to provide a rough estimate of A1,

In 1975, Mitchell and Gardner presented Table 6.1 for correlation between the cone
resistance g. and the constrained modulus M where

M=aq, (6.20)

The a values are adapted from Sanglerat (1972).
Note - A small strain constrained modulus can also be measured by using compression
wave data from the seismic cone penetrometer.
6.7 Young’s Modulus, £

Sand - Since soils are nonlinear materials, the soil modulus depends on the spherical
and deviatoric components of the stress tensor. Robertson and Campanella (1983)
acknowledged this fact and presented a relationship between the cone resistance and the
drained secant moduli at 25% ( F 25) and 50% ( E 50 ) of the failure deviator stress level,
for different levels of vertical effective stress o,,. More recently, Berardi et al. {1991)
recommended Fig. 6.17 which shows the ratioc of £ (0.1%) to g. as a function of q.

normalized with respect to the square root of 0,,. £ (0.1%) is the modulus for a normal
strain equal to 0.1%.
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Table 6.1 - Estimation of constrained modulus, M = a - g, for clays. (adapted from
Sanglerat, 1972) (after Mitchell and Gardner, 1975)

q. (bar) a Soil type
g.<7 3<a<8
7<q.<20 . 2<a<5 Clay of low plasticity
g.>20 1<@<2.5 (CL)
g.>20 o : 3<a<é Silts 'of low plasticity
q.<20 l1<a<3 (ML)
q.<20 2<a<6 Highly plastic silts and clays
(MH, CH)
q.<12 2<a<8 Organic silts (OL)
q.<7?
SO<w<100 1.5<a<4 Peat and organic clay
100 < w < 200 1<a<l.5 (P, OH)
w>200 0.4<ax<l
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Clay - Robertson and Campanella (1988) recommended the use of Fig. 6.18, based
on work done by Ladd et al. (1977), which shows the variation of the undrained Young’s
modulus £, divided by the undrained shear strength S, as a function of the stress level
for seven different céheéive soils. The recommended procedure is:

o Estimate the undrained shear strength S, (see section 6.11).

o Estimate the overconsolidation ratio OCR (see section 6.9).
o Using Fig. 6.18, estimate £, from the stress level appropriate to the problem.

A knowledge of the plasticity index PI would help in this determination.

6.8 Maximum Shear Modulus, G ..

The maximum shear modulus G ..., or G, in the figures, corresponds to very small
strains.

Sand -In 1985, Jamiolkowski et al. argued that G .. and g. are both functions of

the same variables: density and effective vertical and horizontal stresses. Therefore,
confidence can be placed on the estimate of G .« from g.. Robertson (1990) proposed
a correlation (Fig. 6.19) for normally consolidated, uncemented silica sands, where the
maximum shear modulus C .., is a function of the cone resistance q. and the vertical
effective stress o, .
To use this method in practice, it is necessary to measure g. and calculate o,.
Also available is a relationship proposed by Imai and Tonouchi (1982) between g,
and the SPT N value (Fig. 6.19):
) q.
G max = 125N with N == 6.21
max 4'5 ( )
with Gpax and g.inbarsand N in blows per foot.
Jamiolkowski et al. (1988) proposed a relationship between Gay, 9., Dr and the
mean effective stress o, .

C;]'I'HEI)(

[

o -0.08
~30.1pa(—m) exp(-1.84Dr)
- p

a
where p, = 98.1kPaand Dr is a fraction of one (i.e. not percent). This relationship is

valid only for Fig. 6.20 which shows the experimental data from which this was derived.

Clay - It appears that no accurate correlation is available at this time (1990), for
finding G .« from CPT results in clay. Fig. 6.21 from Robertson (1990) is presented as
a guide.
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Recently, the seismic cone has been used to obtain G n . using elasticity theory which

relates G nax 10 soil density p and shear wave velocity v by
G max = PV§ (6.22)

6.9 Stress History

Sand - So far, it is not possible to distinguish the stress history from cone penetration
data during drained penetration (Robertson and Campanella, 1988). Moreover, the cone
may give the same profile for a dense normally consolidated sand and a loose overcon-
solidated sand. Although some correlations have been proposed for sands, they are not
useable in practice.

Therefore, other means of investigation must be used to find tae overconsolidation
ratio of sand.

Clay - Schmertmann (1978) presented a method of estimating the overconsolidation
ratio OCR for clays. This is illustrated in Fig. 6.22.

o Estimate the actual undrained shear strength of the soil S, (see section 6.11).

o Estimate vertical effective stress o, .
o Compute S,/0,,

o Use(S,70,,), = 0.33 as a reasonable average.

o Estimate OCR using Fig. 6.22.
If the plasticity index is known, (S,/0,,),. can be computed from

Sy
—£=0.11+0.0037/, (6.23)
OUO

The above equation should only be used as an approximation in preliminary design (Fig.
6.23).

More recently Robertson (2990) presented a simplified version of this approach as
shown in Fig. 6.24.

Lunne et al. (1989) presented correlations between all the piezo-cone parameters
qc, fs,and u and the OCR as shown in Fig. 6.25. All the available parameters should
be used to obtain estimates of OCR, the difference in the values obtained being the
uncertainty in the estimate.
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6.10 Sensitivity

The sensitivity S, of a clay is the ratio of the undisturbed strength to the remolded
strength. Several researchers have found that the sleeve friction f. is closely related to
the remolded shear strength (Robertson and Campanella, 1988).

In 1978, Schmertmann suggested that S, should be obtained from:
N,
Ry

S, = (6.24)

where R, isthefrictionratioinpercentand N ; isaconstant. Comparisons with sensitivity

values from field vane tests suggest that N ; = 6 should be used for an initial estimate of
S,.
6.11 Undrained Shear Strength

The most common relationship to estimate the undrained shear strength of clays
S, from cone penetrometer data is:

(QC_OUO)
S.m = (6.25)

where N, is called the cone factor and o¢,, is the in situ vertical stress where g. is

measured. When possible, the use of g; in place of g . in equation 6.25 will reduce the
scatter from one cone to another. The cone factor N, which varies mainly between 10
and 20 should preferably be obtained from empirical correlation with the strength test
used in that area. When local correlations are not available, Robertson and Campanella
(1988) recommended touse N, = 15 for preliminary assessment of S ,,. However, since
N is sensitivity dependent, N, should be reduced to around 10 when dealing with a
sensitive clay (8 <5, < 16).

The above method may not give good results in soft clays, mainly because the cone
resistance will be too small to be measured with accuracy. To overcome this problem,
S. can be correlated with the excess pore pressure Au, measured during continuous
penetration. Indeed Au, is measured with good accuracy in soft clay, using a piezo-cone.
Campanella, et al. (1985) proposed two charts (Fig. 6.26) to estimate S, using:

Au,

l.l= 7
A’Au

S

(6.26)

where N, is a parameter which varies with the overconsolidation ratio OCR, the

sensitivity S ,, and stiffness ratio G /S ,,. Note that the value of G for the G / S, ratio can
be obtained with the seismic cone (Campanella & Robertson, 1984).

A



b 1 i
=
2 x
b w ¢lag
a O
g 2 .
a = 71 o)
Q
o
PORE PRESSURE 3
PARAMETER AT FAILURE, A¢ ‘é‘
4, ;
PORE PRESSURE =
MEASURED BEHIND TIP .
L 1 1 1 1 1 ] 1 1
10 8 6 4 2 0
a
PORE PRESSURE RATIO. N, = Yo
U g
8]
> 4500
5 T 15
Eox 1200 ol.?
cg g 4100 i
2 - .
g5 < g
-{20 E
410 o
w
PORE PRESSURE @
PARAMETER AT FAILURE. Af Z
-1 uw
PORE PRESSURE : I
MEASURED ON FACE
1 1 1 i 1 )i | o 1
10 8 6 4 2 0
4y,

PORE PRESSURE RATIO. NAU=

Su
FIG. 6.26. Proposed Charts to ObtainS , from Excess Pore Pressure,A 1, Measured
During CPTU ( From Campanella et al. 1985)

TABLE 6.2. A, Values for Clays ( From Robertson and Campanella 1988 )

SATURATED CLAYS Ay
Very sensitive to quick 1.5-3.0
Normally consolidated 0.7-13

Lightly overconsolidated 0.3-0.7

Highly overconsolidated -05-0.0
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To use these charts in practice, it is necessary to estimate the value of S, (see section
6.10) and OCR (see section 6.9). Then an appropriate value of A, can be estimated from
Table 6.2. Finally, Fig. 6.26 wil! give the value of N ,,,.

Note: Since it is necessary to know S, in order to find OCCR (see section 6.9) the

previous method can only be used if OCR is estimated using another means of investigation
than the CPTU, or by an iterative procedure.

6.12 Coefficient of Consolidation, Permeability.

Some methods have been proposed to derive the coefficient of consolidation C,

from the in situ measurement of the dissipation of excess pore pressure; the piezo-cone
is the device used most often for such measurements. The most comprehensive method
was developed by Levadoux and Baligh (1986), but is only applicable to sedimentary clays
with overconsoclidation ratio OCR less than 3. The following procedure to evaluate C,
is recommended (Robertson and Campanella, 1988):

1. Run a CPTU dissipation test.

2. Plot the normalized excess pore pressure (Au)/(Au,) versus log time, In this
ratio, Au = excess pore pressure above hydrostatic at time t=1t, and Au,=
excess pore pressure above hydrostatic at time ¢ = o.

3. Estimate the pore pressure parameter at failure, A ;s (table 6.2) and calculate
I+=G/S, (~F /35S, as a first approximation). If no data exists, assume A,
=0.8and /, = 100, | |

4. Compare the previous curve with the theoretical curves (Fig. 6.27).

5. If the shapes are similar, calculate:

C,= (6.27)

LS

where T = time factor {Fig. 6.27), R = radius of cone, t = time to reach a given
value of (Au(t))/(Au,).
Note: Time factor plots for other pore pressure stone locations have been
proposed by Baligh and Levadoux (1980).

6. Ifoneassumesthat thesoil compressibility is isotropic, then C, canbe calculated
using |

- K
c,=C, x

v

z (6.28)

Where K,/ K, can be estimated using Table 6.3.
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NORMALIZED EXCESS PORE PRESSURE

7. The permeability K and K, can be obtained from the relationship between

permeability and coefficient of consolidation: K, =C,vy,/MorK,=C,y,/ M.
The parameter M is the constrained modulus discussed in section 6.6.
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FIG. 6.27. Theoretical Curves for Cylindrical Pore Pressure Dissipation for Various
Stiffness Ratios (from Battaglio et al., 1981)
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Table 6.3 - Anisotropic permeability of clays (after Baligh and Levadoux, 1980).

Nature of Clay kn/k,
= —_—
1. No evidence of layering. 12 = 0.2
2. Slight layering, e.g., sedimentary clays with 2to5

occasional silt dustings to random lenses.
3. Varved clays in north-eastern U.S. 10 = 5

6.13 Liquefaction

At present, it is difficult to establish reliable correlations between liquefaction
potential and CPT data, because of the scarcity of field data.

The correlations by Robertson and Campanella (1985) and Shibata and Teparaksa
(1988) can be used to estimate the liquefaction potential of clean sands. They are not
recommended for very coarse sands or gravelly sands (Lunne et al., 1989) and should be
used only as an estimate of liquefaction potential. To use these methods in practice the
following procedure is recommended.

1.
2.

Estimate the vertical effective stress o, .

Using Fig. 6.28, calcuiate the overburden correction factor C and compute
Q.=Cqg.where q. is the cone resistance.
Estimate the mean grain size using Fig. 6.29 and a knowledge of q. and R;.

Use Fig. 6.30 to estimate the cyclic stress ratio, T.,/0d,, to cause liquefaction

of the soil.
Estimate the average cyclic stress ratio t©/d,,induced by the design earthquake
(Tokimatsu and Tashimi, 1983):

oo am-1dm=Ze 50152y (6.29)

vo uvo

where:
M = earthquake magnitude.

an.x = acceleration in the sand layer being considered.

g = acceleration due to gravity.

0, = total overburden pressure on the sand layer being considered.
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Q
Il

. = initial effective overburden pressure on the sand layer being consid-

ered.
=z = depth, in meters.
An alternative for step S would be to use the seismic cone in order to obtain a
small strain shear modulus G ., and use G .« together with the appropriate

computer program in order to obtain the 1/¢”,, ratio for a given earthquake
excitation.

6. Compare T.,/0,, t0 T/0,,to see if liquefaction is likely to occur under the

design earthquake.

Teparaksa (1991) preser.ted an equation for critical cone resistance (q.),, , below

cr?

which liquefaction is likely to occur:
(t/0,,)-0.1
(qc)cr=C2[50+2OO{m}} (6.30)
where

correction factor

o)
N
I

1.0 for clean sand with D5 > 0.25 mm
Dsq (mm)/0.25 mm for fine grained soils with Dgp > 0.25 mm.
Using equation 6.30 a (q.),, profile may be generated. If the actual g, profile falls

below the (q.) profile, there is a chance of liquefaction. This (g .) profile may also be
used for verification of soil improvement techniques against liquefaction. Yet, another

approach is presented by Robertson et al. (1992) based on normalized shear wave velocity.
6.14 Comparison with SPT

Robertson (1990) presented a correlation between the ratio of g./N as a function

of the mean grain size, Ds( (Fig. 6.31).
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7. DESIGN EXAMPLES AND APPLICATIONS

7.1 Design of Shallow Foundations
7.1.1 Sand
7.1.1.1 Bearing capacity: Procedure

1. The Terzaghi bearing capacity equation for cohesionless soils is:

where:

Qeo

qu=quDNq+%KyyBNv

ultimate bearing capacity, in tsf.

effective unit weight of the soil.

depth of embedment of the footing.

equivalent cone tip bearing: §.=yqe, X Gep, tsf.

average cone tip bearing g. from 0 to 0.5B below the footing.

footing width.

average cone tip bearing g. from 0.5 to 1.5B below the footing.

(7.1)

N, and N, are the bearing capacity factors. Schmertmann (1978) recommends to

estimate N, and N, from

N,=N,=1.25g, with q, in tsf

(7.2)

Another way to obtain ~V, and N, isto estimate ¢  from g. and use the conventional

values of N, and N, (Terzaghi and Peck, 1967).
K, and K, are two correction factors which account for the load inclination, the

footing shape, the depth of embedment, the inclination of the base, and the inclination
of the ground surface (section 7.1.1.3).

An appropriate factor of safety is used to obtain the safe bearing pressure, usually 3.

As a check, the method by Meyerhof (1956) and Awkati (1970) may be used.

2. Meyerhof (1956) proposed:
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where:
q. = ultimate bearing capacity in tsf.

B

D

width of the footing in feet.

depth of embedment in feet.
g. = average cone resistance within a depth B below the footing in tsf.

Afactor of safety of 3 is recommended by Meyerhof to obtain the safe bearing pressure.
3. Awkati (1970) proposed to use Fig. 7.1 in order to estimate the ultimate bearing
capacity of shallow footings on sand. A factor of safety of 3 may be used to obtair:

the safe bearing capacity.

7.1.1.2 Bearing Capacity: Precision of Procedures 1 to 3

Plate loading tests have been performed to check the relationship proposed by
Meyerhof (1956). The results are presented in Fig. 7.2. Meyerhof (1956, 1957) found that
the observed ultimate bearing capacities are conservative for small footing width; they are
about twice the estimated values in the case of 1 ft wide footings. However, the proposed
relationship is considered reasonable for the larger footing width 1.5 ft < B < 3.5ft. Larger
footings may have smaller bearing capacities than predicted by this method. No extensive
data base study is known to have been done to evaluate the precision of procedures 1 and
3. However, procedure 1 is the classical method to estimate the bearing capacity on sand.

7.1.1.3 Bearing capacity: Eccentric load, inclined load, footing shape, depth
of embedment, base and ground inclination
The previous design rules refer to the case of a vertical load applied at the center of
a shallow strip footing around which the ground surface is horizontal. When dealing with
an eccentric load, an inclined load, depth of embedment, base and ground inclination, ané
different footing shapes, Vesic (1975) proposed to apply the reduction factor K, and K,
to N, and N, respectively:

K =i,"5,°d,"b, 0, (7.4)

=i, s, b, g, (7.9)
where i,s,d, b, g areindividual correction factorsrelated to inclined load, footing shape,

depth of embedment, base and ground inclination.
* Load eccentricity:
Load eccentricity decreases the ultimate vertical load that a footing can
withstand. This effect is accounted for in bearing capacity analysis by reducing
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This chart is valid for a footing with an embedm;nt, h, defined as:
h>15+B /2 whenB, the minimum width of the footing is < 3’

h>4+ when B, the minimum width of the footing is > 3’

FIG. 7.1. Chart for Estimating the Ultimate Bearing Capacity of Shallow Footing

on Sand Using Average g. Over Depth 1.5B Below Footing ( From Awkati 1970 )
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the width g an amount 2e, and the length 7/ anamount 2¢,, where e, and
e, are the eccentricities along the length and width, respectively. The reduced
dimensions of the footing are:

(See Fig. 7.3a for the definition of e, and e..)

L =1-2e, (7.6)
B'=B-2e, (7.7)
The CPT design rules are then applied to the B % L~ footing.
* Inclined load:
. HA\™
lq=(1_6) (7.8)
H m+ 1
i,=(1——6) (7.9)

Q is the projection of the load resultant on the axis perpendicular to the footing,

and H is the projection of the load resultant on the plane of the footing (see Fig.
7.4).

m=m,;cos’@+m,sin®@ (7.10)

where: '

2+ 5 L and B are defined as before.
m,; = T

1+;—,

2+% L” and B are defined as before.
—

B 1+ 5

© is the angle between the long axis of the footing and H (see Fig. 7.4).
* Shape factors: -

1. Rectangular ’
& sq=1+(%)tan¢ (7.11)
s, = 1—0.4?—, (7.12)
2. Circular s,=1+tan¢ (7.13)
5,=0.6 (7.14)
where: ¢ is the friction angle of the sand.

B~ and L~ are defined as before.
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FIG. 7.4. Load Projection
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FI1G. 7.5. Influence Factor for Footings on Sand ( Modified After Schmertmann
1978a )
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* Depth factors:
d,=1+2tan¢(1-sin¢)’D/B"
where:
¢ is the friction angle of the sand.
B is the reduced width of the footing.

Dis the depth of embedment.

* PBase inclination factors:

b,=(l-vtan¢)’=b, (7.15)
where:

¢ is the friction angle of the sand.

v is the base inclination angle in radians (Fig. 7.3b).

* Ground inclination factors:
g,=(l-tanp)’=g, (7.16)
where:
B is the ground inclination angle in radians (Fig. 7.3b).
Note: For footings on slope, the first step is to ensure that the slope with the
footing load is sufficiently safe.
Note: These factors are mostly derived from theory and very little data exists
to verify their accuracy.
7.1.1.4 Settlement: Schmertmann’s (1870) step-by-step procedure
* Settlement equation:

Computer programs have been written to automate the calculations for this
method (SCHMERT (Tucker, Briaud, 1990) and SETSAND (Dumas, 1984)).
Toestimate the settlement of shallow foundations on sand, Schmertmann (1978)
suggests:

S=C,C,- A il""az‘ (7.17)

- * - po N

: 2 1 x'q:t

Cl=1-o.5(°—l] (7.18)

AD
[t

C,=1+0.2log | =% (7.19)
10 01

where:

S = settlement in units of A z.

o

correction factor for depth of embedment.
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C, = correction factor for creep settlement.
A p = net foundation pressure increase at the bottom of the footing =
g -0’ (in the same units as q. ).
q = bearing pressure (in the same units as g. ). ‘
0, = previous vertical effective stress at the elevation of the bottom of the
footing.
/.. = strain influence factor at the center of the i" sublayer (Fig. 7.5).
N = number of sublayers.
Az, = thickness of the i** sublayer.
t,, = time in years after the application of o, + A p on the soil.
q. = average value of g, inthe (" layer.
X = modulus factor = 2.5 for square footing.
= 3.5 for strip footing,
(after Schmertmann, 1978)
X-q. = E = equivalent Young’s modulus for the sand.
Procedure:

1. Prepare a table with the following headings:

Layer #

AZ;’ | Izz

b

2. Obtain the static cone bearing capacity { g.) over the depth interval from
the proposed footing depth to a depth of 2B (square footing) or 4B (long
footing) below the footing depth, or to a boundary layer that can be assumed
incompressible, whichever occurs first ( B is the footing width ).

3. Divide the g, profile into layers of constant g, .

Each layer shall not be

thicker than B.
4. Superimpose the appropriate strain factor diagram (axisymetric or plane
strain as required) from Fig. 7.5, and find /., for each layer .

S. Estimate X for each layer.
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6. Compute Ap.C, and C,.

{,-4z,

7. Compute S=C, -Cg-Api -y
Note: If 1 < L/B < 10, solve for both the axisymetric and plane strain case, and
interpolate between the two results (L is the footing length).

7.1.1.5 Settlement, precision of Schmertmann’s method
The method presented by Schmertmann in 1970 and revised in 1978 is considered
to be the preferred approach, and has gained considerable popularity over the past ten

years. This method is directly applicable only for first load case, and Schmertmann (1978)

recommends reducing the predicted settlement by a factor of two if sands are determined

to be preloaded (overconsolidation, roller compaction, previous footing . . .). Gifford et
al. (1987) evaluated the method using 10 literature case histories gathered in a FHWA
project (Fig. 7.6a). The footings were placed on natural granular soil and bearing pressures
ranged from 1.52 to 10.60 ksf. The footing width ranged from 8.5 to 23.0 ft. The ratio of

calculated/measured settlement had a mean of 1.59 and a standard deviation of 0.74.

Briaud et al. (1985) also evaluated the method using the 37 case histories presented in

Schemrtmann (1970). The ratio of predicted settlement to measured settlement versus

measured settlement is presented in Fig. 7.6b. For these cases, Schmertmann’s method,

on the average, overpredicted settlement by 30%.

7.1.1.6 Robertson and Campanella revision of Schmertmann’s method
Robertson and Campanella (1988) modified the value of X=£/q. defined in

section 7.1.1.4, in order to account for the effect of magnitude of foundation pressure and
soil stress history, on the calculated settlement. Robertson and Campanella proposed:
X=Cs-a (7.20)
where:
C3; = shape correction = 1.0 for circular footing.

= 1.75 for strip footing.
= 1.25 for square footing.

a = empirical factor = 2.5 to 3.5 (recent N.C. silica sand, age < 100
years).

= 3.5 to 6.0 (N.C. aged silica sand, age > 3000
years).

= 6.0 to 10.0 {O.C. silica sand).
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To the authors’ knowledge, Schmertmann’s (1970) method has not been evaluated

with such values of X,
7.1.1.7 Settlement: Meyerhof’s (1974) method
Meyerhof (1974) proposed as a simple estimate:

S= g ;j (7.21)
where:
S = settlement.
P = net foundation pressure.
B = width of the footing.
q. = cone resistance averaged over a depth equal to B below the footing.

7.1.1.8 Settlement: Precision of Meyerhof’s method
This method may be used as an alternate to Schmertmann’s method, or perhaps as
a check. Meyerhof (1974) evaluated his method using 20 case studies which were not used
to develop the method (Fig. 7.7). The ratic of calculated/measured settlement had a mean
of 1.26 and a standard deviation of 0.44. The sizes of the footings were not given by
Meyerhof.
7.12 Clay
7.1.2,1 Bearing capacity: Procedure 1

* Bearing capacity equation:
The bearing capacity of clays is generally calculated using the undrained

shear strength S, estimated from cone penetrometer test data.
Skempton (1951) proposed to use the conventional formula:
qu=K o N-Sy+vy:D (7.22)
where:
g. = ultimate bearing capacity.
N . = Skempton’s bearing capacity factor which includes the effect of shape
and embedment.
vy = total unit weight of the soil.
D = depth of embedmert of the footing,

S, = undrained shear strength.

K. = correction factor which accounts for load inclination, inclination of the

base, and inclination of the ground surface.
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FIG.7.7. Comparison of Estimated and Observed Settlement of Shallow Foundation

in Sand Using Meyerhof’s Method ( Modified After Meyerhof 1974 )
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* Procedure:

1. Calculate the geometric average q. from the base of the footing to 1.5 B

below the base of the footing:
6c=\'q“ xqcz
where:

q. = equivalent cone tip bearing.
q., = average of the cone tip bearing g. from 0 to 0.5B below the depth

of the footing.
q., = average of the cone tip bearing q. from 0.5 to 1.5B below the

depth of the footing.
B = width of the footing.

2. Estimate S, from q. using the method discussed in section 6.10.

3. Obtain Skempton’s bearing capacity factor N . using Fig. 7.8. The value of

N . for a footing varies with the ratio of the width B to length L, and with
the depth of embedment D. For any given value of D/B, Fig. 7.8 shows that
the bearing capacity factor for circular and square footings is approximately
1.2 times the corresponding value for a long continuous footing. A linear
interpolation may be used for rectangular footing having intermediate value
of B/L.:

B
Newriy=Newrisoy™ z(Nc(B/L-J)_ N c(8/1-0)) (7.23)

4, Estimate the value of K. using the method discussed in section 7.1.2.5.

5. Compute g, from equation 7.22.

7.1.2.2 Bearing capacity: Precision of procedure 1
To date (1991), no extensive data base study has been done to evaluate the precision
of this design procedure. This method is the classical method used to calculate the bearing
capacity on clay. The added possible error is the one due to getting S, from qg..
7.1.2.3 Bearing capacity: Procedure 2
* Bearing capacity equation:
Tand et al. (1986) proposed a procedure for predicting the ultimate bearing
capacity of a circular or square footing. This procedure is based on the analysis
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( From Peck, Hanson, and Thornburn, 1974 )
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of 16 case histories where cone penetration testing had been performed in con-
junction with load testing of plates or full size footings. The clay ranged from
lightly to heavily overconsolidated, and from stiff to very stiff. No load tests on
normally consolidated clays are present in this data base. Tand et al. (1986)
proposed:

g.=K¢-Re(g.-YD)+YD (7.24)
where:

g. = ultimate bearing capacity.

R, = bearing capacity factor (Fig. 7.9) for circular or square footings.
q. = equivalent cone tip bearing.

y = total unit weight of the soil.
D = depth of embedment of the footing.
K = correction factor which accounts for load inclination, footing shape,
inclination of base, and inclination of the ground surface. This factor
is not part of the original recommendations from Tand et al. (1986)
and is added here for completion.
Procedure:
1. Find q. using the method discussed in section 7.1.2.1.

2. Compute the equivalent embedment depth H,:

D
H,=) Az-q./q. (7.25)

where:

D = unadjusted depth of embedment.
9.74z = cone tip bearing in a sublayer within D times the thickness A z of that

sublayer.

qg. = equivalent cone tip bearing pressure below the footing.

3. Compute the ratio of equivalent embedment depth to footing size:
H,
B

where:

B = width of the footing.
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4. Scale R, from Fig. 7.9 using H,/B. It is recommended that the lower

bound curve be used for fissured or slickensided clays and that the average
curve be used for all other clays unless load tests verify the use of the upper
bound curve for intact clays.

5. Estimate the value of K, using the method discussed in section 7.1.2.5,

6. Compute g, from equation 7.24,

7.1.2.4 Bearing capacity: Precision of procedure 2

This method can be evaluated on the data base used to develop it (Tand et al., 1986).
The ultimate bearing capacity for the case histories mentioned in Fig. 7.9 is within + 20
percent of the average values.

7.1.2.5 Bearing capacity: Eccentric load, inclined load, base and ground
inclination, footing shape.

When dealing with eccentric load, inclined load, footing shape, base and ground
inclination, one must correct the values of N . in procedure 1 (section 7.1.2.1) and &,
in procedure 2 (section 7.1.2.3), using the correction factor K. and X, respectively such
that:

K.=i"b-g (7.26)

K,=i-s5-b-g (7.27)

where 1, s, b, g are individual correction factors related to inclined load, footing shape,

base and ground inclination respectively. The proposed factors are for a short term analysis
characterized by the fact that no dissipation of excess pore pressure occurs.

A long term stability analysis is characterized by the fact that all excess pore pressures
have been dissipated. If such an analysis is required for an N.C. clay, one may use the
individual correction factors of sand presented in section 7.1.1.3, where ¢ is the friction
angle of the clay.

* Eccentric load:

Tte effect of load eccentricity on the bearing capacity is discussed in section
7.1.1.3. Once B and L~ have been found, procedure 1 and 2 (see section 7.1.2.1
and 7.1.2.3) can be applied to the B"x L~ footing (instead of the BXx L footing.

* Inclined load:
Hansen (1961) proposed:

H
i=(1—1,31—;)withHSO.4V (7.28)
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where 17 is the projection of the load resultant on the axis perpendicular to the
footing, and # is the projection of the load resultant on the plan of the footing.

* Footing shape:
Tand (1986) recommends to use Hansen’s (1961) shape factor:

1 B’
S=E(1+O.2?) (7.29)
where B’ and L~ are defined in Fig. 7.3a.
* Base inclination:
Vesic (1975) proposed:
b=1-0.3%9v (7.30)

where v is the base inclination angle in radians as defined in Fig. 7.3b.
* Ground inclination:
Vesic (1975) proposed:
g=1-0.398 (7.31)
where B3 is ground inclination angle in radians as defined in Fig. 7.3b.

* Depth of embedment:
Tand’s formula already incorporates the effect of the depth of embedment
through the factor R, (Fig. 7.9).
7.1.2.6 Settlement: Sanglerat’s (1972) step-by-step procedure
* Settlement equation:
Sanglerat proposed:

< Ao
S= ZH"aEC (7.32)
where:
S = total settlement, including short term and long term settlement.
H, = expected change in stress at the middle of a soil layer.
a = soil compressibility coefficient.
g. = average tip resistance for a soil layer.

* Procedure:
1. Prepare a table with the following headings.
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2. Divide the soil into layers of approximately constant Aog. Since Ao does
not vary linearly with depth, the layer thickness A, should be small right
below the footing, and can increase with depth.

3. Estimate g, for each layer.

4. Estimate o for each layer using Table 7.1.

5. Estimate the expected change in stress Ao at the center of each layer, using

the following methods; these methods give the increase in stress under the
center of the footing.

Circular footing: _
, o 2
AG=Ap 1_[1+(_” (7.33)
z

Ap = netfooting pressure = g-07,.

where:

g = footing bearing pressure.

o”, = effective stress at the footing depth.

R = radius of the footing.
z = distance from the bottom of the footing to the center of the soil layer.

Rectangular footing:

AC=4Ap 1 o (7.34)

where:
Ap

Im.ny = stressinfluence factor calculated using Fig. 7.10 where n X z is half the

net footing pressure defined as before.

width of the footing, m X z is half the length of the footing, and z is
defined as above.
For the increase in stress Ao under the corner of the footing, the equation is:
AG=APXT o (7.35)
where /(.. ,, is obtained as shown on Fig. 7.10.
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Table 7.1 - Sanglerat’s correlation for M\, M =a - q.
(after Costet and Sanglerat, 1975)

q. (bar) a Soil type
qQ.<7 3<a<8
7<g.<20 2<a<5S Clay of low plasticity
q.>20 l1<a<2.5 (CL)
q.>20 3<a<é Silts of low plasticity
(ML)
q.<20 I<a<3
g.<?20 2<a<6 Highly plastic silts and clays
(MH,CH)
g.<12 2<a<8 Organic silts ( OL )
q.<7
50<uw< 100 1.5<a<4 Peat and organic clay
(P,,OH)
100<w <200 l<a<1.5
w>200 0.4<a<l
20<qg. <30 2<a<4 Chalk
g.<50 a=2 Sand
g.>100 a=1.5

101




026
024
022 Z\ =
020 p2
ot W >
’/4—m17/ ore /
-ﬁ 0.14 } y‘
s s
i.‘c, Q12 / // ’ -
010 / A /V
o1 MV E
y ”
008 Y/ 0.2
e
oo LA LA
A =
o024 zatl
//
o 0
0.1 1 0

FIG. 7.10. Vertical Stress Under Corner of Uniformly Loaded Rectangular Area
( From Fadum 1948 )

102



6. Compute the total settlement using Equation 7.32.
Note: Schmertmann (1978) proposed a method to estimate the settlement on
clay which makes use of the compressionindex C .. This method is not presented
here since it is difficult to assess C . from a CPT test.
7.1.2,7 Settlement precision of Sanglerat’s (1972) method
Sanglerat evaluated his method in 1979, using the data from 17 different sites in
France (Fig. 7.11). The ratio of calculated/measured average settlement had a mean of
1.47 and a standard deviation of 0.53. Thus, this method overpredicts the settlement on
the average and for this data base. It seems that this inaccuracy is due to the difficulty in
assessing a from table 7.1. Therefore, local experience based on field settlement
observation will help to adjust the method for any particular clay. Note that Sanglerat’s
method is not limited to clays and can be applied to other soils as well.
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Mean Y/X = 1.47
Std. Dev. Y/X = 0.53
No. of Cases = 19
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FIG. 7.11. Comparison of Predicted Versus Measured Average Settlement for

Sanglerat’s Method
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‘FIG. 7.11. Continued



7.1.3. Design Examples
7.1.3.1 Example problem 1: Rectangular footing on sand

The data from an electric CPT for use in example problem 1, as well as the

footing shape, are presented in Fig. 7.12.

CONE TIP BEARING ( tsf )
0 10 20 30 40 50

5 ft
+
L =13 ft B=6 ft
3 ft
3
DENSE SAND %
¥ = 105 Ib/et3 ™
6 ft 9 H
=l
&
[a¥
&
O
]

FIG. 7.12. Example Problem 1
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EXAMPLE 1 - SHALLOW FOOTING ON SAND (Fig. 7.12)

Bearing Capacity
1. Schmertmann (see section 7.1.1.1)

The average of the cone tip bearing g. from 0 to 0.5B below the footing is:
q., =40 tsf
The average of the cone tip bearing g. from 0.5 to 1.5B below the footing is:
_(40Xx2)+(60%4)
qcz - 6
Then, the equivalent cone tip bearing is:
q.=V40x53.3=46.2 tsf

=53.3 tsf

and
N,=N,=1.25X46.2=57.7
The correction factors K, and K, are:

1]
Qa
"
—
+
——
ule
S
—+
o)
=
W
4l
o
I
—
W

by, = bg=1
gy = gg=1
SO,
K,= 1.3
K, = 0.8

Finally, the ultimate bearing capacity g, is:

g, = 1.3% 105X5X57.7+§XO.8X 105X 6X57.7

G. = 53920.6 b/ ft?

or
gy, = 27 tsf
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The safe bearing capacity is:
Gsajge = 27.0/3=9.0 tsf

Using the conventional bearing capacity factors: ¢ =38° so that N,=355,N,=65
(Terzaghi and Peck, 1967): -

q.=1.3% 105X5X55+%XO.8X 105X 6 X 65

=53918 b/ ft°
=27.0 tsf

This is the same capacity as given by Schmertmann’s procedure.
2. Meyerhof (see section 7.1.1.1)
The ultimate bearing capacity is:

qu=4OX£(l+§) tsf

40 6
g,=11 tsf
The safe bearing capacity is then:
11
==
q safe 3 Sf

Qsare=3.7 tsf

3. Awkati (see section 7.1.1.1)

From Fig. 7.1, the ultimate bearing capacity is:

g,=11 tsf

The safe bearing capacity is then:
11
3

Qsape=3-7 IS

A q.qs. value of 3.7 tsf is used as a result of the above calculations.

tsf

QSﬂfE
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7.1.3.2 Example problem 2 : Rectangular footing on clay
The data from an electric CPT for use in example problem 2, as well as the

footing shape, are presented in Fig. 7.13.

CONE TIP BEARING ( tsf )

0 5 10
PRSI | l -
5 ft
¥ 5
3 ft
_“_._. - -
3
m
2R
fay
Z+to
N.C C ==
6 ft ¢ = 115 o/t E. -
=]
i - - - -
] \

FIG. 7.13. Example Problem 2
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EXAMPLE 2 - SHALLOW FOOTING ON CLAY (figure 7.13)

Bearing Capacity
1. Skempton (see section 7.1.2.1)

* The average of the cone tip bearing g. from 0 to 0.5B below the footing is:

_1.7+2.9

> =2.3 tsf

qu

The average of the cone tip bearing g. from 0.5 to 1.5B below the footing is:
_2.9+4.9
2
Then, the equivalent cone tip bearing is:
q.=v2.3x3.9=3 tsf
* The undrained shear strength S, is:

Qe =3.9 isf

q.-vYD
S« 5
and
yD=115x5=575 b/ ft?
or
yD=0.27 tsf
SO

5,=(3-0.27)/15=0.18 tsf
* N.fromFig.7.8is(D/B = 0.83): N, =74

* The correction factor X, is:

K.,=i"b-g
where:
i=1
b=1-0.39x0.17=0.93
g=1
SO ‘
K.=0.93

* Finally, the ultimate bearing capacity q, is:

q,=0.93x7.4x0.18+0.27
q,=1.5 tsf
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2. Tand (see section 7.1.2.3)
* The equivalent cone tip bearing is calculated as before:

ac =3 tsf
* The equivalent embedment depth H, is:

D
q.
H e Az-—
Lo
The q. profile from the ground level to a depth D is divided in 5 layers of

thickness Az =1 ft .

Layer No. Az q. Az q./q.

(ft) (tsf) (ft)
1 1 0.4 0.13
2 1 0.7 0.23
3 1 1.0 0.33
4 1 14 0.47
5 1 1.7 0.57

H,=1.73ft
* The ratio of equivalent embedment depth to footing size is:
%‘- - 1—'2—3 =0.29

* R, fromFig. 79is: R, = 0.4 (average curve).

* The correction factor X, =i-s-b-g

where:
i =1
s=1/1.2(1+0.2(6/713))=0.91

b =1-0.39x0.17=0.93
g =1

SO

K, = 0.85
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* Finally the ultimate bearing capacity g, is:

q,=0.85x0.4X(3-0.27)+0.27
g.=1.2 isf
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7.1.3.3 Example problem 3 : Rectangular footing on layered soil

The data from an electric CPT for use in this example are presented in

Fig. 7.14.
CONE TIP BEARING ( tsf ) STRAIN INFLUENCE FACTOR, Iz
a 10 50 0 0.5 1.0
» “]' SO S NS WY S S I T W PR S G G T S S W W |
1 ft| =
I-l -— -
B = 4 ft
L = 50 ft

™
Fs)
¥
3
wn
8 ft ©
-~
1]

=

R

.

-4

Fio H

-

I~

&

_L _____ e ) ISTRESS INFLUENCE FACTOR, I
) 0.05 0.1

Sl
[}
e
o~

20 years

115 Lb/ft3
Footing Bearing Pressure

Design Life

CLAY ( CL )
¥ total

| T N

HARD BOTTOM

FIG. 7.14. Example Problem 3
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EXAMPLE 3 - RECTANGULAR FOOTING ON LAYERED SOIL (Fig. 7.14)

Settlement in sand using Schmertmann’s 1978 method

* | Layer No. Az I, qe X !:j:
() (tsf)
1 1 0.26 58 3.5 0.0013
2 1 0.42 49 3.5 0.0024
3 2 0.62 78 35 0.0045
4 1 0.72 59 35 0.0035
S 3 0.59 48 3.5 0.0105

> =0.022 ft%/t

* The strain influence factor /. is calculated as explained on Fig. 7.5. The results

are plotted on Fig. 7.14.

1,,=0.5+0.1

where
Ap = g-0,
and
o6, = 105x1=1051b/ft?

0, = 0.05(sf

Ap = 2-0.05 isf
Ap = 1.95 tsf

0, = 105x5=5251(b/ft?
g, = 0.25 tisf

Finally,
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{1.95

I., = 0.5+0.1,

—==0.77

0.25

* The value of C, is:
Ci = 1-05(0",7ap)
C, =1-05(0.05/1.95)
C, = 099

* The value of C; is:

Cz = 1+O.210g lo(ty,-/o-].)

C, = 1+0.2l0g,,(20/0.1)
C, = 1.46
* The settlement of the footing due to the sand layer is:
<. C 'C2~APZ],:..3:
S =099x1.46x1.95x0.022
S = 0.062ft(1.9¢cm)
Settlement in clay using Sanglerat’s (1972) method
* | Layer H, q. a Ag H, :—;g
No. (ft) (1sf) (tsf) (ft)
6 1 6.0 4 0.48 0.020
7 1 6.0 4 0.44 0.018
8 2 7.0 4 0.38 0.027
9 2 7.5 4 0.31 0.021
10 2 7.7 4 0.28 0.018
11 2 8.0 4 0.25 0.016

* From Table 7.1, a = 4: low plasticity clay with:

q.<7 tsf and7<qg. <20 1tsf
* The expected change in stress Ao is obtained using Equation 7.34, and Fig. 7.10.

The stress influence factor /. ., is plotted on Fig. 7.14,
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The net footing pressure A p is calculated as before:
Ap=1.95 tsf
SO
AG=4X1.95%] 1

AU=7.8xl(m.n)

* The settlement of the footing due to the clay layer is:
$=0.12 ft(3.7cm)
3. Total settlement of the footing
The total settlement of the footing is:
5=0.062+0.12
S$=0.182 ft(5.6cm)
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7.2 Design of Vertically Loaded Piles

7.2.1 Ultimate bearing capacity: introduction
The uitimate bearing capacity in compression for a pile is:
Q,=0,+0, (7.36)
or
Q=G A+ f-A, (7.37)
where
Q, = totai end bearing, b (kN)
Q. = skin fricticn resistance, 1b (kN)
f = average unit sxin friction, ]b/ft2 (kPa)
A, = piie shaft arez within a chosen layer, ft2 (m2)
g, = ultimate peoint end bearing, Ib/f12 (kPa)
A, = pile gress end bearing area, f1Z (m2)
in the specia! case of an open-ended pipe pile, the ultimate bearing capacity in
compression requires the caiculation of Q;(uipiuggedy @D Q1(piuggeay - 1he value of
Q 1(pluggea) is Obteined by equation 7.37. The value of Q(unpigoed) 1S Obtained as follows:

Q Lqunprugoeny =G " Ap+ (O fr A+ ) Fr AL (7.38)
where
Qp, = total anc bearing, (b (kN)
Qs = skin friction resistance, ib (kN)
Ff = average uni¢ skin friction, Ib/ft2
A, = outer pile shaft area within a chosen layer, ftZ (m2)
A’, = irner pile skaft area within a chosen layer, ft2 (m2)
g, = ultimate point bearing, 1b/f12 (kpa)
A’, = cross sectional area of pile point = nt(d,-t), ftZ (m2)
t = pile wall thickness, ft (m)
d, = outer pile diameter, ft (m)

The pile capacity is the lower of the two values: Q;(unpiuggeay a0d Q1(piuggody -
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For H piles, the ultimate bearing capacity in compression should be calculated by
considering that the pile is half plugged (Tucker and Briaud, 1988). In tension, the
enclosing outside perimeter should be used.

7.2.2 Ultimate bearing capacity: step-by-step procedure

Three methods for using the CPT results topredict vertical pile capacity are presented
here:

- De Ruiter and Beringen (1979)
- Schmertmann (1978)
- LPC (Bustamante and Gianeselli, 1983)
A microcomputer program exists for the LPC method (Tucker and Briaud, 1986).
For each method, the following procedure should be applied:

1. Obtain the cone bearing resistance g. and the cone friction resistance f ; over
the depth interval from the ground surface to 8 pile diameters below the pile
tip.

2. Divide the g. and £, profiles in layers. Then, average the values of q. and
f s for each layer.

3. Assign a soil type to each averaged value (see section 6.3).

Estimate the value of £ for each layer, and estimate g ,. To do so, enter one of
the three methods:

- De Ruiter and Beringen (section 7.2.3)

- Schmertmann (section 7.2.4)

- LPC (section 7.2.5)

5. Compute the ultimate bearing capacity using equations 7.37 and 7.38, and adopt
the lowest value of Q.

7.2.3 Ultimate bearing capacity: De Ruiter and Beringen method

The method proposed by De Ruiter and Beringen (1979) to estimate g, and £is

the following:

* Sand
- The unit skin friction fis the minimum of:
7,=0.12 MPa (7.39)
f>=CPTsleeve friction f, (7.40)
f3=q./300(compression) (7.41)
f3=¢qg./400(tension) (7.42)
where
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where

q.=
cone resistance

- The unit end bearing capacity g, is the minimum of:

q p
from Fig. 7.15
qp
from Fig. 7.16
* Clay
- The unit skin friction #is:
f=a-S, (7.43)
where
a = 1in. NC clay (see section 6.8)
= 0.5 in. GC clay
S, = undrained shear strength found as described in section 6.10.

- The unit end bearing capacity q, is:

q,=9-S, (7.44)
7.2.4 Ultimate bearing capacity: Schmertmann’s method
The method propsoed by Schmertmann (1978) to estimate q , and fis the following:

* Sand

- The unit skin friction £is the minimum of:

fl=K8LDfs if 1<8D (7.45)
fi=K-f, if (>8D (7.45)
f.=0.12MPa (7.46)
fi=c-q, (7.47)
where

K = ratioof f/ f .from Fig. 7.17

{ = depthto f, considered

D = pile width

L = pile length

c = coefficient from Table 7.2

fs = CPT unit friction
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Key

D : Diameter of tha pile

. Average cone resistance below tha tip of the pile aver a depth

which may vary between 0.70 and 4D

il : Minimum cone resistance recarded beiow the pile tip over the
same depth of 0.7D to 4D

11l : Average of the envelope of minimum cone resistances recorded
above the pile tip over a height which may vary betwaen 60 and
8D. In determining this envalope, values abave the minimum
value salscted under | are to be disregarded

qp : Ultimate unit point resistance of the pile

FI1G. 7.15. Point Bearing of Pile in Sand ( From de Ruiter and Beringen 1979 )
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FIG. 7.16. Limit Values for Point Bearing of Piles in Sand ( From de Ruiter and
Beringen 1979 )

120



K for Sguare Concrete Piles K Values for Steel Pipe Piles
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FIG. 7.17. Penetrometer Design Curves for Pile Side Friction in Sand ( From

Schmertmann 1978a )
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Table 7.2 - C values (after Schmertmann 1978)

TYPE OF PILE C
Precast concrete -0.012
Precast, enlarged base | 0.009
Cast in situ displacement 0.018
"Vibro" pile 0.018
Timber 0.018
Steel displacement 0.012
Open-ended steel pile - 0.008
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q. = CPT unit resistance
- Theunitendbearing capacity g, is found by using the De Ruiter and Beringen

procedure for sand (section 7.2.3 ).

* Clay
- The unit skin friction of the pile #, is the minimum of:
fi=a"-S, (7.48)
f2=a'$fs if 1<8D . (7.49)
f,=a’-f, if 1>8D (7.49)
where
a’ = coefficient from Fig. 7.18

S, = undrained shear strength (found as described in section 6.10) at the

depth considered
. = CPT unit friction
l = depthto /. considered
D = pile width
- The unit end bearing capacity of the pile q , is found by using the De Ruiter

and Beringen procedure for sand (section 7.2.3).

72.5 Ultimate bearing capacity: LPC method

A coﬁlputer program (PILECPT) has been developed to automate the calculations
for this method. .

The Laboratoire des Ponts et Chaussees in France proposed a set of rules for the
prediction of vertically loaded piles using CPT results (Bustamante, and Gianeselii, 1983).

First, use Fig. 7.19 to find the pile category based on the pile installation procedure.
Then, for each soil layer, enter Fig. 7.20 for the appropriate soil type, pile category and
range of cone resistance. This will indicate which curve of Fig. 7.21 to use for determining
7. Finally, find the appropriate curve in Fig. 7.21 and obtain the value of f for the given
value of g. at the depth considered.

The unit point resistance g, is calculated as:
q,=K." q, (7.50)

where
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FIG. 7.18. Design Curves for Piles Side Friction in Clay (From Schmertmann 1978a )
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GROUP1

1. FS Drilled shaft with Installed without supporting the soil with drilling mud. Applicable only
no drilling mud for cohesive soils above the water table.

2.FB Drilled shaft with Installed using mud to support the sides of the hole. Concrete is poured
drilling mud from the bottom up, displacing the mud.

3.FT Drilled shaft with Drilled within the confinement of a steel casing. Asthe casingisretrieved,

(FTU) casing concrete is poured in the hole.

4. FTC Drilled shaft, hol- Installed using a bollow stem continuous auger having a length at least
low auger (auger equal to the proposed pile length. The auger is extracted without turping
cast pile) while, simultaneously, concrete is injected through the auger stem.

5.FPU Pier Hand excavated foundations. The drilleing method requires the presence

of workers at the bottom of the excavation. The sides are supported with
restraining elements or casing.

6. FIG Micropile type 1 Drilled pile with casing. Diameter less than 250 mm (10 in.). After the

(BIG) casing has bee filled with concrete, the top of the casing is plugged.

Pressure is applied inside the casing between the concrete and the plug.

‘The casing is recovered by maintaining the pressure against the concrete.

FIG. 7.19. Description of Pile Categories for the Proposed L.P.C. Method
(after Bustamante and Gianeselli, 1983)
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GROUPII

7. VMO Screwed-in pile Not applicable for cohesionless of soils below water table. A screw type
tool is placed in fromt of a corrugated pipe which is pushed and screwed
in place. The rotation is reversed for pulling out the casing while concrete
is poured.

8. BE Driven pile, con- - pipe pile 150 mm (6 in.) to 500 mm (20 in.) external diameter

crete coated - steel-H pile
- caissons made of 2, 3, or 4 sheet pile sections
The pile is driven with an oversized protecting shoe. As driving proceeds,
concrete is injected through a hose near the oversized shoe producing a
coating around the pile.

9. BBA Driven prefabri- Reinforced or prestressed concrete pile installed by driving or vibro-

cated pile driving.

10. BM Steel driven pile Pile made of steel anly and driven in place.

- H pile, pipe pile or any shape obtained by welding sheet-pile sections

11. BPR Prestressed tube Made of hollow cylinder elements of lightly reinforced concrete

pile assembled together by prestressing before driving. Each element is
generally 1.5 to 3 m (4-9 ft) long and 0.7 to 0.9 m (2-3 ft) in diameter;
the thickness 1s approximately 0.15 m (6 in.). The piles are driven
open-ended.

12. BFR Driven pile, bottom Driving is achieved through the bottom concrete plug. The casing is

concrete plug pulled out while low slump concrete is compacted in it.

13. BMO Driven pile, molded | A plugged tube is driven until the final position is reached. The tube is
filled with medium slump concrete to the top and the tube is extracted.

14. VBA Concrete pile, Pile is made of cylindrical concrete elements prefabricated or cast-in-

pushed-in place,0.5102.5m (1.5to 8 ft) long and 30 to 60 cm (1 to 2 ft) in diameter.
The elements are pushed in by a hydraulic jack.
15. VME Steel pile, Pile made of steel only is pushed in by a hydraulic jack.
pushed-in

16. FIP Micropile type 11 Drilied pile <250 mm (101n.) indiameter. The reinforcing cage is placed
in the hole and concrete placed from bottom up.

17. BIP High pressure Diameter >250 mm (10 in.). The injection system should be able to

injected pile, large
diameter

produce high pressures.

FIG. 7.19. Continued
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CLAY AND SILT

CURVE
#

(&

PILE TYPE
(see Fig. 1)

COMMENTS ON INSERTION PROCEDURE

1

<146

1-17

>14.6

12

Very probable values when using tools without teeth or with
oversized blades and where a remolded layer of material can
be deposited along the sides of the drilled hole. Use these
values also for deep holes below the water table where the
hole must be cleaned several times. Use these values also
for cases whenthe relaxation of the sides of the hole is allowed
due to incidents slowing or stopping the pouring of the
concrete. For all the previous conditions, experience shows,
however, that fyay can be between curves 1 and 2; use an
intermediate values of fi a5 is such values is warranted by a
load test.

>25.1

4,5,8,9,10, 11,
13, 14,15

For all steel piles, experience shows that, in plastic soils, fax
is often as low as curve 1; therefore, use curve 1 when no
previous load test is available. For all driven concrete piles
use curve 3 in low plasticity soils with sand or sand and gravel
layers or containing boulders and when q¢>52.2 ksf.

Use these values for soils where q¢ <52.2 ksf and the rate of
penetration is slow; otherwise use curve 1. Also for slow
penetration, when q¢>93.9 ksf, use curve 3.

>25.1

4

Use curve 3 based on previous load test.

>25.1

Use these values when careful method of drilling with an
auger equipped with teeth and immediate concrete pouring
is used. In the case of constant supervision with cleaning and
grooving of the borehole walls followed by immediate con-
crete pouring, for soils of q¢>93.9 ksf, curve 3 can be used.

>25.1

For dry holes. It 1s recommended to vibrate the concrete
after taking out the casing. In the case of work below the
water table, where pumping is required and frequent
movement of the casing is necessary, use curve 1 uniess load
test results are available.

>25.1
<418

12

Usual conditions of execution as described in DTU 13.2

>41.8

16,17

In the case of injection done selectively and repetitively at
low flow reate it will be possible to use curve 5, il it is justified
by previous load test.

F1G 7.20. Pile Type and Insertion Procedures for the Proposed L.P.C. Method
(after Bustamante and Gianeselli, 1983)
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SAND AND GRAVEL

CURVE dc PILE TYPE COMMENTS ON INSERTION PROCEDURE
# (ksf) (see Fig. 1)
1 <731 | 2,3.4,6,7,8,9,
10, 11, 12, 13, 14,
15
2 >731 | 6,7,9, 10,11, 12, For fine sands. Since steel piles can lead to very small values
13, 14, 15 of f,4x in such soils, use curve 1 unless higher values can be
baseddén load test results. For concrete piles, use curve 2 for
fine sands of q¢>156.6 ksf.
>1044 | 2,3 Only for fine sands and bored piles which are less than 30 m
(100 1t) long. For piles longer than 30 m (100 {t) in fine sand,
fmax may vary beiween curves 1 and 2. Where no load test
d‘gta 1s available, use curve 1.
>1044 | 4 Reserved for sands exhibiting some cohesion.
3 >156.6 | 6,7,9,10,13,14, | For coarse gravelly sand or gravel only. For concrete piles,
15,17 use curve 4 1f it can be justified by a load test.
>1566 | 2,3 For coarse gravelly sand or gravel and bored piles less than
30 m (100 ft) long.
(For gravel where q¢>83.5 ksf, use curve 4.)
>156.6 | §, 12 For coarse gravelly sand and gravel only.
>1044 | 16,17 In the case of injection done selectively and repetitively at
low flow rate it will be possible to use curve 5, if 1t is justified
by previous load test.
CHALK
CURVE Qc PILE TYPE COMMENTS CN INSERTICN PROCEDURE
# (ksf) (see Fig. 1)
1 <626 | 1,2,3,4,6,7,8,
9,10, 11, 12, 13,
14, 15
3 >62.6 | 7,8,9, 10, 11, 13, Exlperiencc shows that in some chalks where q;<146.1 ksf,
14, 15 below water table, steel or smooth concrete piles may exhibit
fmax values as low as those of curve 2. When no load test is
available use curve 2 for g <146.1 ksf. For chalk of g.>250.5
ksf use curve 4 based on a load test.
>939 | 6,8
>939 1,2,3,5 7 For bored piles above the water table and concrete poured
immediately after boring. For type 7 piles, use a slow
penetration thus creating corrugations alon the hole walls.
Also for chalk above the water table and for q¢>250.5 ksf
use curve 4 if based on a load test.
Below the water table and with tools producing a smooth
wall or when a deposit of remolded chalk is left on the walls
of the hole, experience shows that fp,,y can drop to values
given by curve 2. Use higher values only on the basis of load
tests,
4 >939 | 12
>939 | 16,17 In the case of injection done selectively and repetitively at

low flow rate it will be possible to use curve 4, if 1t is justified
by previous load test.

FIG. 7.20. Continued
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129




MAXIMUM FRICTION, flnax (ksf)

wn

SAND - GRAVEL

5
4
3 -
3
2 2
L 1
0 L L I L 1 ] 1 !
0 100 260 30¢ 400 500 600 700 890

CONL KLBLSIANCL, q {xsf)

FIG. 7.21. Continued

130




{ksf}

max

£

HAXIMUN FRICTION,

QALK

1 . L - |- 1

i
50 100 150 220 256 300 350 400

CONE KESISTAWCE, q_ (ksf)

FIG. 7.21. Continued

131

45C




K. = cone bearing capacity factor from Fig. 7.22 based on installation pro-
cedure and soil type.
g. = average cone tip resistance below the tip of the pile (1 pile diameter).
|
POINT BEARING FACTOR, K.
TYPE OF SOIL BGRED PILE DRIVEN PILE
CLAY-SILT 0.375 0.600
SAND-GRAVEL 0.150 0.375
CHALK 0200 0.400

FIG. 7.22 - Cone Bearing Czpacity Factors for Proposed L.P.C. Method

7.2.6 Ultimate bearing capacity: precision of the methods

The previous methods have been checked by Briaud and Tucker (1988) against &
data base of 68 pile load tests which were not used in the development of the methods.
The cone penetrometer used was a mechanical cone. The pile data base was formed of
square concrete piles, ranging from 14-18 in. in width, H-piles, and drilled shafts ranging
from 12-16 in. in diameter. The length of the piles varied from 10-82 ft. The piles were
either entirely in sand, entirely in clay, or in layered soils. 62 piles were driven and 6 were
bored. The predicted loads were compared to loads measured at a settlement equal to
one-tenth of the pile diameter plus the elastic compression of the pile. The results are
shown on Figs. 7.23, 7.24, and 7.25. A statistical analysis of the ratio of predicted to
measured loads yieided the results presented in Tabie 7.3.

Overall, the methods overprecict the ultimate load as defined here. However, this
may be due to the fact that the data base is somewhat biased towards the weaker piles.
Indeed, the higher capacity piles, those that carried more than four times the design load
Q ¢ could not be included since the icad test stopped at 4 Q 4

Robertson and Campanella {1988z) checked the methods by De Ruiter and Beringen
(1982), Schmertmann (1978) as well as ar. earlier version of the L.P.C. method (Busta-
mante, Gianeselli, 1982) against a smeller data base of 7 pile load tests on five different
pipe piles. The cone penetrometer used was an electrical cone. Two of the piles were
open-ended and four were close-ended. The iength to diameter ratio (L/D) for the piles
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Table 7.3 - Statistical analysis for uitimate loads
(Briaud, Tucker, 1988).

_Method Number of tests | Mean | Std dewiation | Cov

Piles driven in sand A 7 0.97 0.38 0.39
B 7 1.51 0.63 0.40

C 7 0.98 0.38 0.38

Piles driven in clay A 17 1.32 0.37 0.28
B 17 0.83 0.33 0.40

C 17 0.95 0.43 045

Piles driven in lay- A 17 1.43 1.69 0.48
ered soils tip in sand B 17 2.04 1.21 0.59
C 17 1.20 0.57 047

Piles driven in lay- A 21 1.70 0.68 0.40
ered soils tip in clay B 21 1.31 0.53 0.40
C 21 1.34 043 0.32

Piles bored in clay A 6 1.68 0.31 0.18
B 6 0.76 0.18 0.24

C 6 0.91 0.14 0.15

Overall analysis A 68 1.49 0.62 0.42
B 68 1.48 1.10 0.74

C 68 1.15 049 043

METHODS: A = de Ruiter and Beringen, B = Schmertmann, C = L.P.C.

Table 7.4 - Statistical analysis for ultimate loads
(Robertson and Campanella, 1988)

De Ruiter and
Beringen Schmertmann | L.P.C. (9182)
Mean 1.¢9 0.94 1.00
Standard
deviation 0.14 0.25 0.15
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ranged from 40 to 100. One pile was entirely in clay, two piles were in clay with tip in
sand, and two piles were in layered soils with tip in clay. A statistical analysis of the ratio
of predicted to measured loads yielded the results presented in Table 7.4.

Sharp et al. (1987) compared the L.P.C. method (Bustamante and Gianeselli, 1983)
to a data base of 11 pile load tests on 10 prestressed concrete piles and one round pipe
pile. The cone penetrometer used was an electrical cone for three sites and a mechanical
cone for eight sites. The length to width ratio varied from 13 to 82. Five piles were entirely
in sand, five piles were in sand and silty sand, and one pile was in clay over sand. A
statistical analysis of the ratio of predicted to measured loads (using the Fuller-Hoy failure
criteria) yielded the following results:

Mean 1.23
Standard Deviation 0.45
Coefficient of Variation 0.36

The safe bearing capacity Q... is defined as:

Qm,ﬁ&;—Q‘-wp (7.51)

where

W, = weight of the pile
F

Briaud and Tucker (1988) showed that the following factors of safety would ensure

factor of safety

that the measured ultimate load for any of the piles in the data base would be smaller or
equal to the predicted ultimate load devided by the factor of safety:
De Ruiter and Beringen: F = 3.2
Schmertmann: F = 4.0
LP.C:F=23

Robertson and Campanella (1988a) recommend touse F = 2.25 for standard electric
CPT and for the three methods.

Overall, it seems that the L.P.C. method should be favored as it led to predictions
with less scatter. A computer program (PILECPT) has been developed to automate the
calculations of this method. Zuidberg (1991) points out that the method by De Ruiter
and Beringen (1982) is no longer used by Fugro McClelland Engineers in Holland because
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it may overpredict pile capacity. Zuidberg (1991) also has reservations about Schmert-
mann’s method as it relies on f, measurements for which precision and accuracy may be
pOooOT.

7.2.7 Settlement: Introduction

In order to predict the entire load-settlement behavior of a vertically loaded pile,
the load transfer characteristics of the soil must be known, This consists of the unit skin
friction versus pile movement (f —w) curves and the unit point resistance versus pile
movement (g — w) curve. Knowing these curves and the pile dimensions, the entire top
load-top settlement curve may be obtained by using an axially loaded pile computer
program. Briaud and Tucker (1986) developed such a program, which combines the LPC
method for ultimate load with a method by Verbrugge (1981) for predicting the load
transfer characteristics of the soil.

7.2.8 Settlement: Verbrugge (1981) step-by-step procedure

Verbrugge proposed an elastic-plastic model for the f — w and g - w curves based

upon CPT results (Fig. 7.26). The slope of the elastic portion of the curves are given by:

g _3.125F
” = (7.52)
f _0.22 E
s (7.53)
where
D = diameter of a circular pile or 1.2 times the width of a square pile.
F = 10340 + 6.6 g. (kN/m2) for bored pile. (7.54)

The relationship for £ is recommended for q. > 400 kN/m2. Verbrugge recommended

a lower value of £ for bored piles than for driven piles. However, based on the data base
described in section 7.2.8, it is recommended that equation 7.54 be used for both driven
and bored piles.
1. Obtain the cone bearing resistance g. and the friction resistance f . over the
depth interval from the ground surface to 4 pile diameters below the pile tip.
2. Divide the g profile in "n" layers of constant thickness, no longer than 3 m (10

ft). Number each layer starting from the deepest one. Average the value of g,
for each layer, and assign a soil type to each layer as explained in section 6.2
(Fig. 7.30).

3. Divide the pile in segments of thickness equal to the thickness of the layers of
the g. profile. Number each segment starting from the deepest one (Fig. 7.30).
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4, Foreachsoil layer, calculate £, from equation 7.54, and calculate the maximum

value of the skin friction f ; m.x by using the L.P.C. method (section 7.2.5, where
Fimax = f). Also, calculate the maximum value of the unit point resistance for
the pile g | max at the bottom of the pile using the LPC method (section 7.2.5,
where | max = q p).

5. Assumeavalue of g, < G| max 1hencalculatew,. f;,and g,for each layer (for

ivarying from 1to n + 1) using each of the following formulas successively:

v =D (7.55)
L 3.125F, |
g XAL .
Wi =W, + 1 <i<n (7.56)
Ept'le
o 0.22F,
fy=minimum of[wix andf‘.max} (7.57)
ALXFXp
G =q.r —— (7.58)

The settlement at the top of the pile is w,.,. This settlement corresponds to a load
P applied at the top of the pile:
P=q,. %A (7.59)
where
n = number of pile segments or soil layers
i = number of the ith pile segment

E, = Young’s modulus of the itP soil layer

D = Diameter of circular pile or 1.2 times the width of a square pile

w, = settlement at the bottom of segment i
#. = skin friction on segment i
E . = Young’s modulus of the pile
Al = length of each segment

A = area of the pile top

p = perimeter of the pile
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This procedure yields one point on the load-settlement curve for the pile. In some
cases, it is not necessary to obtain the whole curve. Indeed, the engineer may only be
interested in estimating the settlement corresponding to a load P at the top of the pile. In
order to estimate the value of the unit point resistance g, which corresponds to P, it is
possible to use Cassan’s {1968) formulas:

F 1

q,=— ——— boredpile (7.60)
A 1+0.55
q1=£-—1——L drivenpile (7.61)
A 1+0.22
where
L = length of the pile

Verbrugge’s method can then be used with such values of g ,. However, it will yield

avalue P~ different from P. A new iteration will be runwith g, =(f/FP"} - q,,and so
on until an acceptable value of P “is obtained.
Note: A microcomputer program (PILECPT) exists which automates this process.
McVay et al. (1988) proposed a method for calculation of settlement of pile groups
based on CPT data.
7.2.9 Settlement: Precision of Verbrugge method
The method has been checked against a data base of 80 pile load tests which were
not used in the development of the method. The piles were square prestressed concrete
piles driven in place, round concrete piles cast-in-place, and steel H-piles driven in place.
The piles ranged from 12 in. to 16 in. in diameter and from 9.6 ft to 82.0 ft in length. The
piles were entirely in sand, entirely in clay, or in layered soils. |
The predicted settlements were compared to the measured settlements at one-half
of the predicted ultimate load. The results are shown on Fig. 7.27. A statical analysis of
the ratio of predicted to measured settlement yielded the following results:

Mean: = 1.20
Standard deviation: = 0.81
Coefficient of variation; = 0.67

Note that these settlements are settlements measured in hours long load tests and are not
long term settlements.

7.2.10 Design examples

Inorder to illustrate the use of the various methods presented, some design examples
are given and solved. The examples are as follows:
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Example 1:
Example 2:
Example 3:
Example 4:

Ultimate bearing capacity (De Ruiter and Beringen method)
Ultimate bearing capacity (Schmertmann method)

Ultimate bearing capacity (LPC method)

Settlement (Verbrugge method)

The data from an electrical CPT for use in Examples 1 through 3 are presented in
Fig. 7.28. The interpreted q . and 7, profiles are presented in Fig. 7.29. The pile studied
in those examples is a circular close-ended steel pile, 9.5 m long and 0.457 m in diameter.

The data from an electrical CPT for use in Example 4 are presented in Fig. 7.30.
The pile studied is a circular concrete pile, 12 m long and 0.457 m in diameter.
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EXAMPLE 1 - De Ruiier and Beringen Method

Point
As explained in section 7.2.3, Figs. 7.15 ard 7.16 are used to find the end bearing
capacity g, of the pile. From examination of the g. profile in Fig. 7.28, it can be seen

that the minimum value of 7will be at 4D below the pile tip.

{0.5)(23.2+28)(0.5)+(0.5) (2B+22)(1.3)
At4D: /=

= =25.17MN/m? The minimum /7 is

the minimum value over this same depth, which is 22 MN/m?2 at 4D below the pile tip.
The value of 71/1is:

_(0.5)(22+8)(0.5)+(2)(8)+(0.5)(8+0.6)(1.1)

111
3.6

=7.84MN/m?

_(25.17+22)(0.5)+7.84

q, > = 1S.7MN /m?

From Fig. 7.16, for sand with OCR = 1, the maximum value of g, is 15 MN/m?2
So, gp,=15MN/m?

Finally, 1 ,
Q,=(135) 3 (0.457)°=2.46 MN

Q,=2.46 MN

Side
The method presented in section 7.2.3 is used to estimate the unit skin friction #

every one meter. The results are presented in Table 7.5.
Finally, Q.=) f-A, (closed-endedpile)

Q,=0.42MN
Total Capacity

Q,=2.46+0.42=2.88MN

The total recommended load at the ground surface is:

_0p*0; _2.46+0.42
OCTF TWeTT a5 008
Q=1.25MN
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EXAMPLE 2 - Schmertmann method

Point
Schmertmann uses the De Ruiter and Beringen procedure for sand, for end bearing
calculation:
Qp,=2.46MN
Side

The method presented in section 7.2.4 is used to estimate the unit skin friction f
every one meter, From Fig, 7.17, for L/D=(9.5)/(0.457) and an electric cone,
K=0.78. Table 7.2 gives C = 0.012 The results are presented in Table 7.6.

Finally, Q.= f-A, (closed-endedpile)
Q,=0.51MN
Total Capacity
Q,=2.46+0.51=2.97MN

The total recommended load at the ground surface is:

_Q,+ 0, _2.46+0.51
O T et T s 903
Q=1.29MN
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EXAMPLE 3 - LPC method

Point

The end bearing capacity g , of the pile is:

Qp=kc'q:

From Fig. 7.22 we get: k.=0.375
From Fig, 7.28 we get: q.=23.4MN/m?
So,

q,=23.4x0.375

q,=8.8MN/m?
Finally, N 2 .

Q,=(8.8MN/m?®)| 71(0.4572)*= 1.44MN
Q,=1.44MN

Side

The method presented in section 7.2.5 is used to estimate the unit skin friction f

every one meter. From Fig. 7.19, the pile type is selected: 10- BM (Group 11). From
Fig. 7.20 and Fig. 7.21:

Curve 2 is selected for the medium dense sand

Curve 3 is selected for the other sands

Curve 1 is selected for the clay
Then the values of f can be calculated using these curves. The results are given in Table
7.1.
Finally, Q,=) f-A, (closed-endedpile)

Q,=0.79MN

Tota] capacity
Q,=1.44+0.79=2.23MN

The total recommended load at the ground surface is:

Qp+0Qs 1.44+0.79
==f < _w, =———""-0.03
Q== ", 5.25
Q=0.96 MN

147



Table 7.5 - De Ruiter and Beringenr method

!

Deptn | Material | q. fi 2 3 f4 S, | a f Clay f f*A,
(m} MPA | MPA | MPA | MPA { MPA | MPA | MPA | MPA MN
05 SAND | 62 0.12 1 0.03 | 0021 - - - 'I - 0.021 0.030
i.5 SAND i 75 012 ; 0.05 | 0.025 - - - - 0.025 0.036
25 CLAY 07 - 1 - - - 0043 ! 1 0.043 | C.043 0.062
35 CLAY 0.5 - - - - 00291 1 0.629 0.029 0.042
4.5 PEAT 0.6 - - - - 003§ 1 0.034 0.034 0.049
5.5 PEAT 0.5 - - - - 0026 ] 1 0.026 0.026 0.037
6.5 SAND 31 012 | 0064 | 3.010 - - - - 0.010 0.014
F 7.5 SAND 119 | 012 4l 0.040 - - - - 0.040 0.058
I 85 SAND 9.5 012 ! 6.09 | 0.030 - - - - 0.032 0.046
2.5 J SAND 200 ! 012 | 0.18 { 00707 - - - - 0.066 0.047
Table 7.6 - Schmerimant method
. t ! |
Depth | Material @ g, 7. . K C f1 —1 2 1 5 £ f*A,
(m) MPA | MPA MPA . MPA | MPA | MPA MN
0.5 SAND 62 0630 078 0.6i2 | 0.003 0.12 0.074 | 0003 0.004
15 SAND 1.5 0.050 0.78 0.0:2 { 00616 0.12 0.050 0.016 0.023
Depth | Material | ¢, | £, | o s, ! oR f £* A,
(m) MPA | MPA MPA MPA MPA MPA MN
25 CLAY 0.7 | 0.027 292 0.043 0.039 0.017 0.017 0.024
35 CLAY 05 0623 0.91 0.029 0.026 0.020 0.02¢ 0.029
4.5 PEAT 0.6 0.040 0.80 0.034 0.027 0.032 0.027 0.039
5.5 PEAT 0.5 {0035 0.85 0026 ; 0032 0.030 0.022 0.032
Depth § Material q. £ K C f1 2 3 f f* A,
(m) MPA | MPA MPA | MPA | MPA | MPA MN
6.5 SAND | 31 0.040 0.78 0.012 0.031 G.12 0.040 0.021 0.045
7.5 SAND 19 10116 078 0012 | 0.086 0.12 0.140 | 0.086 0.124
85 SAND 95 {0092} 078 0012 | 0.072 0.12 0.114 | 0072 0.104
3.5 SAND 20.0 t 0.180 0.78 0.012 0.14C 0.12 0.24M 0.120 0.086
Table 7.7 - LP.C. method
Depth Material q. f f*A,
(m) MPA MPA MN
0.5 SAND 6.2 0.065 0.094
i5 SAND 7.5 0.059 0.099
25 CLAY 0.7 0.024 0.035
35 CLAY 6.5 0.019 0.027
4.5 PEAT 0.6 0.021 0.030
5.5 PEAT 0.5 0.019 0.027
6.5 SAND a1 0.057 0.082
7.5 SAND 119 0.112 0.161
8.5 SAND 95 0.105 0.151
9.5 SAND 200 § 0.120 0.086
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EXAMPLE 4 - Verbrugge Method

The cone data and the interpreted q . profile used inthis example are presented in

Fig. 7.30.
1. iculating £ and
£y Layer 1: E,=10.34+6.6x11.2=84.3MPa
Layer 2: £F,=10.34+6.6x8=63.1MPa
Layer 3: EF;=10.34+6.6X0.6=14.3MPa
Layer 4: EF,=10.34+6.6X6=49.9MPa
*f imax

2.

Using the LPC method presented in section 7.2.5 the following information is
obtained:
- The pile category is 9BBA from Fig. 7.19.
- Using Figs. 7.20 and 7.21, and the previous information, the values of £, ..x are:
Layer I: f=Ffimax=0.110MPa
Layer 2: f=Ffomex=0.098MPa
Layer 3: F=Ff3max=0.019MPa
Layer 4: F=Ffamax =0.062MPa

‘q I max
From Fig. 7.22, k.= 0.375.
S0,

Qp=QImax=kc‘qc=O'375X 11.2
Qp=QImax=4'21MPa

Calculating the settlement
The first step is to calculate the value of the load applied at the top of the pile. The
LPC method presented in section 7.2.5 gives the following results:

Total end bearing: Q, = (0.457)?x (g)x 4.2=0.69MN

Q:=(nx0.457%x3)(0.110+0.098+0.019+0.062]
Skin friction resistance:
Q.=1.24MN
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The total recommended load P is:

_0.69+1.24
2.25

P=0.83MN
Using Cassan’s formula (equation 7.61), g, is approximately:

s -0.03

O S
A 1+o.2§

g,= 0.83 . ! =0.81MPa
1 x(0.457)2 1 +0.2x 12
4 ' 0.457

q,

Assuming that g, =0.81MPa,w,,f; and q; can be estimated for ¢ varying

from 1 to 5.

w. = q.D0  0.81x0.457
' 3.125F, 3.125x84.3

=0.0014m

0.22xX84.3

0457 and 0.110}

fi= mim’mumof|:0.0014x

f1=0.057MPa

Then,

ALX X 3)( . X .
g, =q,+ 2P gy, 3%0.057X1.43
A 0.164

q,=2.30MPa

0.83x3
1, =0.0014+—2"=_0.00
We 20500 1Sm
0.22x63.1 ]

0457 and 0,098}

fo= minimumof[0.00le

f>,=0.045MPa
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Then,
3%x0.045%1.43

Gg,=2.30=

0.164
Gs,=3.48MPa
=0 0015+M—O 0018m
Wa T 20500
o 0.22x14.3
f3=m1mmumof[0.0018x—o.4?: and 0.0lQ:'
f3=0.012MPa
Then,
3x0.012%x1.43
g,=3.456+
0.164
g,=3.79MPa
3.48%3
w,=0.0018+>=———=0.0023m
20500
0.22X49.9
=mini fl 0.0023X —————; .062
fa mlnlmumo[ 2 0.457 and O }
f.=0.055MPa
Then,
3x0.055x%1.43
=3.79+
s 0.164
gs5=5.23
3.79%x3
=0.0023+ ————=0.0028
wgs=0 50500 0.0 m

The settlement at the top of the pile is 2.8 mm. This settlement corresponds to
a load P applied at the top of the pile:
P=gsXxA=0.86MN
This value of P is different from the initial P value (0.83 MN). A new iteration
is started with a new value of g, :

0.83
0.86

q,= x0.81 =0.78MPa

This iterative process is followed until the initial value of P is obtained.
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8. ADVANTAGES, DISADVANTAGES AND COSTS

The following list of advantages and disacvantages provides a guide to the strengths
and weaknesses of the CPT and CPTU.
8.1 Advantages

The advantages of using the CPT or CPTU are:

1. The CPT and CPTU give a rapid and contiruous strength profile of a soil deposit.
This technique is considered to be the best technique for delineation of stra-
tigraphy.

2. The CPT and CPTU are much less operator dependant than other in situ tests
and the test sequence is simple. As a resuit, the data from a CPT ora CPTU are
reproducible. (Possible exception to this is pore pressure measurements. (See
section 8.2, Item 6.)

3. The parameters are measured in piace under the actual in situ stress conditions.

4. The cost of a CPT or a CPTU :s definitely lower than the cost of other kinds of
soil tests, considering the amount of data which is obtained.

5. The CPT is very well suited to the design cf verticzlly loaded piles because of
the close analogy of loading.

6. The CPT has been used for a iong time 2nd a number of design rules are well
documented.

7. The dimensions of the penetrometer tip have been standardized (ASTM).

In addition the CPTU has the fcllewing advaniages:

8. The use of a CPTU provides finer seil profiling and soil identification than a
CPT.

9. When performing a CPTU, correction of the cone resistance and the sleeve
friction for the effect of unbalanced water pressures can be done.

10. Running a CPTU gives the possibility of evaluating the consolidation charac-
teristics of a soil, and the groundwater conditions (i.e. u,).
11. A CPTU enables to know waether the peretration is drained or not.
8.2 Disadvantages
The drawbacks of the CPT and CPTU are:

1. The penetration depth is limited in the stronger soils. The CPT and CPTU

cannot be used reliably in cobbles, boulders and rocks.
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2. The CPT and CPTU methods cannct provice some of the material character-
istics which can only be cbtained by use of otaer in situ tests or careful borings,
sampling and laboratory testing. This is due to the fact that the penetration of
the CPT is a cont’nuous failure mechanism, therefore the small sirair: properties
of the soil cannot be cbiained directiy.

3. Special equipment is necessary. Cone trucks with 20-ten push capability rep-
resent expensive initial investments. Drill rigs provide only limited vertical
reaction (< 7 tons), unless anchors are placed to increase this value.

4. Performing a CPT or a CPTU requires skiiled operators with a knowledge of
electronics.

5. The location of the porous fi'ter influences the CPTU test resvlts arc has not
yet been stardardized.

6. The compiete saturation of the pore pressure measuring system (CPTU) is
difficult, but necessary in gréer to obtain accurate pore pressure readings.

7. The methods used to obtain the soil parameters {chapter 6) are mainly based
on correlations instead of theory. A few metheds have a thegretical framework.

8.3 Cost and Time Reguired

The costs of modern equipments are the following. An electric penetremeter tip
costs about $4,000-36,000. A daia acquisition system (section 2.3} costs about
$15,000-$25,000. A heawvy duty truck with a 20 tons push capability (truck, cabin, hvdraulic
jack, penetrometer, data acguisition system) costs about $200,000. The charge for a cone
penetrometer test ranges {rom $6.00-$8.50 per foot of peneiration plus the mobilization
and demobilization. About 500 feet of penetration testing can be expected in cne day for
a 20-ton truck and for a standard gectechnical investigation. For a driil rig this footage is
somewhat reduced. The price per foot increases and productivity decreases if site access
is difficult or if the soundings are shallow { <50 ft).

On the average a CPT sounding is one-third of the cost of 2 SPT/sample boring tc
the same depth with associated iaboratory tests and report. However, the CPT and lab-
oratory tests should not be viewed as competitive but more as complementing each other.
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