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PREFACE

The proposed specifications for steel box girder
bridges grew out of the engineering profession's need for
a set of design rules reflecting the current state of the
art. The U.S. Department of Transportation, Federal High-
way Administration, responded to a request made in 1975
by the ASCE-AASHTO Committee on Box Girder Bridges by
sponsoring this work and inviting proposals for its execu-
tion. The FHWA contract was awarded to the firm of
Wolchuk and Mayrbaurl.

The project was subdivided into four major tasks:

Task A - Compiling a bibliography of the subject;

Task B - Review of current specifications on steel
box girder bridges:

Task C - Discussion of problems requiring clar-
ification:

Task D - Recommendations for the AASHTO specifica-

tion provisions for steel box girder
bridges, based on conclusions reached.

This report presents the results of this work. It
contains updated summaries of Tasks B and C (with full
report on Task B enclosed as Appendix B), recommended
provisions for the design, fabrication and erection of
steel box girder bridges, with commentary, in fulfillment
of the requirements of Task D, and bibliography, given
in Appendix A. Also included in this report are conclu-
sions and suggestions for further work to be done to
improve the proposed rules and to extend their applica-
tions.

Proposed specification provisions are being submitted
to the FHWA and the AASHTO Subcommittee on Bridges and
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NOTICE

This document is disseminated under the sponsorship of the
Department of Transportation in the interest of information
exchange. The United States Government assumes no liability
for its contents or use thereof.

The content of this report reflect the views of the firm of

Wolchuk and Meybaurl, which i1s responsible for the facts and
the accuracy of the data presented herein. The contents do

not necessarily reflect the official views or policy of the

Department of Transportation.

This report does not constitute a standard, specification,
or regulation.
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Structures for further consideration and possible inclu-
sion in the 1980 AASHTO Interim Specifications.

References to literature given in parentheses, e.g.,
(Gl), refer to bibliography, Appendix A.

Acknowledgment is due to the ASCE-AASHTO Subcommit-
tee on Box Girders, chaired by T.V. Galambos, and the
ASCE~-AASHTO Subcommittee on Ultimate Strength of Box
Girders, chaired by C.G. Culver, for their prior work on
reviewing the state of the art of box girder bridge de-
sign (G97, G39, G40).

Work on this project was carried out under the guid--
ance of the ASCE-TCCS Committee on Steel Box Girder
Bridges chaired by A. Lally, consisting of J.L. Durkee,

M. Elgaaly. D.A., Firmage, G.F. Fox, T.V. Galambos,

.H. Hall, A.W. Hedgren, Jr., C.P, Heins, J. Hooks,

.0. Kuzmanovic, R.,L. Mion, J. Nishanian, B.G. Schiller,
.G. Schilling, F.D. Sears, C. Seim, C.E. Thunman, Jr.,
.C. Van Tassel and B.T. Yen.
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Hsioh-Yih Wang.

Professor A. Ostapenko (Lehigh University) was act-
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A, Lally for his continued help as a chairman and
J. Durkee for his thorough editorial work.

Thanks are due to Dr. G.H. Little (University of
Birmingham, U.K.) for extension of his investigations

iii



of stiffened plates and computer calculations of the
stiffener strengths made specially for this project.

In fulfillment of the requirements of Tasks B and
C it was necessary for the writers to acquaint themselves
with work currently under way on new specifications in
European countries. This would not have been possible
without cooperation and assistance of the respective
specification committees responsible for this work. The
writers are much indebted to Dr. O.A. Kerensky, Chairman
of the British Standard Institute's Committee for Steel
and Concrete Bridges, Dr. A.R. Flint, Chairman of the
BSI Subcommittee on Steel Bridges, B. Godfrey, CONSTRADO,
Professor J. Scheer, Chairman of the Subcommittee on
Plate Structures of the German Committee on Stability of
Steel Structures, Dr. H. Nolke, Member of the Subcommit-
tee , and Professor C. Massonnet, Chairman, Task Group
on Box Girders of the European Convention of Construc-
tional Steelwork, for their time and assistance in ob-
taining information and the exchange of opinions.

The writers also wish to express their appreciation
to Professor M. Horne (University of Manchester),
J.B. Dwight (Cambridge University) and Dr. P. Dowling
(Imperial College) for their advice on the problems of
strength of plate elements, and to Professor K.C. Rockey
(Cardiff University College), for his most valuable
guidance on the design of webs and web stiffeners.
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B. SUMMARY OF TASK B: CURRENT SPECIFICATIONS APPLICABLE
TO_STEEL_ BOX GIRDER BRIDGES

In this section, information given in Report on
Task B (Appendix B) on design specifications applicable
to steel box girder bridges is briefly summarized and
updated.

A more detailed discussion may be found in Appendix
B and in the Commentaries on the proposed AASHTO specifi-

cation provisions in this report.

B.l. AMERICAN SPECIFICATIONS

The current AASHTO Standard Specifications for High-
way Bridges (G1l36) contain specific provisions only for
composite multi-box girder bridges of moderate spans, con-
forming to geometric limitations stipulated in the speci-
fications.

Transverse distribution of live loads is given by
a simple formula based on treatment of the bridge as a
folded plate (G38).

Design of unstiffened and longitudinally stiffened
bottom flanges in compression is based on elastic theory
of plate buckling. A transition curve is used between
the elastic and the inelastic range, based on assumed
analogy between column and plate buckling.

Design rules for webs in accordance with the allow=-
able stress method are based on elastic theory of plates
in shear or in flexure. Effect of combined shear and
flexure is considered indirectly, by an empirical inter-
action formula. Design of webs by the ultimate load
method utilizes tension field strength, according to
Basler. It is assumed that this approach is valid for
both plate girder and box girder webs. Longitudinal
stiffening is limited to one stiffener only. Webs are
subject to slenderness limitations based on empirical
considerations of fatigue.



The railroad bridge specifications of the AREA (G5)
have no provisions for box girders.

A broader overview of the American box girder spec-
ifications and design practice may be found in (G64).

B.2. BRITISH SPECIFICATIONS

Design provisions applicable to box girder bridges
are contained in the new general bridge specification
BS 5400, Part 3 (in preparation) (G151). This specifica-
tion is based on the limit state design principles.

Design of bottom flanges in compression is based on
ultimate strength of plate with consideration of imperfec-
tions and residual stresses. Stiffened bottom flanges are
designed as a sum of individual stiffener-struts, acting
with an effective width of plate, which is generally small-
er than the stiffener spacing. The Perry-type strut form-
ula is used, with parameters corresponding to an assumed
stiffener out-of-straightness of L/750. Tentative com-
parisons indicate that the British rules for stiffened
flanges are approximately 10-15% more conservative than
those proposed for AASHTO in this report.

In the design of webs distinction is made between
the "unrestrained" panels adjacent to flanges, and the
interior "restrained" panels. The strength of webs is
given by equations, graphs, and numerical tables based on
studies of strength of plate panels subject to combined
axial compression and shear done at the Imperial College,
London. Tension field strength (Rockey's model) is used
fully only for webs without longitudinal stiffeners. If
longitudinal stiffeners are present, either in the web
or in the box girder flanges, tension field considerations
are limited to the interior "restrained" web panels.

The design of web stiffeners is based on the
"strength” approach, using fictitious destabilizing forces
stipulated in the specification.

The new British design specification is influenced



to a large degree by the general design philosophy of the
"Interim Design and Workmanship Rules" (the Merrison Rules)
(611-G13) which it supersedes, however, the formulation of
the new provisions has been simplified. The Merrison Rules
and the interim drafts of British specifications are dis-
cussed in Appendix B.

The history and development of the new specification
BS 5400 is summarized in (G149).

B.3. GERMAN SPECIFICATIONS

The general highway bridge specifications, DIN 1073
(G110), do not contain specific provisions for steel box
girders. For the design of plate elements in compression
and shear references are made to the general provisions
for structural stability, DIN 4114, and their revisions
(Gle, G17, G1l0l, G1l02). 1In 1978 the plate buckling pro-
visions of the DIN 4114 specifications have been super-
seded by the new provisions for stability of plate ele-
ments, DASt Richtlinie 12, (Gl40).

The new provisions, applicable to .the flanges of
box girders and the webs, are based on the elastic linear
buckling theory, with plate strength in the transition
zone given by a straight 1line for 0.7 <A 1<:1.29, replac-

ing the Engesser transition curve of DIN 4114.

Stiffened flanges in compression are designed as
elastic struts consisting of individual stiffeners with an
appropriate portion of effective flange plate acting with
each stiffener. Strut out-of-straightness equal to toler-
ance shall be considered in design. The "interaction
diagram" (Fig. B-6, Report on Task B) is used only for
axially loaded column members consisting of stiffened plate
panels, but not for compression flanges of box girders.

Webs are designed as plate panels subject to simul-
taneous shear and axial stresses by elastic interaction
equations. Tension field strength of webs is not used.
This is partially compensated by the use of a lower factor
of safety for webs of about 1l.4.



For longitudinally stiffened webs the use of
"flexible" longitudinal stiffeners, having a relative
rigidity, f , smaller than the "minimum required theoret-
ical rigidity", T , 1s preferred.

The values of the plate buckling coefficients, k ,
and the relative stiffener rigidity coefficients, Y. are

not given in the specification; the use of references
(G107, G108) is suggested.

A commentary on these provisions is given in (G67).

B.4. ECCS DESIGN RULES

The design recommendations of the European Convention
for Constructional Steelwork are described in Section 6 of
(G31). The design rules for plate elements are given in
(G98) and (G99).

These rules are given as "provisional". They are
based on elasEic buckling theory, with correction co-
efficients, ¢ , suggested to account for deleterious
effects of residual stresses and imperfections.

In the design of stiffened panels the use of "rigid"
stiffeners,is suggested. The relative rigidity coeffi-
cients, 'F , should be used with a multiplier, m , to
assure that the stiffeners remain straight up to the
maximum load in the stiffened plate.



C. SUMMARY OF TASK C: DISCUSSION OF PROBLEMS REQUIRING
CLARIFICATION

C.l. PROBLEMS STUDIED

In accordance with the outlines of the "Statement
of Work" for this project, the following principal sub-
jects were studied for the purposes of preparation of the
proposed specification provisions. Discussion of addi-
tional problems not covered in this summary may be found
in commentaries on the proposed provisions in Part D of
this report.

C.l.1. Basic Design Philosophvy

As stipulated in this contract's "Statement of Work"
the recommended rules are structured according to the
Load Factor Design Method (Strength Design Method) to con-
form with the design approach used in the AASHTO Specifi-
cations as an alternate to the Allowable Stress Design
method.

(a) Load Factor Desigqn of Present AASHTO
Specifications

The Load Factor Design method requires that the
ultimate strength of any member or element be greater
than or equal to the calculated force in the member due
to applied loads multiplied by the appropriate load
factors ¥ and A (AASHTO, Art. 1.2.22). Thus this de-
sign method is based on a "limit state" approach, with
ultimate strength considered to be the limiting condition.

Coefficients 'X\and ﬁ represent the safety factors
that cover both the uncertainty as to the magnitude of
the loadings and the probability of attainment of their
nominal values, and the uncertainty as to the strength of
material that may be affected by the variation of the
yield strength, residual stresses and geometric imperfec-
tions. In some current design codes (e.g. the British
Code BS 5400 (Gl42)) the "load" and the "material resis-
tance" factors are given separately, which is a refine-



ment of the simpler approach used in the current AASHTO

Specifications. Since the stipulations of this contract
do not encourage radical departures from the basic load

factor philosophy used in the current AASHTO provisions,
no attempt was made to judge the relative merits of the

various alternative approaches.

However, the writers believe that the numerical
values of the load factors of the current specifications
should be subject to review. Since the factors 1\and/@
already include implicit allowances for the deleterious
effects of residual stresses and geometric imperfections,
and in the proposed provisions the strength of plate
members in compression is derived with consideration cf
these effects, the use of unchanged present AASHTO 1 and
5 factors in conjunction with the new proposed design
criteria would, in effect, increase the actual safety of
such members. However, such increase would be unwarrant-
ed, since the safety margins of the present AASHTO Speci-
fications are considered to be ample. Therefore the
load factors to be used with the new provisions ought to
be appropriately adjusted; otherwise the design of com-
pression elements would be too conservative and uneconom-
ical.

The writers recommend that such re—-evaluation of
the load factors be considered by the AASHTO Subcommittee

on Bridges and Structures.

(b) Limit State of Serviceability

Another limit state is that of "serviceability",
which is a condition beyond which a loss of utility or
cause for public concern may be expected, and remedial
action required. This includes permanent deformations,
excessive deflections, unacceptable vibrations, etc.
Current AASHTO provisions ensure serviceability by speci-
fying the various limits for overloads, deflections,
slenderness of elements, etc. The writers feel that
these provisions are adequate and that a separate set for
design criteria for the serviceability limit state are
not necessary.



(c) Fatique

Provisions for the limit state of fatigue are given
in Art. 1.7.2 of the AASHTO Specifications. These pro-
visions specify the allowable stress ranges for members
subject to fluctuating tension or stress reversal, de-
pending on the type of detail and the specified number of
cycles of the maximum design loading. The resulting
values of allowable stresses are rather restrictive, and,
therefore, the design of most members of box girder
bridges (including bottom flanges in tension or subject
to stress reversal, webs, orthotropic decks) is likely to
be controlled by fatigue rather than by ultimate strength.

The writers feel that provisions based on the assump-
tion of constant amplitude cycles of the theoretical max-
imum stresses do not accurately reflect the fatigue con-
ditions, and are too conservative, as has been pointed
out in (S25), where a more realistic "effective stress
range" approach is proposed, based on the variable ampli-
tude of actual stresses in bridge members. The writers
recommend that this approach be considered in future re-
visions of AASHTO fatigue provisions.

Similarly, the writers believe that the web slender-
ness limitations of the current AASHTO Specifications based
on fatigue ought to be liberalized, see Commentary on
proposed Art. 1.7.211(D) (1).

C.l.2. Desigqn of Bottom Flanges in Compression

(a) Unstiffened Flanges

Current AASHTO Specifications define the strength
of unstiffened plate panels in compression by elastic
buckling curve for slender panels, and a transition curve
for stocky panels. This transition curve is based on
analogy with column behavior, but not on actual plate
strength tests.

Theoretical and experimental studies of plate be-
havior show that the strength of actual plate members is
affected by geometric imperfections and residual stresses



in the plate. The actual strength of stocky plates is
smaller than that given by the AASHTO transition curve;

on the other hand the strength of very slender plates is
greater than that predicted by elastic theory. The writers
have studied the results of recent plate strength research
(see Fig. B-3 in Appendix B) and concluded that a curve
close to the strength of a "lightly welded plate” (Fig.
1.7.205(7A) in proposed Art. 1.7.205) is appropriate for
the design of unstiffened bottom flanges. Strength re-
duction due to coincident shear is obtained by the modi-
fied von Mises formula.

Further discussion of unstiffened plate strength is
given in Section B.2 of Appendix B and in the commentary
on Art. 1.7.205.

(b) Stiffened Flanges

Strength of longitudinally stiffened plate panels
is similarly affected by imperfections and residual stress-
es in the flange plate. In addition, the strength also
depends on -the out-of-straightness of the longitudinal
stiffeners and the residual stresses in the stiffeners due
to rolling of stiffener sections and welding of the stiff-
eners to the plate.

In stiffened box girder bottom flanges of common
proportions the effect of longitudinal edge support of the
flange panels at the webs is not significant; thus the
flange behaves, essentially, as a column. In view of this °
"column behavior" it is sufficient to consider separately
the individual stiffener struts, consisting of one stiffen-
er with a corresponding width of flange plate. The strength
of the entire flange is then obtained by multiplying the
ultimate stress of the strut by the total area of the
flange.

Study and comparison of the various design methods
included the "Merrison Rules" method {(Gll, Gl2), several
variations of the "effective width" method (F19, F20, F21,
F27), the "effective yield" method (F10, Fll, F12, F18)
and the "interaction diagram" method (G111, G140). Avail-
able tests were also studied and compared with theoretical

8



results. The various approaches to the design were dis-
cussed with their proponents. Based on these studies the
conclusion was reached that a simple, yet adequate, method
of design would be given by presentation of the strength
predictions by Little's numerical method (F17) (underlying
the "effective yield" approach)in the form of an inter-
action diagram similar to that in (G1lll, G140). In this
diagram the strength of a stiffened panel is given as a
function of two geometric parameters: the "column slen-
derness" of the stiffener strut, and the "plate slender-
ness" of the plate between the stiffeners.

Implementation of this approach required much addition=
al numerical computer work to cover the variation of the
stiffener types, steel yield strength, and residual stress-
es in the plate and in the stiffeners. Both positive and
negative out-of-straightness of the stiffeners were con-
sidered. Study of the effects of the individual param-
eters led to gradual simplification of the interaction
diagram to its final form given on Fig. 1.7.206(A) of the
proposed design rules. The results obtained from this
diagram correlate well with test data, and are considered
appropriate for conservative design.

For cases where "plate behavior" rather than "column
behavior" prevails (as may be the case in "narrow flanges"
of multi-box short and medium span bridges) a formula
gives an "effective length" of stiffener to be used in the
interaction diagram.

A more detailed discussion and background material on
the proposed design method for stiffened compression
flanges is given in the commentary on Art. 1.7.206 in this
report and in the interim reports by the writers to the
ASCE-TCCS Review Committee (G152, G153, G154).

C.l.3. Design of Webs

The design criteria for webs of the current AASHTO
Specifications are based on considerations of rolled beams
and plate girders, treating the webs in conjunction with
the flanges. The effect of shear and flexural stresses
acting simultaneously is dealt with by an interaction

9



relationship between the moment and the shear capacity
of an entire beam section. Since this approach is not
suitable for adaptation to the webs of larger box girders,
a different design method was necessary to determine the
elastic and the postbuckling contributions to the web
strength independently of the flange properties.

The following problems had to be clarified:

a) the elastic buckling strength (beam shear
strength);

b) the postbuckling strength (tension field
strength);

c) the required stiffener properties.

(a) Elastic Buckling Strength

First the basic shear strength curves (shear buckling
stress vs. plate slenderness) were established, with the
values of the elastic buckling coefficient, k = 7 for
"unstiffened" and 5.34 for "stiffened" webs (for the
limiting case of aspect ratio {=0oc ), with a transition
curve between the elastic and the inelastic range, see
Fig. 1.7.210-C in Commentary and Figs. 1.7.210 and
1.7.211(A) in proposed rules.

Next, based on the basic strength curves, the values
of the critical stresses Fgcr , Fgcr and Fgcr , for shear,
flexure and compression stresses acting alone, were calcu-
lated and presented graphically (Figs. 1.7.211(aA), (B)).
With these wvalues known, the critical shear stress, Fvcr
for shear and flexure acting simultaneously is computed

by the interaction equations given in Art. 1.7.211(B) (4).

’

Subpanels of longitudinally stiffened webs are

" treated in a similar manner, with critical beam shear
strength of the web determined by the.Fvcr value of the
weakest subpanel. The case of a subpanel subject to shear
and tension has also been considered (Art. 1.7.212(B)(4)).

10



(b) Postbuckling Strength

Utilization of tension field strength has been long:
established in the design of plate girders, where the
flange rigidity is generally sufficient to ensure anchor-
age of tension field forces, and these forces do not en-
danger the stability of the flange. However, applicabil-
ity of this design to box girder webs had to be examined,
because of danger of destabilizing the compression flange
by the fully developed tension field action. The conclu-
sion reached was that the use of tension field concept is
permissible, however, it should be applied with caution.
Therefore the proposed provisions utilize only the lower
limit of the tension field strength, corresponding to the
assumption of negligible flange rigidity (the "true Basler"
solution, Art. 1.7.211(B)(1l)). The weakening effect of
coincident flexural tension in the web is also considered
in a conservative manner (see Art. 1.7.211(B)(5) and
Commentary) . '

Application of tension field design to longitudinally
stiffened webs is based on tension field developing across
the entire web panel between the flanges, unaffected by
the longitudinal stiffeners.

Where webs are designed with utilization of tension
field action, a part of the web axial compression force
must be shed to the flanges. Proposed provisions contain
formulas for additional flange forces due to this action
(Art. 1.7.211(E) and 1.7.212(D)).

{(c) Web Stiffeners

The design of webs in accordance with the proposed
provisions is based on the assumption that the individual
web panels or subpanels are rigidly supported around their
periphery by the transverse and the longitudinal stiffen-
ers at all stages of loading. Therefore the stiffeners
must remain straight and not deflect out of the web plane
during the web buckling and postbuckling stages, up to
reaching the ultimate web strength.
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There is no general agreement as to the proper de-
sign of the web stiffeners and their required rigidity.
(See Commentary on Art. 1.7.213). Therefore a conserva-
tive approach was chosen, requiring the relative stiffener
rigidity to be the theoretical "minimum rigidity" of the
elastic theory, Yf* , multiplied by an empiricai factor,
m. The values of 7 needed in practical design have
been obtained from literature and condensed into two
diagrams (Fig. 1.7.213(A), (B)). These values are subject
to reduction, in cases where factored design stresses are
lowér than the web panel capacities, by formulas given in
Art. 1.7.213.

Stiffeners shall also satisfy the strength criteria,
and must be designed as compression struts under actual
forces to which they are subject.

Many questions regarding web stiffeners are not yet
sufficiently clarified and remain to be answered by further
research. Therefore the proposed rules for stiffener de-
sign should be regarded tentative and subject tc future
revisions.

C.l.4. Miscellaneous Design Problems

Additional problems requiring study and clarification
were: 1local torsional stability of compression flange
stiffeners, design of box girder diaphragms at supports,
design of transverse stiffeners of compression flanges,
design of box girder cross frames, etc. In preparation
of the specification provisions for these members the
writers have relied, mainly, on the results of recent
British research on box girders. A more detailed dis-
cussion of these problems may be found in the commentaries
on the respective proposed design rules in this report.

C.l.5. Incorporation of Proposed Provisions in the

AASHTO Specifications and Correlation with Current
Provisions

Incorporation of the new design provisions for box
girders, tentatively numbered 1.7.200-1.7.217, into
Section 7, Structural Steel Design, Sub-section: Load
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Factor Design, necessitated rearrangement of this Sub-
section, with sub-headings as proposed in the introduction
to Part D of this report.
D

Having included multi—box/composite girders in the
new rules (Art. 1.7.203), the writers originally intended
to propose deletion of present Art. 1.7.64, Composite
Girders, based on currently used design approach. Howev-
er, the ASCE-TCCS Review Committee's preference was to
permit the use of both design methods for multi-box com-
posite girders as alternatives, and, therefore, the pro-
posed rules are formulated accordingly. '

Introduction of the new material on box girders re-
quired some adjustment of the '"general" provisions of the
Load Factor Design sub=-section, see proposed modifications.

The proposed provisions for the design of webs and
web stiffeners of box girders differ considerably from
those for webs of plate girders given in the current
AASHTO Specifications, see Section C.l.3.b above, and
commentaries on Articles 1.7.55 and 1.7.210-213 in this
report. However, with the exception of the degree of
utilization of tension field strength, there should not be
any reason for different treatment of the box girder and
the plate girder webs. Therefore, the writers suggest
that the design approach proposed in this report for box
girder webs be considered in the course of future revi-
sions of the AASHTO Specifications for the design of
plate girder webs, for the sake of consistency.

C.1l.6. Design Analysis

Since the design analysis of eccentrically loaded
box girders, including the necessary determination of the
stresses due to torsion and distortion of box girder cross
sections, may be complex, the question arose whether basic
procedures and formulas for such calculations should be
given in the proposed provisions, as a convenience for the
designers. However, it was recognized that satisfactory
guidance in design analysis of box girders could not well
be given within the format of the AASHTO Specifications,
which serve the purpose of ensuring structural adequacy
of bridges, but are not intended to be a comprehensive

13



"code of good practice".

C.l.7. Provisions for Fabrication and Erection

e

(a) Fabrication

Fabrication imperfections (plate out-of-flatness and
stiffener out-of-straightness) and residual stresses due
to welding affect the ultimate compression strength of
members. These effects are accounted for by the allow-
ances for residual stresses and the geometric tclerance
limits assumed in the design.

Effects of residual stresses have been conservatively
included in the strength criteria for unstiffened and
stiffened plate elements in compression (see Sect. C.l.2.
above, and Articles 1.7.205, 206 of the proposed provi-
sions, with commentaries). Therefore, residual stresses
do not have to be calculated directly by the designer, nor
are any specific limitations of residual stresses included
in the fabrication provisions of the proposed specifica-
tions.

Regarding dimensional tolerances the conclusion was
reached that tolerances normally achieved in conventional
fabrication are adequate, and that more stringent controls
would be economically unwarranted and of little benefit in
strength. Therefore the proposed tolerance limits are
generally in line with the current requirements of the
AASHTO and AWS Specifications. Proposed tolerances also
satisfy the assumptions made in the strength calculations
of compression members (see Articles 1.7.205, 206).

It should be noted that definitions of geometric im-
perfections and methods of their measurements are differ-
ent in the various specifications; thus, comparisons of
tolerance standards are difficult. The writers feel that
simple and uniform tolerance standards would be desirable.

- Further discussion of these problems is given in
commentary on Art. 2.10.46A.
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(b) Erection

The need for care in the erection of box girders has
been underscored by the failure during construction of
four box girder bridges abroad (see commentary on Art.
2,10.55A)., The common cause 6f these failures was in-
sufficient attention to stability of partly erected box
girders under stress conditions widely different from
those under working loads of completed structures. One
of the lessons learned was the importance of a clear allo-
cation of the responsibilities of the Engineer and the
Contractor and co-ordination of their work during con-
struction.

C.2. RECOMMENDATIONS

Based on studies made under Task C of this project
the provisions for design, workmanship and erection of
steel box girder bridges have been prepared, and are given
in Part D of this report. These proposed provisions are
being submitted to the FHWA and the AASHTO Subcommittee
on Bridges and structures for further consideration and
possible inclusion in the 1980 AASHTO Interim Specifica-~
tions.

With reference to problems discussed in the Summary
of Task C, Section C.l1 of this report, the following addi-

tional recommendations are made for future work:

C.2.1l. Suggested Revisions of the AASHTO Specifications

a) Adjustment of the load factors ¥ and ﬁ of Art.
1.2.22 to be used with the proposed provisions for bottom
flanges in compression, to account for inclusion of the
effects of imperfections and residual stresses in the
design strength curves for the unstiffened and the stiff-
ened flanges.

b) Extension of the design approach proposed for
the webs of box girders to the webs of plate girders, with
appropriate adjustment of tension field strength contribu-
tion in plate girder webs.

15



c¢) Revision and liberalization of the web slender-
ness provisions, to be based on the actual web stress
range.

d) General revision of the fatigue provisicns based
on the concept of "effective stress range'.

e) Unification and simplification of the fabrication
tolerance standards and methods of measurements.

C.2.2, Suggested Design Studies and Further Research

a) Parametric studies of applications of the pro-
posed design rules for webs, web stiffeners, unstiffened
and stiffened flanges in compression are very desirable.
Such studies will permit evaluation of the range of plate
and stiffener sizes, determine which of the various
parameters are of principal importance in practical design,
and may indicate ways to improve, and simplify the pro-
posed rules.

b) It is generally recognized that many questions
pertaining to the design of stiffened webs and, particu-
larly, the web stiffeners are still not definitively
solved and remain to be answered by continuing research.
Purther theoretical and experimental work on these prob-
lems is much needed.
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D. RECOMMENDED PROVISIONS FOR DESIGN, WORKMANSHIP,
AND ERECTION OF STEFL BOX GIRDER BRIDGES

PROPOSED REARRANGEMENT* AND ADDITIONS** TO

DIVISION I - DESIGN

SECTION 7 - STRUCTURAL STEEL DESIGN

STRENGTH DESIGN METHOD I.OAD FACTOR DESIGN

AASHTO Std. Specifications for Highway Bridges, 12th E&.1977

General
Page

1.7.562 SCOPE . . . e e e e e e e 215
1.7.53 Notations . . ... .. .. ittt i et it et 215
1.7.54 Loads . o . i e e e e e e e e e 216
1.7.55 Design Theory ... .. .. ... .. . v 216
1.7.56 Assumptions . . ... ... L e e e 217
1.7.57 Design Stress for Structural Steel . ................. 217
1.7.58 Maximum DesignLoads . . .. ... ................. 217
1.7.69 Compression Members ... .......... ...t 232
(A) Axial Loading ... .........cooveuennn- 232
(B) Combined Axial Load and Bending .......... 233
1.7.70 Solid Rib Arches .. . . .. . . i it i ieii i e e n e 234
(A) Moment Amplification and Allowable Stresses . . 234
(B) WebPlates . .......... ... 234
(C) FlangePlates . . ... ......c .. 235
1.7.71 Splices, Connections and Details . . .. ............... 235
(A) Connectors . .. ......c.cvuevuenn oo 235

(B) Bolts Subjected to Prying Action by Connected
Parts - - o v o ot e e e . 236
(C) Rigid Connections .. ........... .o 2317
1772 Overload .. . oottt e e 238
(A) Noncomposite Beams . ..........-wuuto.n 238
(B) Composite Beams . ... .....ouneentcnsns 238
(C) FrictionJoints . .........cviiio.n 238
1773 Fatigue ..o v i ittt i it 238
(A) General . ...... ... 238
(B) Composite Construction .. ............... 239
(C) Hybrid Beamsand Girders . ......... e 239
1.7.74 Deflection . . . . .. oo v ittt in oo 239
1.7.75 Orthotropic Superstructures ......... e 239

*) Rearrangement of this section is proposed in con-

nection with the addition of the new provisions
for steel box girders.
k) See new provisions tentatively numbered 1.7.200-217.
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Beams and Girders

1.7.59 Symmetrical Beamsand Girders ... ... ............. 217
(A) CompactSections . .................... 217

(B) Braced Noncompact Sections . . ............ 219

(C) Transition ... ......... ... ... .u... 220

(D) Unbraced Sections .. ................... 220

(E) Transversely Stiffened Girders .. ........... 221

(F) Longitudinally Stiifened Girders ... ......... 223

(G) Bearing Stiffeners . ... ................. 224

1.7.60 Unsymmetrical Beams and Girders . ... ... e e 224
(A) General ... ....... ... . . . ... .. 224

(B) Unsymmetrical Sections with Transverse Stiffeners 224

: (C) Longitudinally Stiffened Unsymmetrical Sections 224
1.7.61  Composite Beamsand Girders . . .................. 224
1.7.62  Positive Moment Sections of Composite Beams and Girders . 225
(A) Compact Sections .. ..............00... 225

(B) NoncompactSections . .................. 226

1.7.63 Negative Moment Sections of Composite Beams and Girders . 227
1.764 CompositeBoxGirders .. .. ..................... 227
(A) Maximum Strength . ................... 227

(B) Lateral Distribution . ................... 227

(C) WebPlates . ........... . ... ... 227

(D) TensionFlanges ....................... 227

(E) Compression Flanges ................... 228

- (F) Diaphragms . ... .......... . uuiuein. 229

1.7.65 Shear Connectors .. ... .. ... ... i innnnnnn 230
(A) General . .. .. .. .. ... ... e 230

(B) DesignofConnectors .. ..........0...... 230

(C) Maximum Spacing . .................... 230

1.7.66 HybridGirders . .............. s e sa e . 230
1.7.67 Noncomposite Hybrid Girders . .......... eh e 231
(A) CompactSections .. ........cc0evvenn.. 231

(B) Braced Noncompact Sections . ............ . 231

(C) Unbraced Noncompact Sections . ........... 231

(D) Transversely Stiffened Girders ............. 232

1.7.68 Composite Hybrid Girders . ......... C et eecas e 232

Box Girders

1.7.200 Scope

1.7.201 Applicable General Provisions
1.7.202 Design Analysis

1.7.203 Multi~box Composite Girders

1.7.204 Effective Width of Flanges

1.7.205 Unstiffened Bottom Flanges in Compression
1.7.206 Stiffened Bottom Flanges in Compression
1.7.207 Longitudinal Stiffeners of Compression Flanges
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1.7.208

1.7.209

1.7.210

1.7.211

1.7.212

1.7.213

1.7.214

1.7.215

1.7.216

1.7.217

Bottom Flanges in Tension

Top Flanges

Unstiffened Webs

Transversely Stiffened Webs

. Transversely and Longitudinally Stiffened Webs

Web Stiffeners

Webs of Hybrid Girders

Diaphragms

Transverse Structural Members of Flanges

Miscellaneous Details of Box Girders

19



PROPOSED MODIFICATIONS OF CURRENT GENERAL DESIGN PROVI-
SIONS OF THE LOAD FACTOR DESIGN METHOD

Delete the words "of moderate length" from the first
sentence.

Art, 1.7.53 - Notation

Add the following notation:

A = area of one longltudlnal stiffener in
o
flange (in%) (m2)

A = area of one box girder flange or effectlve
area of box girder tension flange (1n ) (m )

b = width of flange plate between adjacent webs
of box girder (in) (m)

b' = width of flange projection beyond outer web
of box girder (in) (m)

C = effective slenderness coefficient of a longi-
tudinal stiffener in compression flange

Cé .= effective slenderness coefficient of a web
stiffener
D = clear depth of box girder web, measured along

web, or diaphragm depth between top and
bottom supported edges (in) (m)

D' = depth of web subpanel (in) (m)

D = clear distance between neutral axis and com-
pression flange (in) (m)

F = ultimate strength of flange panel in compres-
sion (psi) (MPa)

20



£y

FT
o . o
ver ’ Fgcr ! Fccr.

F
ver * "ber Y Tcer

Ll

]

axial in-plane stresses in a plate
panel (psi) (MPa)

shear stress in a plate panel (psi)
(MPa)

tension field stress (psi) (MPa)

critical buckling stress of a web
panel or subpanel in the case of
shear, pure bending or pure com-
pression acting alone, respective-
ly. (psi) (MPa)

individual (shear, pure bending,
pure compression) stress components
which cause buckling of a web panel
or subpanel when acting simulta-

~neously (psi) (MPa)

reduced moment of inertia of box
girder section computed by removing
por&ions of web in compression
(in") (m7)

buckling coefficient of plate panel
in pure bending or pure compression

buckling coefficient of plate panel
in pure shear

panel length of stiffened compres-
sion flange (spacing of transverse

stiffeners or members) (in) (m)

reduced effective length of stiff-

. ened compression flange panel (in)

(m)

buckling length of stiffened com-

pression flange in absence of trans-~

verse stiffeners or members (in)

(m)
21
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col

multipliers used in computing re-
quired rigidities of web stiff-
eners

ultimate capacity of box girder
flange (1b) (N)

thickness of diaphragm plate (in)
(m)

thickness of outstanding stiff-
ener element (in) (m)

buckling shear capacity of web
panel (beam action) (1b ) {N)

tension field shear capacity of
web panel (tension field action)
(1b) (N)

ultimate shear capacity of web
panel (1b) (N)

spacing of longitudinal stiffeners
in compression flange (in) - (m)

aspect ratio of plate panel

relative rigidity coefficients of
transverse and longitudinal web
stiffeners, respectively

angle of inclination of web plate
to vertical

angle of inclination of web panel
diagonal to horizontal

non-dimensional plate slenderness
parameter

non-dimensional column slenderness
parameter
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V = effective width coefficient due
to the effect of shear lag.

Additionalnsymbols are defined where they are used in
the formulas.

Art. 1.7.55 - Design Theory

~Add at end of first paragraph:

'ee..as modified in Artlcle 1.7.59(3) (3) for plate
girder structures only."

Revise'the second paragraph to read as follows:

"The members shall be proportioned by the methods
specified in Articles 1.7.59 through 1.7.71, or 1.7.200
through 1.7.217 so that their computed maximum strengths
shall be at least equal to the total effects of design
loads multiplied by their respective load factors speci-
fied in Article 1.2.22."

Art. 1.7.56 - Assumptions

Add the following at the end of assumption (1):

", ...except where shear lag is considered in the
design of wide flanges of box girders."

Art. 1.7.64 - Composite Box Girders

Add after the introductory paragraph and before the
heading (A) Maximum Strength:

"New provisions for box girders given in Articles
1.7.200 to 1.7.217 may be utilized alternatively."

Art. 1.7.74 - Deflection

Add the following paragraphé to this article:
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"The deflections of orthotropic-deck plate girder
or box girder bridges due to service live load plus
impact may exceed the limitations in Art., 1.7.6, but
preferably shall not exceed 1/500 of their span.

" The effective width of the steel flange used in
the computation of deflections of box girder bridges and
orthotropic-deck plate girder bridges shall be determined
in accordance with Art. 1.7.204."
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PROPOSED NEW PROVISIONS OF THE LOAD FACTOR DESIGN METHOD
SUB-SECTION: BOX GIRDERS

1.7.200 Scope

These provisions apply to (1) girder bridges which
have a single steel box cross section consisting of one
or more cells, with deck design of either orthotropic
steel plate or composite concrete,and to (2) short and
medium span multi-box bridges with composite concrete
decks.

Special provisions necessary for horizontally curved
girder bridges, girders with haunches over the supports,
skewed girder bridges, cable-stayed girder bridges or
girder stiffened suspension bridges are not included in
these specifications.

1.7.201 Applicable General Provisions

The general provisions for load factor design out-
lined in Articles 1.7.52 through 1.7.58 and 1.7.69
through 1.7.75 shall apply in the design of box girders,
unless specifically modified by provisions of Articles
1.7.200 through 1.7.217 of this section.

1.7.202 Design Analysis

An appropriate method of elastic analysis (such as
the thin-walled-beam method) that accounts for the effects
of torsional distortions of the cross-sectional shape
shall be used in designing the girders of box girder
bridges. The box girder design shall be checked for lane
or truck loading arrangements that produce maximum dis-
tortional (torsional) effects.

Designer's attention is called to the need to con-
sider stresses due to erection conditions, see Art.
2.10.55 A , g

Composite box girder bridges of moderate length
consisting of two or more single cell girders may be
designed in accordance with the special provisions of
Art. 1.7.203.
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1.7.203 Multi-Box Composite Girders

This Article pertains to the design of simple and
continuous bridges of moderate length supported by two
or more single-cell composite box girders. It is
applicable to box girders, having width center-to-center
' of top steel flanges approximately equal to the distance
center-to-center of adjacent top steel flanges of adja-
cent box girders. The cantilever overhang of the deck
slab, including curbs and parapet, shall be limited to
60 percent of the distance between the centers of the
adjacent top steel flanges of adjacent box girders, but
shall in no case be greater than 6 feet (1.8 m).

(A) Lateral Distribution

The live load bending moment for each box girder
shall be determined in accordance with Article 1.7.49(B).

(B) Maximum Strength

-~

The maximum strength of box girders shall be deter-
mined in accordance with applicable provisions of
Articles 1.7.204 through 1.7.213.

C Diaphragms

Diaphragms, cross-frames, or other such devices
shall be provided within the box girders at each support
to resist transverse rotation, displacement and distor-
tion.

Intermediate diaphragms or cross-frames are not
required for service conditions of box girder bridges
designed in accordance with this specification.

For bracing requirements for erection refer to
Article 2,10.55 A .,

26



1.7.204 Effective Width of Flanges

Longitudinal stresses in flanges under working loads
(as may be required for fatigue calculations, or for con-
sideration of non-uniform stress distribution due to shear
lag) and deflections shall be computed by taking effective
width as follows: '

(A) Box Girder Flanqeé

(1) The effective width of the flange shall be the
sum of the effective widths of the portions of the flange
on each side of each web considered separately.

(2) The effective width of flange elements shall be
taken as follows (see Fig. 1.7.204(a)):

For portion between webs: b

For portions projecting beyond outer webs:
2 x 0.85 V1!

where
b = width of flange between webs
b’ = width of flange projection beyond outer web
4 = effective width coefficient for flange
between webs
0.85Y = effective width coefficient for flange

projection

The values of V shall be obtained from Fig. 1.7.204
(d) using the values of the equivalent simple span, L,
as follows: '

For simply supported girders, or for midspan portions
between points of inflection of continuous girders:
use L = L1 = length of span or distance between
points of inflection and obtain VY from curves (1)

for midspan portions and from curves (2) for portions
near supports or inflection points.
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For portions near supports of continuous girders:

use L = L2 = distance between points of inflection

on each side of support and obtain WV from curves (3).
If distances between support and points of inflec-
tion on each side of support, Cl and C2 . are unequal,

obtain Y as average of values of { for L2 = 2C_. and

_ 1l
For portions near supports of cantilevers:
obtain ¥V by the above procedure, using C. = length
of cantilever and C, = distance to point of inflec-

tion on other side. of support.

For cantilevers fixed at support:
use L, = 2 times length of cantilever.

The effect of flange orthotropy is expressed by
parameters 2As/bt or Aé/b't , Where AS and Aé are Ccross-
sectional areas of stiffeners within b/2 and b' , re-
spectively.

The values of V¥ shall be obtained by interpolation
between the curves for 2As/bt or Aé/b't equal to 0 and
equal to 1.

The values of Y along the span of the girder shall
be assumed to vary linearly between the points at which
they were determined, see Fig. 1.7.204(c).

(3) Stresses obtained by using the resulting effec-
tive section properties are the longitudinal stresses,
fhax ¢ @t the flange-web junctions. Stress distribution
over other parts of the flange shall be assumed as shown
in Fig. 1.7.204(a).

The distribution of the stresses in the flange is
given by the equation

nax { 22+ [y -11/a][1 - (2/0)% 1}

£
X
£ { e/p® [(4.25v -1)/4][1 - (x/b')4]}

f
= f

or
X max

where x = distance from center of flange or from edge
of projecting flange.
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(B) Transverse Members of Flanges

(1) The effective width of the flange acting with
a transverse deck floorbeam, or with a transverse bottom
flange stiffener shall be computed by the rules of Art.
1.7.204(A), with the "span" and "spacing" designations
appropriately altered.

(2) The following limitations of the effective
flange width shall apply:

The maximum effective flange width of the transverse
member at its midspan between box girder webs shall
not exceed one-~third of the transverse member's span,
nor shall it exceed the spacing of the transverse
members.

The maximum effective flange width of a cantilevered
transverse member near its support shall not exceed
15 percent of the distance between box girder webs,
nor shall it exceed one-half of the spacing of the
transverse members.
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1.7.205 Unstiffened Bottom Flanges in Compression

(A) Scope

This article applies to bottom flanges in compression
without longitudinal stiffeners. These provisions are not
intended to apply to plate panels between longitudinal
stiffeners of stiffened flanges.

(B) Strength of Flange

(1) The ultimate capacity of flange, Pu , shall be
computed as

= 1
Pu FuAf or FuAf
where Af = cross-sectional area of flange, as defined
in Section (F)
Fu = wultimate strength of flange panel in com-
pression
FG = modified ultimate strength of flange panel

in combined axial compression and shear,
see Art., 1.7.205(C).

(2) For flange panels with aspect ratio a/b > 1, the
ultimate strength, Fu , shall be computed as a- function
of the plate slenderness parameter

X =1/Fy _ 3“10.92 Fy _ b/t |[Fy
pl Fer t{ 2 X E 1.9|E

where a = length of plate panel (taken as the
spacing, L , between transverse flange
stiffeners)

b = width of plate panel

t = thickness of flange plate
Fy = yield strength of steel
F = elastic buckling, stress of plate panel
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E = modulus of elasticity of steel
= 29,000,000 psi (200,000 MPa)

k = plate buckling coefficient (taken as 4
for plate panels simply-supported along
the longitudinal edges) :

(3) For flange panels having a slenderness param-
eter Apl equal to or less than 0.65, the value of

Fu = Fyo
(4) Fdr flange panels having A 1 greater than

0.65 but not exceeding 1.5, the value of Fa shall be
computed by the formula

2
F, = F, [o.so + 0.43( )\pl - 1.73) ]

)

(5) For flange panels having )\ 1 exceeding 1.5,
the value of Fu shall be computed by tﬁe formula

F, = Fy (0.82 - 0.20 A ;)

The values of F, may also be read from Fig. 1.7.205(a).

(6) The strength of a flange panel at the higher-
stressed end shall be limited by the yield strength, Fy
(without considering shear).

(C) Effects of Combined Stresses

(1) Combined Axial Compression and Shear

The effect of combined axial compressive stress and
shear, £, acting simultaneously shall be considered as
follows:

If £ = 0.175 F, : F' =F
v Y

u u
If fV > 0.175 F_ the modified ultimate strength,

F& , of the flange is

F, = 1.05 F, |1 - —¥
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where f = governing shear stress in flange com-
puted with factored loading, as defined
in Art. 1.7.205(D).

(2) Combined Axial Compression in Longitudinal
and Transverse Direction

Where transverse stress is due to flexure of a
transverse stiffener or diaphragm, or to the effect of
inclined webs at the girder supports, the effect of this
stress may be taken to be restricted to the effective
width of plate associated with the transverse member;
and the combined effect of the transverse and the longi-
tudinal stresses may be ignored.

If transverse stress in the panel extends over the
entire length of the panel, a special investigation shall
be required.

(D)  Stress Values to be Used in Design

(1) The governing values of the load-factored simul-
taneous compressive and shear stresses, £, and fv , to be
used in the design of a panel subject to varying stress
intensity, shall be computed at a distance of 0.4b from
the transverse support at the higher-stressed end, or
from the point of reduction of plate thickness, in a
thinner plate.

The shear stress due to box girder flexure shall
be taken as '

|

£, = Sf

v 3+v max

The shear stresses due to other causes (torsion,
warping) shall be taken at their average values.

These provisions are illustrated in Fig. 1.7.205(B).

(2) The design force in flange panels adjacent to
webs designed with utilization of tension field action
shall include an additional compression force,AF1 , com=-

puted in accordance with the provisions of Art. 1.7.211(E)
or 1.7.212(D).
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(E) Slenderness Limitations

Except in areas of low stress near points of dead-
load contraflexure, the slenderness parameter, A pl, of
unstiffened flanges shall not exceed 1.3. This corres-
ponds to b/t ratios of 70 and 60 for steels with yield
strength, F_ , equal to 36,000 psi (250 MPa) and 50,000
psi (350 MPX), respectively.

(F) Cross-Sectional Area of Flange

, The cross-sectional area of flange, A_ , shall in-
clude the width, b, of the flange plate begween the webs,
plus the flange projections, b', on each side beyond the
webs, with b' not exceeding

bl = 0.33//Jﬁ§;53
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1.7.206 Stiffened Bottom Flanges in Compression

(A) Scope

This article applies to bottom flanges with longitud-
inal stiffeners, in compression.

(B) Strength of Flange

(1) The ultimate capacity of the flange shall be
computed as )
Pu = FAg oOr FﬁAf , Whichever is less
where Ag = cross—-sectional area of flange, including
flange plate, all longitudinal stiffeners,
and flange overhangs beyond webs, subject
to limitations of Art. 1.7.205(F)

Fy, = ultimate strength of a stiffener strut
consisting of one stiffener and the
associated portion of flange plate with
width w equal to stiffener spacing, as
given by interaction diagram, Fig.
1.7.206(A) '

FG = modified ultimate strength of a stiffener
strut under combined axial compression
and shear, as defined in Art. 1.7.206(B)
(2)

>\pl = plate slenderness parameter, defined as
M F flo.gz F. /t 4 F

==Y = MVy=ZZc Ty - W/T Ty

)‘Pl Y Fer tym2 x g 1.9 { E

)\col = colum. slenderness parameter, defined as

F
= Yy = 1 FY L
Acot \) For 7 /—E T
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where

w = spacing of longitudinal stiffeners, or distance
~ between longitudinal stiffener and web

L = spacing of transverse stiffeners supporting
longitudinal stiffeners. A reduced effective
length, L' , may be used where applicable, see
Art. 1.7.206(B) (3)

r = radius of gyration of stiffener strut composed
of one longitudinal stiffener and asscciated
portion of the flange plate of width w

and all other terms are as defined in Art. 1.7.205(B)(1).

Gross cross-sectional areas of plate shall be used
in all calculations.

(2) The effects of combined axial compressive stress
and shear, or combined axial stress in longitudinal and
transverse direction shall be evaluated in accordance with
the provisions of Art. 1.7.205(C), except that the symbols
F, and F{ shall denote the ultimate strengths as defined
in Art. 1.7.206(B) (1), and the governing shear stress,
fy, » shall be determined in accordance with Art. 1.7.206

(c) (3).

(3) The effect of longitudinal edge restraint pro-
vided by the web in elongated stiffened flange panels
(i.e. panels with a large L/b ratio, or flanges having no
transverse stiffeners) may be allowed for by using a
reduced effective length, L' , instead of the transverse
stiffener spacing, L , in computing the column slender-
ness parameter, >\col , as defined in 1.7.206(B)(1). L

is given by the equation

L

L' =

Jl , 2+ wpm?laym?
18 (x/t)?
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where b flange width between webs

t = flange thickness
L, = 25b J r/t = buckliné length of stiffener
strut in absence of transverse stiffeners
L1 = the smaller of L or'Lo

L,r, are as defined in 1.7.206(B) (1)

(4) The effect of nonuniform longitudinal étress
distribution due to shear lag, computed in accordance with
Art. 1.7.204, is considered as follows:

Where the peak stress (at the webs) does not
exceed the average stress by more than 20%,
uniform distribution of stresses in the
ultimate condition is assumed, and the effect
of the shear lag may be neglected.

Where the peak stress exceeds the average
stress by more than 20%, the flange capacity
at the web shall be increased to accommodate
an additional force computed as the load-
factored stress in excess of 120% of the
average times the flange area affected by
the excess.

(5) Where the flange is subjected to compression
stress varying linearly across the flange, the assumption
of uniform distribution of stresses is not permitted,
and each stiffener strut must be adequate to carry its
calculated force.

(6) Where the stiffeners vary in size, or where
their spacing is nonuniform, the ultimate flange capacity
shall be obtained as the sum of the ultimate capacities
of the individual struts and the remaining portions of
the flange plate, provided that the capacities of the
individual struts do not vary by more than 20%.
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(7) The ultimate strength of any stiffened flange
panel shall be limited by the stub strength at the higher=-

stressed end of the panel, Fu,stub 'deflned as
F = WtFu,plate + AoFy
u,stub
wt + A
o
where Fu,plate = ultimate strength of an unstiffened

plate panel having width b equal to
the stiffener spacing, w , as given
in Art. 1.7.205(B) (1)

Ao = cross-sectional area of one stiffener

(8) A separate strength check of the plate panels
between the stiffeners (in accordance with Art. 1.7.205)
is not required.

{(C) Design Force in Flange

(1) The design force in a flange panel shall be taken
as the governing axial stress under factored loading, times
the flange area, A_ , as defined by Art. 1.7.206(B) (1).

The governing axial stress shall be calculated at the mid-
plane of the flange plate in accordance with elastic design
theory.

(2) The design force in flange panels adjacent to
webs designed with utilization of tension field action
shall include an additional compression force, AF, , in
accordance with the provisions of Art. 1.7.211(E} or
1.7.212 (D).

(3) The governing values of the factored compressive
and shear stresses in a flange panel shall be calculated
at a distance from the higher stressed end of the panel
of 0.4L or 0.4L' from the transverse stiffener, or from
the point of reduction of cross-section of the panel,
where the values of L or L' are as defined in Art. 1.7.206
(B) (1) or (B)(3).
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(4) The governing shear stress due to box girder
flexure shall be taken as the greater of the following

1 : 4
f.. == = - ———
v =3 fv,max OF fy <1 n+l ) £y max
where £ = maximum value of flexural shear in flange

at web
n = number of longitudinal stiffeners

. The governing shear stresses due to other causes
(torsion, warping) shall be taken as their average values.

Definitions of governing stresses are illustrated in
Fig. 1.7.206(B).

(D) Slenderness Limitations

(1) Longitudinal stiffeners of flanges designed in
accordance with the provisions of this Article shall sat-
isfy the requirements for safety against local torsional
buckling given in Art. 1.7.207.

(2) The slenderness of flange plate panels between
stiffeners shall not exceed the limits specified in
Art. 1.7.205(E).
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1.7.207 Lengitudinal Stiffemers of Compression Flanges

(A) Open Stiffeners

(1) The effective-slenderness coefficient, C , of
a longitudinal stiffener in a stiffened eompressioﬁ flange
shall not execeed the values given by the follewing form-
ulas:

< 0.40
where frax = O.SFY : Ce = _——F
y/E
0.65

where f < 0.5F : cg < .
max y Fy/E

maximum calculated factored compression

where £

ax stress in a compression panel, with
consideration of shear lag in accerdance
with Article 1.7.204
c, = gt + l¥£ for flat-plate stiff-
U0 eners '
d w
C = + for tee or
S 1.35t, + @'56ry 12t  angle stiffeners
d = stiffener depth
to = plate-stiffemer thiekness, or stem thick-
ness of tee or angle stiffener
t = flange-plate thickness
ry = gtiffener radius of gyration, without
effective width of plate, about axis
perpendicular te flange plate
" = width eof flange plate between stiffeners:

where stiffener spacing is unequal the
average of the twe adjacent spacings
shall be used
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(2) The width-to-=thickness ratio of any outstanding
element of a stiffener shall not exceed the limit

b' < _0.48

t! F_/E

width of outstanding stiffener element

Pl

where b!

tl

thickness of outstanding stiffener element

(B) Closed Stiffeners

For closed stiffeners, the width-to-thickness ratio
of plate elements shall be such that the strength of each
plate element, calculated in accordance with Article
1.7.205(B), shall not be less than the strength of the

stiffened flange, calculated in accordance with Article
1.7.206(B).
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1.7.208 Bottom Flanges in Tension

(A) Scope

This article applies to bottom flanges stressed pre-
dominantly in tension. '

(B) Strength of Flange

(1) Ultimate strength in tension

(a) The ultimate capacity, P, » of a tension
flange shall be taken as

P = F A

. . .
u VO£ or FyAf , whichever is less

where
F = yield strength of steel

F§ = reduced equivalent yield strength due
to the effect of combined axial and
shear stress, see Art. 1.7.208(C)

A = effective cross sectional area of flange,
see Art. 1.7.208(F)

(b) The effect of nonuniform stress distribu-~
tion due to shear lag, calculated in accordance with Art.
1.7.204 shall be considered as stipulated in Art. 1.7.206
(B) (4).

(2) Repetitive loading and toughness considerations

Tension flanges shall satisfy the fatigue and
impact requirements of Art. 1.7.2. '

The axial stresses under working loads to be
used in fatigue calculations shall be calculated with con-
sideration of nonuniform stress distribution in accordance
with Art. 1.7.204.
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(3) _Strength in compression

Tension flanges shall be checked for compression
that may occur near inflection points of the box girder,
or during box girder erection, in accordance with Art.
1.7.205 or 1.7.206.

(C) Effect of Combined Stresses

The reduced equivalent yield stress, F! , due to the
effect of combined axial and shear stresses™ shall be taken
as

where

fv,avg = the average magnitude of sum of

flexural and torsional shear stresses across
width of flange, computed with factored
" loading

(D) Design Forces in Flange

(1) Governing axial and shear stresses, f£_ and fv ’
shall be computed with factored loading at the cross
section under consideration in accordance with elastic
design theory.

Axial stresses shall be computed at the mid-
plane of the flange plate.

(2) The design force of tension flange panels ad-
jacent to webs designed with utilization of tension field
action shall include an additional force AF, , computed
. in accordance with Art. 1.7.211(E) or 1.7.21§(D).
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(E) Dynamic Stability

Slender and flexible tension flanges which may be
subject to dynamic excitation shall possess sufficient
rigidity, or be suitably damped, to withstand such
excitation. B

Tension flanges of multi-box composite girders de-
signed under the provisions of Art. 1.7.203 shall be
deemed to satisfy the dynamic stability requirements.

(F) Effective Cross Sectional Area

The effective cross sectional area of tension flanges
shall be the gross cross sectional area, including the
areas of continuous longitudinal stiffeners.

The effective cross sectional area of sections con-
taining rivet or bolt holes shall be computed in accord-
ance with the requirements of Art. 1.7.44(M).

(G) Slenderness Limitations

(1) The width-to-thickness ratio, b/t, of longitud-
inally unstiffened tension flanges, or w/t of longitudin-
ally stiffened tension flanges, shall not exceed 120,
where b is spacing between webs and w is spacing between
longitudinal stiffeners.

(2) The width~to-thickness ratio of the *tension
flange projection beyond the web, b'/t , shall not exceed
20,

(3) The slenderness ratio, L/r , of the longitud-
inal stiffeners of a tension flange shall not exceed 120,
where L is the spacing of the transverse supports of the
longitudinal stiffeners and r is the radius of gyration
of the stiffener in combination with an effective width
of flange plate. For the purposes of this calculation
the effective width may be taken as the spacing between
the stiffeners.
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1.7.209 Top Flanges

QA! Scope

This article applies to top flanges of box glrder
bridges in tension or compression.

(B) Orthotropic Steel Plate Decks

Orthotropic steel plate decks shall be designed in
accordance with Art. 1.7.75 and 1.7.51. The design anal-
ysis shall consider the effects of axial compression,
axial tension, and shear in the orthotropic deck acting
as the top flange of the box girder, combined with the
effects of flexure in the deck system (floorbeams, ribs
and deck plate) due to wheel loads.

(C) Composite Concrete Decks in Positive Moment Sections

(1) Strength of steel flanges

(a) Separate steel flange for each web

Where the box girders are not provided with temporary
supports during concrete slab placement, the sum of the
flange stresses produced by the factored dead load acting
on the steel section alone, and the flange stresses pro-
duced by the factored superimposed dead load and service
live load acting on the composite girder, shall not exceed
the yield strength of the flange.

Where the box girders are provided with effective
intermediate supports which are kept in place until the
concrete deck slab has attained 75 percent of its re-
quired 28-day strength, the total flange stresses pro-
duced by the factored initial dead load, superimposed
dead load and service live load, acting on the composite
girder, shall not exceed the yield strength of the flange.

For bracing requirements. for erection refer to
Art. 2.10.55A,
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(b) Solid steel top flange connecting two or more
webs.

The ultimate capacity of the solid steel flange in
compression, acting compositely with a concrete deck,
shall be determined by a rational analysis taking into
consideration the sizes and spacings of the longitudinal
and the transverse flange stiffeners, the number and
arrangement of shear connectors, and the effect of local
flange stresses due to wheel loads.

Where the box girders are not provided with temporary
supports during concrete slab placement, the steel flange
acting alone must be adequate for the axial stresses
caused by dead loads and erection loads, with additional
consideration of the local flexural stresses due to these
loads, see Art. 2.10.55A.

(2) Strength of concrete deck

The strength of concrete deck and the number and
arrangement of the shear connectors shall be determined
in accordance with applicable provisions for composite
girders of these specifications, with the following mod-
ification:

Where the top flange plate consists of a single steel
plate extending between two or more webs, and where
the slab is adequately anchored to the flange plate,
the effective slab width may be taken as

b + 12t
s

where b flange-plate width between webs

t least thickness of slab

S

(D) Composite Concrete Decks in Negative Moment Sections

Composite tension flanges shall be designed in accord-
ance with applicable provisions of these specifications.
It shall be assumed that the concrete slab does not carry
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tensile stresses. In cases where the slab reinforcement
is continuous over interior supports, the reinforcement
may be considered to act compositely with the steel sec-
tion.

Solid steel top flanges may be treated in accordance
with Art. 1.7.208, with the additional consideration of
effects of wheel loads.

(E) Design Stresses in Flanges

(1) The governing axial and shear stresses and the
local flexural stresses in orthotropic, composite or con-
crete decks shall be determined in accordance with the
elastic theory.

(2) The design force in orthotropic steel plate
deck panels or composite deck panels adjacent to webs de-
signed with utilization of tension field action shall
include additional forces, or AF., , calculated in

accordance with Art. 1.7. 211(E} or 1.7.212(D).

(3) For stresses during erection refer to Art.
2,10.55A,
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1.7.210 Unstiffened webs

gA! Scope

This article applies to box girder -webs without stiff-
eners, except bearing stiffeners at supports.

(B) carrying Capacity of Web

(1) General

The carrying capacity of an unstiffened web is given
as the value of the buckling shear, V, , which the web can
carry under the combined effects of the shear and axial
stress. The postbuckling strength shall be disregarded.

The value of V shall be obtained from the equation

B
VB = Fvchtw , Where
F = c¢ritical shear buckling stress, see Art. 1.7.210
ver
(B) (2).
D = clear depth of web between the flanges, measured

along the web.

tw = web thickness

The maximum value of V_, shall not exceed the yield
shear strength of the web with consideration of the effect
of coincident axial stress, as follows

v 2 2 2
B max - 0-58 D&, [ Fy - (g'fav>
where fav is the average nun-.rical value of the flexural
axial stresses at the opposite longitudinal edges of the
web, f W and f2 , as defined in Art. 1.7.211(B} (4), dis-
regarding the sign of the stress.

N The ultimate shear capacity of an inclined web,
VB ’ iS
]
Vg = Vg cos@

where O is the angle of inclination of the web
to the vertical.
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(2) Calculation of critical shear buckling stress, F r
ve

The wvalue. of Fvc shall be determined in accord-

ance with Article 1.7.211(B)(2),(3) and (4), except for
the following provision applying to the case of unstiff-
ened web:

Fscr , the critical web buckling stress under shear

stress acting alone, shall be calculated as a func-
tion of the web plate slenderness parameter

.D F
A, = 0.300— | X
tw E
o
The values of F are found from eguations in

ver
Table 1.7.211(B)(2), or from Fig. 1.7.210.

(C) Design Stresses in Web

The governing load-factored coincident shear and flex-
ural or direct stresses to be used in the design of an

unstiffened web shall be calculated at the following loca-
tions:

(a) at distance D/2 from support

(b) at location of maximum positive moment between
the supports of box girder

(c) at distance D/2 from location of change of
thickness or yield stress of web material, on
side of smaller thickness or yield stress

The shear stresses due to flexure or other effects
shall be assumed uniformly distributed over the depth of
the web panel. Direct stresses due to flexure or other

effects shall be computed in accordance with elastic
theory.

(D) __Slenderness Limitations

The thickness of unstiffened webs shall meet the fol-
lowing requirements, but shall not be less than 3/8" (10mm).
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& < 3.4
D < D/2: -
c ty }F /E
Y
D, > D/2: D - _6.8
ty ‘FY/E
where Dc = distance between neutral axis and com-

pression flange
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1.7.211 Transversely Stiffened Webs

(A) Scope

This article applies to box girder webs with trans-
verse stiffeners but without longitudinal stiffeners.

(B) Carrying Capacity of Web

(1) General

The carrying capacity of a web is given as the value
of the ultimate shear, Vu , which the web can carry under
the combined effects of the shear and axial stresses.

The value of Vu is obtained as the sum of the buck-
ling strength, V_ , (beam action of the web), and the ten-

sion field strength, VT (tension field action).

Vu =.VB + VT

with

B W vCr

v _ th FT

([ + )

= depth of web between flanges measured along
web

o
|

where

d = distance between transverse stiffeners
K = d,/D
t = web thickness

F = c¢ritical buckling shear stress, see
Art. 1.7.211(B) (4)

F = tension field stress, see Art. 1.7.211(B) (5)
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The postbuckling strength, VT , may be disregarded
if its utilization in accordance with the provisions of
Articles 1.7.211 - 1.7.213 is not advantageous in the
design.

The maximum value of V. shall not exceed the yield

u
shear strength of the web with consideration of coincident
axial stress:

a 2 2 2
Vi max - ©0-58 Dt Fy - 3 favl -

where fa is the average numerical value of the
flexural axﬁaY stresses at the opposite longitudinal
edges of the web panel, £ and f , as defined in
Article 1.7.211(B) (4), disyegarding the sign of the stress.

The ultimate shear capacity of an inclined web,

Vu‘ , 1is

v, =V, cos 6

-

where © is the angle of the web plate with the
vertical.
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(2) Critical shear buckling stress

Critical buckling stress in the case of shear stress
acting alone, Fscr , shall be computed as a function of

the plate slenderness parameter

F
v t, w23 x, E T, o -
where kv is the plate buckling coefficient defined
as:
5
k, = 5 + =2

the values of Fscr are given by the equations given
in the table, or may be obtained from Fig. 1.7.211(A)

Table 1.7.211(B) (2)

' , Q-
web slenderness, xv- critical shear stress, FVcr
o
xvé 0.58 Foor = 0.58 Fy
0.58< ANuo< 1.41 7o = [0.58 - 0.357()_-0.58)"""°|F
oe= v= o+ ver * - v y
o —
Ay>1.41 Foer = ©0-58 F, />\_\2,
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(3) Critical flexural buckling stress

Since any unsymmmetrical axial stress distribution
in the web can be represented as a combination of pure
compression (or tension) and pure bending, critical
stresses for these basic cases only are needed in the
computation of the critical buckling stress for combined
shear and axial stress (see Art. 1.7.211(B) (4).

The critical stresses Fgcr for Case (1) , compres-
sion acting alone, and F°c for Case (2), bending acting
alone, are given by the ?oflowing equations:

2
0.072( A - 5.62) = 0.78

(o]
0.65 < A= 1.5: Fcr/Fy

2
™ . o =
Ax1.5: Fo/Fy 1/ N
where
D/t F
Ao —u |y

0.95 E Xk

The value of k shall be taken as

_ 2
Case (1):og>-1,k=4;o(<1,k=(o(+ 1/4 )

' 2
Case (2): ol >2/3, k =24 ;A<2/3, x =24 + 73 (2/3 =)

The values of critical stresses.Focr forol > 1 and Fgcr
for X >2/3 may also be read from F§5. 1.7.211(B).

(4) Critical buckling stress for combined shear
and axial stress

The critical buckling stress of panels subject to
simultaneous shear and axial stresses shall be computed
from the interaction equation
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ber

cCcr

F

vCr

Fbcr

2
_EEEHL_ + _fl;;;_ o= 1
o o )
'Fbcr 'Fccr

critical shear buckling stress in the
case of shear stress acting alone,
obtained from equations in Table 1.7.211

‘(B) (2) or from Fig. 1.7.211(A)

critical bending buckling stress in the
case of bending acting alone, to be ob-
tained from equations in Art. 1.7.211(B)
(3) or from Fig. 1.7.211(B) Curve (2)

critical compressive buckling stress in
the case of pure axial compression acting
alone, to be obtained from equations in
Art. 1.7.211(B) (3) or from Fig. 1.7.211(B)

‘Curve (1)

, and Fc are individual (shear, pure

cxY

bending and pure compression) stress components which
cause buckling of the web panel when acting simultaneously.
These stress components are interdependent and may be
expressed in terms of FVcr by the following expressions:

where

_ l] - R
Fher = 2 /“Fvcr
' _ 1 +R
Foer = ) f*Fvcr
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with

lw

2w

£y

governing axial compressive stress at longi-
tudinal edge of web panel at lecation of the
design stress (see Arts. 1.7.210(C) or 1.7.211
(C))due te memert, M , coincident with max-
imum design shear, V , used in design of web
panel

axial stress at oppoesite edge of panel co-
incident with flw' Compression is designated

positive, tensidn negative.

governing shear stress = V/Bt,

These stresses are illustrated im Fig. 1.7.211(C).

The value of R may be pesitive or negative, depending

on the signs of stresses flw and f

2w °

When the maximum tensile stress is numerically great-
er than the compressive stress, f1w (R < -1), the inter-
action equation reduces te the fellewing form:

where

2 2
F F
_ME£> + ber = 1
@ (<)
FVCr Fbcr
F = F
ber /u. ver
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(5) Tension field stress

The tension field stress of a web panel, F_ , to be
used for determination of the tension field strgngth of
the panel in accordance with Art. 1.7.211(B) (1) shall be
found from the following formula:

2 2
F = P - 0.25 £ + 3F
T Y V/ > 2w 3 vcr
with the notation as given in Art. 1.7.211(B) (4).

(6) Web panels adjacent to end support of girder

Web panels adjacent to end supports of the box girder
may be designed with or without the utilization of the
tension field strength,

If tension field strength is utilized, the end bear-

ing stiffeners shall be designed in accordance with Art-
icle 1.7.213(B) (3).

(C) Design Stresses in Web Panel

The governing load-factored coincident shear and
flexural or direct stresses for web panel design shall
be calculated at the cross section of the panel midway
between transverse stiffeners.

Shear stresses due to flexure or other effects shall
be assumed uniformly distributed over the web depth.

Direct stresses due to flexure or other effects
shall be computed in accordance with elastic theory.
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(D) Slenderness Limitations

(1) The thickness of transversely stiffened webs
shall meet the requirements, but shall not be less than
3/8" (10 mm).

D, £ D/2: D/t, < 6.8 ,/Fy/ E

D, > D/2: D./t, & 3.4 ,/Fy/E

where D, = distance between neutral axis and compression
flange

(2) Web stiffener sizes shall be governed by the
requirements of Art. 1.7.213.

(E) Additional Forces in Flanges due to Post-Buckling
Behavior of Webs

Since the capacity of the web to carry compressive
stresses is limited by compressive stress corresponding
to web buckling, any additional axial stress assigned to
web under the assumption of linear stress distribution
must be carried by the flanges. Also, additional flange
forces due to assumptions used in formulating the tension
field action must be considered.

The additional flange forces, AF, to be added to
the flange forces computed in accordance with elastic
analysis, shall be calculated in the web panel at the
box girder cross section used for design of the flange
panel under consideration by. the following formulas
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Compression flange:
V - v
M 2 B

bEy, = \—% [(flR - fl) Bee * -35 Vi COt{ed)}

M

Tension flange:

V -~ 2V
AF. = M B f -fYa -1V (84
2 ( A [( 2R 2) fe %‘ m % 25

In the above formulas the term L V cot QQ is

compression, which is added to compression flange force
and subtracted from tension flange force.

Notation is as follows:

Vu = total load factored shear force acting on box
girder coincident with maximum moment, M, at the
same box girder cross section

Vg = 3Dt F .. = sum of buckling (beam action) shear

capacities of all webs at box girder cross section
under consideration, determined for combined action

of Vy and M in accordance with Art. 1.7.211(B) (4)

fl ’ f2 = stress in compression or in tension flange,
respectively, due to moment calculated by
elastic theory, assuming fully participating
webs

-flR , fo,p = stress in compression or tension flange
respectively, due to moment M calculated by
elastic theory, assuming reduced moment of
inertia, IR , of box girder cross sec*tion

IR = moment of inertia of box girder cross section

obtained by removing those portions of web in
compression., For purposes of calculation of AF

it may be assumed that this removal does not change
position of the box girder neutral axis.
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compression or tension flange area, respec-
tively, see Arts. 1.7.205(B) (1), 1.7.206(B)
(1) or 1.7.208; or equivalent steel area of
a composite flange,see Art, 1.7.209

-1
cot (d) = angle of inclination of web panel
diagonal to the horizontal
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1.7.212 Transversely and Longitudinally Stiffened Webs

(A) Scope

This article applies to box girder web panels with
transverse and longitudinal stiffeners.

(B) Carrving Capacity of Web

(1) The carrying capacity of a web is given as the
value of the ultimate shear, Vu , which the web can carry
under the combined effects of the shear and axial stresses.
The value/of'Vu is obtained as the sum of the buckling
strength, VB , and the post=buckling strength, VT , in

accordance with the procedures given in Art. 1.,7.211(B)
and (C)with modifications as given in (2), (3), (4) and
(5) hereunder.

(2) In the determination of the buckling strength of
the web, VB , the critical shear buckling stress, FV

’
under combined shear and axial stresses shall be detgrmined
separately for each web subpanel between the flange and

the longitudinal stiffener, or between two longitudinal
stiffeners. Longitudinal stiffeners are treated as rigid
supports. The minimum value of F of the critical sub-

ve
panel, F ...+ shall govern the Euckling strength of
ver min
the web.
V. = Dt F .
B W ~vcr min

where D = clear depth of web between flanges measured
along web

(3) In calculation of the shear buckling stress,

FVcr , of the subpanels under combined shear and flexural

compression (such as subpanels 1 and 2 in Fig. 1.7.212)
or shear and flexural compression and tension (such as
subpanel n in Fig. 1.7.212) the following notation shall

apply:

"= a_/p’
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R = £! /£

2w 1w o
= f!
/i lw/fv
where
D' = depth of subpanel
fiw = governing axial compressive stress at longi-

tudinal edge of subpanel, computed midway
between transverse stiffeners, due to the
moment, , coincident with maximum design
shear, V, used in design of web panel

féw = axial stress coincident with f! at opposite
edge of subpanel. Compression 1s designated
positive, tension negative

£, = governing shear stress = V/th
(4) The shear buckling stress, Fvcr , of the sub-
panels under combined shear and flexural tension (no com-

pression stress in the subpanel) is given by the follow-
ing equations:

A
o
(%))
©
o]
[

for A 0.58 Fy

v ver 1.18
for 0.58 £ A\ < 1.41: F [ 0.58-0.357()\V-O,58) ]Fy

for A >1.41: F__ = 0.58F /N>
. v ver vy v
where

\ |~

ve 0 e e

*
with k, the plate buckling coefficient for com-

bined shear and tension, to be taken as:



for 0.5S'<1: k& = 5 + 5/4'2 + (4 + 3/04'2)[—ft/fv + (ft/fv)z:l

for ' >1: ki =5 + 5/8'% + (1.5 + 5.5/0('2)[-ft/fv + (ft/fv)2]

where ~

£ = the average value of the tension stresses,
coincident with governing shear stress, at
the two longitudinal edges of the subpanel,
computed midway between transverse stiff-
eners. Tension stress is designated nega-
tive; therefore the ratio ft/fv is always
negative,

£, and ' are defined in Art. 1.7.212(B) (3)
(5) The tension field strength, V_, , of the web shall
be determined for the entire web panel between transverse

stiffeners, with horizontal stiffeners disregarded.

(C) Slenderness Limitations

(1) Webs’with one line of longitudinal stiffeners

The web thickness shall meet both of the following
requirements:

D < _13.6  and D' ¢ _2.7
t f t = JF /

where D = clear depth of web between the flanges
D' = the depth of subpanel adjacent to com-

pression flange = 2Dc/5

where Dc = clear distance between neutral axis
and compression flange

The horizontal stiffener shall not be placed im-
practically close to the compression flange.
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(2) Webs .with two or more lines of longitudinal
stiffeners

The web thickness shall meet-the following regquirement

for each subpanel in the compression Zzone
1
O < 8.1 7an

tw " Fy/E Dc

where D' = depth of subpanel between compression
flange and s%iffener, or between two stiffeners in the
compression zone

71nD = distance between compression flange
and stiffener n, see Fig. 1.7.212,.

The depth of subpanel between compression flange and
the first stiffener shall meet the requirement

! < 2o

———

5
(3) Minimum web thickness shall be 3/8" (10mm)

(4) The sizes of stiffeners shall be governed by
the requirements of Art. 1.7.213.

(D) Additional Forces in Flanges due to Pbst-Bucklinq
Behavior of Webs

(1) Additional axial forces in the flanges due to
load shedding and tension field action of the webs shall
be determined by the formulas for AF given in Art. 1.,7.211
(E), except that if longitudinal stiffeners are continu-
ous, the reduced moment of inertia, I_ , of the longitud-
inal stiffeners including appropriate effective widths of
the web plate.
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1.7.213 Web Stiffeners

(A) Scope

This article applies to the transverse and the hor-
izontal stiffeners of the box girder webs.

(B) Transverse Stiffeners at Box Girder Supports

(1) If box girders are designed with diaphragms at
the supports, the transverse stiffeners, if any, shall be
designed in conjunction with the support diaphragms in
accordance with Art. 1.7.215.

(2) If no support diaphragms are present and the
bearings are provided under each web of the box girder,
the stiffeners shall be designed to transmit the entire
support reaction due to the,direct and the torsional
loading to the bearing, acting as centrically or eccen-
trically loaded columns, depending on the placement of
the stiffeners on one or on both sides of the web. The
bearing stiffeners shall also be designed for the dis-
tortional effects, in accordance with Art. 1.7.216.

In addition, the bearing stiffeners shall satisfy
all strength and rigidity requirements of Art., 1.7.213(C).

(3) Stiffeners at end supports and web extension
beyond the end bearings shall be designed to resist the
horizontal component, Pip of the tension field force used

in the design of the web panel adjacent to the end support,
see Arts. 1.7.211(B)(6) and 1.7.212(B)(5). Force P may
be considered to be distributed over a distance of 593 from
the top flange of the girder, and shall be taken as

Pyp = (v—vB) cot (_92-9)

with notation as defined in Art. 1.7.211.

In addition, bearing stiffeners at end supports shall
satisfy the requirements of (1) and (2) above.
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(C) Intermediate Transverse Stiffeners

Intermediate transverse stiffeners may be placed on
one or both sides of the web and shall satisfy the follow-
ing requirements . (1) through (3):

(1) Strength

(a) Intermediate transverse stiffeners at deck floor-
beams or at crossframes or cross bracing shall be designed
for the directly applied axial and flexural loads, in
accordance with Art. 1.7.216.

(b) In addition, in the portions of the web designed
with utilization of the tension field strength, stiffeners
shall be designed as columns subject to the tension field
vertical force, P :

vV -V
o = FT t. 90 1 A B
2 | 2 v
L 1+ ol T
with notation as defined in Art. 1.7.211. The larger of
the PVT values in the two panels adjacent to the stiffener
shall be used.

The force P shall be assumed to act in the mid-
plane of the web plate. Stiffener eccentricity shall be
taken as the distance between the mid-plane of the web
and the center of gravity of the stiffener cross section,
including the effective width of web plate acting with the
stiffener.

{(c) The effective width of the web plate, be , acting
with a stiffener shall be

V -V
be = 18 | 1- _.__B») ty
vy

(d) The effective length of the stiffener column
shall be taken as

L' = 0.7D
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(e) In addition to the above forces and moments,
where longitudinal stiffeners are present in the adjacent
web panels, the intermediate stiffener shall be designed
for a lateral force equal to 2 percent of the axial force
capacity of the stronger of the two horizontal stiffeners
abutting the transverse stiffener. Such a lateral force

shall be determined for each line of horizontal stiffeners,

see Art. 1.7.213(D).

(2) Rigidity

(a) The minimum rigidity of an intermediate trans-
verse stiffener, I_ , shall be

T
*  ptd £ * £
I, = : u Y_ = 0.00m . Dt> _V
T AT 12 (1-V2) FO * ngXT W FO
vCcr vCeY
where
IT = moment of inertia of stiffener and effective
web plate, according to Art. 1.7.213(C) (1) (¢),
with respect to center of gravity of combined
cross section
D = clear distance between flanges measured along

web
tw = web thickness

My = multiplier
for D/tw£75, mp = 1; for D/tW = 150, My = 3;

for 75<D/t,,<150, interpolate linearly

%
er = minimum relative rigidity coefficient cf trans-
verse stiffener, taken from Fig. 1.7.213(A)

f; = smaller of the following:

* See Addendum # 1
on page 176
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f = governing actual shear stress in
adjacent web panel as defined in
Art. 1.7.211(B) (4)

F = c¢ritical buckling stress of the
ver
same web panel or subpanel, as
defined in Art. 1.7.211(B) (4)

F© = critical buckling stress of web panel or
ver subpanel in the case of shear stress acting
alone, as defined in Art. 1.7.211(B) (2)

Stresses f! and F°cr shall be determined for the
adjacent web paneY or subpanel with the greater

value of Fvcr

(b) Alternatively, for webs having horizontal stiff-
eners, the minimum rigidity coefficient of an intermedi-
ate transverse stiffener,*IT . may be obtained by using
the following value of .XT

- (=)

W
where
]ﬁ*' = minimum relative rigidity coefficient of trans-~
T verse stiffener for web having a thickness,
tw , with no longitudinal stiffeners
te = thickness of longitudinally unstiffened web

having same elastic buckling capacity under
shear acting alone, as longitudinally stiffened
web with thickness tw

(3) Local torsional buckling stability

The effective slenderness coefficient, C'! , of the

web stiffener shall be governed by the following formu-
las:
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£ > O0,5F :

max y s
F /E
N Y/

. C!
£y < 0.5F : S

N
o
@

where

max = maximum calculated factored compression
stress in the stiffener outstand under
loading in accordance with Art. 1.7.213

(c) (1)

Cé = / Io/q

I = polar moment of inertia of the stiffener

o
cross section without effective width cf
web plate, about attached edge
J = torsional constant of stiffener cross
section
For flat stiffeners Cé = d/to
where
d = stiffener depth
to = stiffener thickness

(4) Details of Transverse Stiffeners

Transverse stiffeners need not be in bearing against
the tension flange; however, the distance between the
end of the stiffener and the near edge of the web-to-
flange fillet weld shall be not less than 4t nor more

w .
than 6tw

Transverse stiffeners shall be continuous at inter-
sections with longitudinal stiffeners.
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(D) Longitudinal Stiffeners in Compression Zone of Web

(1) General

(a) Longitudinal stiffeners conforming to the re-
quirements of this section shall be assumed to enforce
nodal lines in the web plate at buckling and remain
straight until the ultimate web capacity is reached, as
defined in Art. 1.7.212(B).

(b) One or several longitudinal stiffeners may be
used, placed at any appropriate location.

(¢) Longitudinal stiffeners may be continuous or
discontinuous at the transverse stiffeners. Continuous
longitudinal stiffeners may be included as elements of
the box girder cross section. '

(d) Longitudinal stiffeners shall satisfy all of
the strength and rigidity requlrements of Art. 1.7.213(D)
(2), (3) and (4).

(2) Strength

Longitudinal stiffeners shall be designed as columns
having length equal to the spacing of the transverse
stiffeners. An effective width of web plate equal to
18t,, , but not greater than the distance between the
stiffener and the flange or the adjacent stiffener, may
be used with the longitudinal stiffener.

(a) Discontinuous longitudinal stiffeners

The design axial force shall be the product of the
effective web plate area acting with the stiffener (with-
out the area of the stiffener) and the governing web com-
pression stress at the stiffener location, see Fig.
1.7.212. The force shall be assumed to act in the mid-~
plane of the web plate. The design eccentricity shall
be the distance between the mid-plane of the web and the
center of gravity of the combined area of the stiffener
and the effective web plate, plus the out-of-straightness
tolerance of do/500.
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(b) Continuous longitudinal stiffeners

The design axial load shall be as the product of the
cross sectional area of the stiffener including the effec-
tive area of the web acting with the stiffener, and the
governing web compression stress at the stiffener loca-
tion, see Fig. 1.7.212. The force shall be assumed to
act in the center of gravity of the combined area of the
stiffener and the effective web plate. The design
eccentricity shall be the out-of-straightness tolerance
of do/500.

Alternatively, the stiffener strength may be checked
by the interaction diagram, Fig. 1.7.206(A), taking w
equal to the effective width of web plate acting with the
stiffener.

(3) Rigidity

The rigidity of the longitudinal stiffener, IL '
shall be no less than
T I * Dt3 * 3
= ni — = 0,09n Dt
L = P X "‘L{
L(d‘+t) 12 (l"\’z) L(6-+f) w
where
IL = moment of inertia of stiffener and effective web
plate, according to Art. 1.7.213(D)(2), with
respect to the center of gravity of combined
cross section
n = multiplier. For one line of longitudinal stiffen-~
ers n = 1. For two or more lines of longitudinal
stiffeners n = 0.8
m = multiplier

For webs with D/tﬁ>240:

Stiffener at 0.2D from compression flange: m, = 7 *

Stiffener at neutral axis of the box girder: mL= 3 %

*See Addendum # 1 on
80 page 176



Stiffeners in between, obtain m by interpolation
For webs with D/tw < 120: mo = 1

For webs with 120-<D/t < 240, obtain m; by inter-
polation

Xh* (c+T) = minimum relative rigidity coefficient
of longltudlnal stiffener of web subject to axial
and shear stresses:

* * f' f‘ 2
e
L(r+T) Lo\ Fg FO Lr F°

cr ber ver

where

Lo, 5AI_-'E = minimum relative rigidity coefficient
of longitudinal stiffeners of web subject to
axial or shear stress acting alone, respec-
tively, required to ensure that web subpanel
adjacent to stiffener will reach its elastic
buckling strength (with stiffener acting as
rigid edge support).

* * . . .
are given in Fig. 1.7.213(B)
KNLG_ and ijr g g (

’

fe = smaller of f . fV oxr F_._,

F S ccr
respective
ver ! pe Y

ber

c fb , £ = actual compression, bending and shear,
respectively, in web subpanel adjacent to
stiffener. Axial stresses in any web sub-
panel (see Fig. 1.7.212) may be represented

as sum of pure axial stress and pure bending.
If pure axial stress is tension, disregard
term £'/F°  in formula

. ¢ cer

cer '’ Fyer ¢+ Fyer = individual compression, bending

and shear stress components, respectively,
which cause buckling of web subpanel adjacent
to stiffener when acting simultaneously, as
defined in Art. 1.7.212(B) and 1.7.211(B) (4)
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Fgcr ' Fobcr ' FScr = critical buckling stress in web sub-

panel for compression, bending or shear
acting alone, respectively, as defined in

Arts. 1.7.212(B) and 1.7.211(B) (2)and (3)

All above stresses shall be calculated in the sub-

panél with the lower wvalue of Fvcr

(4) Local torsional buckling stability

The provisions of Art. 1.7.213(C)(3) shall apply,
except that the stress £ shall be determined in accord-

X
ance with Art. 1.7.213(DT?2)(a) or (b), for discontinuous
or continuous stiffeners, respectively.

(E) Longitudinal Stiffeners in Tension Zone of Web

(1) General

The provisions of Art. 1.7.213(D)(1)(a), (b} and (c)
shall apply.

(2) Rigidity

The rigidity of the longitudinal stiffener, I . in

tension zone of web shall be no less than
*
3
— 1 o]

IL 0.09 3~L,Tens Dt, fV/Fvcr
where

IL = moment of inertia of stiffener and effec-

tive web plate, according to Art. 1.7.213
(C) (1) (c¢), with respect to center of
gravity of combined cross section

X‘* = minimum relative rigidity coefficient of
L,Tens longitudinal stiffener in tension 2zone
of web, taken from Table 1.7.213(E)

D = clear distance between flanges measured
along web
t, = web thickness
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smaller of the following:

v
£, = governing actual shear stress in
web as defined in Art. 1.7.212(B)
(3)

Fvcr, min = the minimum value of critical shear
buckling stress as defined in Art.
1.7.212(B) (2), determined accord-
ing to Art. 1.7.212(B)(3) (combined
shear and flexure) or Art. l1.7.212
(B) (4) (combined shear and tension),
whichever case applies.

Fgcr = critical buckling stress in the case of shear
stress acting alone, determined according to

Art. 1.7.211(B)(2) for the adjacent web subpanel

having the lower value of F

ver
Table 1.7.213(E)
Minimum Relative Rigidity Coefficients, ¥ .
inimum Relative Rigidity Coefficients, I, Tens
of Longitudinal Stiffeners in Tension Zone of Web
o =4,/D| 0.5 0.7 1.0 1.5
M =o0.5 1 3 8 22
Y] = 0.66 | 7 16 40 | 100
where do = distance between transverse web stiffeners

ratio of distance between compression flange
and stiffener to total web depth, D.

The values of 6\ for other locations of

ens
stiffeners in tension zone of web shall be determined
by interpolation or extrapolation.

83



60+

504

40+

204

L COMPR FLANGE

)
[

' ~ LONG STIFF )
TRANSVERSE ‘
STIFFENERS l

do
do
>

N
WEB WITHOUT \ ™~ \\‘i

104
LONGITUD'NAL \ \ \L \\ \
STIFFENERS - ~—— ~—— —t
——— ———
o Al LJ T T . T LJ Ll LJ v L Ll v
0.4 0.6 0.8 1.0 e 1.4 o 1.6

FIG. 1.7. 213 (A) RIGIDITY COEFFICIENTS X: FOR TRANSVERSE WEB STIFFENERS

84



WEB THICKNESS ¢, —
L]
A o

354

301

25+

10+

5

oIs 0.20 0.2% 0.30 0.35 0.40

STIFFENER LOCATION , Y,

FIG. 1.7.213(B) RIGIDITY COEFFICIENTS 8‘: FOR LONGITUDINAL WEB STIFFENERS

85



1.7.214 Webs of Hybrid Girders

(A) Scope

This article applies to box girder webs having the
specified yield strength lower than that of one or both
flanges.

(B) Carrying Capacity of Web

(1) Webs of hybrid box girders may be designed in
accordance with Articles 1.7.210 through 1.7.213, provided
that the governing axial stresses at the longitudinal
‘edges of the web panel, flw and f , as defined in Art.

w
1.7.211, do not exceed the yield stress of the web mater-~
ial.

(2) Where axial stresses in portions of web panels
adjacent to flanges exceed the yield stress of the web
material, the web carrying capacity shall be taken as the

buckling shear strength, VB . and the postbuckling strength
shall be disregarded.

The value of VB shall be obtained with consideration

of the buckling and yielding interaction relationships of
the axial and shear stresses, as follows:

(a) The value of VB , as determined by buckling:

VB = Fvcr th

where the critical shear stress, F , for shear acting

c

simultaneously with axial stresses, is obtained by ration-
al application of buckling interaction equations given

in Art. 1.7.211(B) (4).

(b) The maximum value of VB shall be

A% = Dt f!
B max w VvV avg

where
D = depth of web between flanges
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t
w

fl
v avg

web thickness

average value of f; over the depth D

= maximum shear stress theoretically

available at given distance from
neutral axis of critical section

= web axial stress at the same

distance from neutral axis

= vyield stress of web material
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1.7.215 Diaphragms

(A) Scope

This article applies to load bearing diaphragms at
supports of box girders and to intermediate diaphragms
between supports

(B) General

(1) The primary function of bearing diaphragms at
supports of box girders is to transmit the vertical and
the horizontal forces (due to applied loads on the box
girder) from the webs and flanges to the bearings.

(2) Stresses in support diaphragms cannot be accu-
rately determined by simple analytical’methods because of
complexities caused by the shape of the diaphragm, inter-
action with webs and flanges, biaxial loading, and stress
concentrations at bearings. Therefore design methods
must be based on rational conservative simplifications.*
Generally, support diaphragms shall be stocky, with
adequate capacity for local stress redistribution by
yielding without buckling.

(3) Support diaphragms may be stiffened or unstiff-
ened. Unstiffened diaphragms shall be assumed incapable
of resisting out-of-plane bending moments.

* The design criteria for diaphragms given in
"Inquiry into the Basis of Design and Method of Erection
of Steel Box Girder Bridges, Report of the Committee -
Appendix I, Interim Design and Workmanship Rules,

H. M. Stationery Office, London, 1973 and 1974", may
be used for general reference.
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(C) Loads and Stresses in Support Diaphragms

(1) ILoading on support diaphragms

The loads and forces to be considered in the design
of support diaphragms shall include those deriving from
the following sources of stresses, as applicable:

(a) Vertical and horizontal shear forces in box
girder webs and flanges due to vertical, horizontal and
torsional loads that must be transmitted to the bearings,
and the corresponding vertical and horizontal reactions
at bearings.

(b) Dead load and live load applied directly to the
diaphragm, including torsional and distortional effects.

(c) Friction at bearings in the plane of the dia-
phragm due to temperature change.

(d) Creep and shrinkage of concrete deck.

(e) PFriction and horizontal reaction on bearings
in the direction of the span.

(f) Bearing misalignment in the direction perpen-
dicular to the plane of diaphragm, and movement of bear-
ing relative to the diaphragm due to movement of the
structure under stress and temperature change.

Designer's attention is also called to the need to
consider stresses due to erection conditions, see Art.
2.10.55A,

(g) Horizontal tension field forces perpendicular
to the plane of diaphragm at end supports, see Article
1.7.213(B) (3).

(2) Vertical compression stresses

(a) Direct vertical compression stresses in a dia-~
phragm are due to vertical reactions at bearings.
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Vertical reaction force may be assumed to vary linearly
from the maximum value at the bottom to zero at the top
of diaphragm.

(b) The effective width of diaphragm at the bottom
edge shall be taken as the width of bearing beneath the
bottom flange plus 2 times the flange thickness, less the
width of any diaphragm cutouts for longitudinal stiffeners
within the bearing width.

(c) Compression stresses above the base of diaphragm
shall be calculated using a rational effective width of
diaphragm at the level considered.

(d) Vertical reactions may be assumed to be resisted
jointly by the diaphragm plate and load-bearing stiffeners
(full-length bearing stiffeners and stub stiffeners)
within the bearing width.

(e) The effect of coincident torque causing non-
uniform stress distribution must be taken into considera-
tion, particularly in the case where diaphragm is sup-
ported on a single bearing.

(3) Horizontal axial stresses

(a) Horizontal axial stresses are due to bending of
the diaphragm in its own plane. The distribution of
these stresses is generally non-linear, with compression
stress at the bottom higher than tension stress at the
top of the diaphragm; however, for design purposes a
linear stress distribution in accordance with simple
flexural theory may be assumed.

(b) In trapezoidal diaphragms horizontal compression
stresses at the bottom are increased by the horizontal
component of the inclined web forces at box girder sup-
ports. This additional compression must be considered
in the design.

(c) The effective widths of box girder top and

bottom flange plates to be considered as the diaphragm
flanges shall be determined as follows:
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At centerline of the box girder the maximum.
effective width shall be one-fourth of the spacing
of webs. The effective width shall vary linearly
between the maximum value at centerline to zero

at the webs.

For diaphragm at end supports the maximum effec-
tive width at centerline shall be one-eighth of
the spacing of webs plus the distance between

the diaphragm and the end of the flange plate,
but not greater than one-fourth of the spacing of
webs, decreasing linearly to zero at the webs.

(4) Shear stresses

(a) Diaphragm shear stresses are due to the trans-
fer of the vertical shear in the webs, and the horizontal
shear in the flanges, to the bearings. The shear distrib-
ution along the web-diaphragm boundary is generally non-
uniform, with higher shears in the lower part of the dia-
phragm, see Art. 1.7.215(G) (2).

(b) The assumption of uniform shear distribution
across the diaphragm depth is permissible; however, in
checking the stability of lower portions of the stiffened
diaphragm the average shear values shall be multiplied
by a factor of 1.3.

(5) Out-of-plane flexural stresses

(a) In computing out-of-plane flexural stresses,
an additional eccentricity, e_ , shall be added to those
effects given in Art. 1.7.215%¢) (1) (e), (£) and (g):

For steel bearings with flat bearing surface,

e, = one-half the bearing width in the direction
of the span; for bearings with cylindrical bear-
ing surface, e, = %" (12 mm).

(b) Out-of-plane flexural stresses shall be re-
sisted by bearing stiffeners extending full depth of the
diaphragm; stub stiffeners shall not be considered
effective in resisting out~of-plane flexural stresses.
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(c) FPor structural adequacy of the diaphragms during
erection, particularly when jacking 'is anticipated, ref-
erence is made to Art. 2.10.55A in Division II.

(D) Unstiffened Support Diaphragms

(1) The sum of vertical bearing reactions calculated
with factored loading,3R_, on an unstiffened diaphragm
without an access opening shall not exceed 2/3 of the
critical buckling capacity, P . of the diaphragm plate,
computed by the formula cr

3
KEt
P - D
cr D
where tD = thickness of diaphragm plate
D = depth of diaphragm between top and

bottom supported edges

E = modulus of elasticity of steel

K = buckling coefficient,
- = 2,2D g
K (o.4 + 2BB) (3.4 + 2 ) (1_ m)
B
where
j = contact width of a single bearing, or

distance between outer edges of bear-
ings in case where diaphragm is
supported on two bearings

B = width of box girder bottom flange,
measured between webs

© = inclination of box girder web to
vertical in degrees

Alternatively, the buckling capacity of the unstiff-
ened diaphragm may be calculated by any rational method.
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(2) The maximum bearing stress in the diaphragm .
calculated in accordance with Art. 1.7.215(C) (2) (b) and
(e) shall not exceed the yield stress of the material of
the diaphragm or of the bottom flange of the box girder.
Stub stiffeners may be used to reduce bearing stresses,
but such stiffeners shall not be considered effective in
resisting out-of-plane bending moments.

Stub stiffeners shall be proportioned in accordance
with Art. 1.7.215(E) (3) (b).

(3) The effective equivalent stress, fe , shall not
exceed the yield stress at any point of the diaphragm,

. - 2 2 2
e = £, + £, - £ £, + 3,

where

the horizontal and the vertical

rh
V)
3
o}
Fh
i

2 . .
1 axial stresses, respectively.
Tension is taken as positive,
’ compression as negative value
fv = shear stress

Stresses shall be calculated with factored loading
in accordance with the assumption of Art. 1.7.215(C) (2),
(3) and (4). Local stress concentrations shall be dis-
regarded. '

(4) The maximum shear in any vertical section
through the diaphragm between the bearing and the box
girder web shall not exceed the value of VB given in
Art. 1.7.210(B) (1), with the stresses £  an 2 o

designating the top and the bottom flexural stresses in
the diaphragm at the cross section considered.

(E) Stiffened Support Diaphragms

(1) General

(a) The strength and stability of a stiffened
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support diaphragm shall be determined by rational analy-
sis, in accordance with the general provisions of this
article. '

(b) The diaphragm carrying capacity in shear shall
be taken as the buckling strength, VB . Tension field
strength shall be disregarded.

{2) Strength and stability

(a) The stability of the diaphragm subpanels between
the edge supports and the stiffeners, or between the
stiffeners, shall be checked with consideration of the
governing compression and shear stresses, in accordance
with the applicable provisions of Art. 1.7.211 and 1.7.212,
with the values of stresses taken in accordance with
Art. 1.7.215(C) (2), (3) and (4).

Outer panels in trapezoidal diaphragms having side
slope of less than 30° to the vertical may be treated as
equivalent rectangular panels of width equal to the mean
panel width. ;

(b) Diaphragm shall satisfy the strength require-
ments of Art. 1.7.215(D)(2), (3) and (4).

(3) Stiffeners

(a) Bearing stiffeners shall be designad as com-
pression members to resist the bearing reactions and out-
of-plane bending moments. In determining the section
properties of the compression member, an effective strip
of the diaphragm plate of 18tD may be included with each
line of bearing stiffeners; however, the total effective
width shall not exceed the distance between two outer
lines of stiffeners plus 18t_ . Bearing reactions may

be assumed to diminish linearly from the maximum value
at the base to zero at the top of the diaphragm.

Bearing stiffeners shall be placed symmetrically on

both sides of the diaphragm, shall extend the full depth
of the diaphragm, and shall be connected to the top and
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bottom flanges of the box girder. Connections shall be
designed to resist transverse shears equal to 2% of bear-
ing reaction, plus shears due to any out-of-plane bending
moments. Diaphragms supported on a single bearing shall
preferably have two pairs of bearing stiffeners symmetri-
cally placed within the bearing width.

Bearing stiffeners shall also satisfy the applicable
rigidity and torsional stability requirements of Art.
1.7.213(C), except that the multiplier MT may be- taken
as unity.

(b) Stub stiffeners may be used in conjunction with
bearing stiffeners to resist the bearing reactions. Length
of stub stiffeners shall be determined on the basis of
vertical compression stresses in the diaphragm, and pref-
erably shall be not less than 3 times the stiffener width.

The slenderness ratio of a flat stub stiffener shall
meet the requirement

d . _0.48
to FY/E
where 4 = stiffener width,
to = stiffener thickness

(c) Additional vertical and horizontal intermediate
stiffeners may be used to subdivide the diaphragm into
subpanels. These stiffeners may be placed on both sides,
or on one side, of the diaphragm.

Vertical intermediate stiffeners shall meet the
applicable provisions of Art. 1.7.213(C), except that the
multiplier M_ shall be taken as unity, and the strength
requirements of Art. 1.7.213(C) (1) (b) need not be con-
sidered.

Horizontal intermediate stiffeners shall meet the

applicable provisions of Art. 1.7.213(D), except that the
multiplier ML shall be taken as unity.
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(d) Stiffeners shall be provided on all sides of
the access openings in the support diaphragm, with either
the vertical or the horizontal pair of stiffeners contin-
uous between the flanges or the webs of the box girder
and connected to these members.

The distance between such stiffeners and the edge of
the opening shall not exceed BtD .

(F) Intermediate Diaphragms

Intermediate diaphragms between the supports of box
girders shall be designed to resist distortional loads
and the applicable local loads in accordance with Art.
1.7.216(B).

(G) Details of Diaphragms

(1) In composite box girders having a separate steel
flange for each web, the diaphragms shall extend the full
depth of the box girder and shall be provided with a steel
top flange plate adequately anchored to the concrete deck.

(2) The distance between the web and the edge of
bearing at support diaphragms shall preferably be not
smaller than 0.2 times the depth of the diaphragm, in or-
der to avoid excessive shear stress concentration at the
web-diaphragm boundary, see Art. 1.7.215(C) (4) (a).

(3) The slenderness ratio, b/t_ , of the subpanels
of stiffened support diaphragms in tHe lower corners and
the bottom portion of the diaphragm shall preferably not
exceed 40, with b designating the smaller dimension .of
the subpanel.

(4) Access openings through support diaphragms
shall be located in low stress areas, preferably above
the neutral axis of the diaphragm, and shall be framed
by stiffeners, see Art. 1.7.215(E) (3)(c).

(5) The total effective thickness of the web-dia-

phragm welds of stiffened diaphragms shall be not less
than 2 times the web thickness at intermediate supports,
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and one web thickness at end supports; but in any event
not more than the diaphragm plate thickness.

(6) Vertical and horizontal stiffeners shall be

connected at their intersections if they are placed on
the same side of the diaphragm.

97



1.7.216

Transverse Structural Members of Flanges

(A) Scop

e

This article applies to transverse structural mem-
bers of the top and the bottom flanges acting as deck
floorbeams, members of the crossframes or bracing systems,
and transverse stiffeners subdividing the flanges into

panels.

(B) Loading on Transverse Members

The loading to be used for transverse members depends
on their structural function, and shall include the follow-
ing sources of stress: ‘

(1)
(2)

(3)

(4)

(5)

(6)

(7)

Direct dead and live loads on deck.

Axial and flexural distortional loads in trans-
verse member acting as a part of crossframe
or bracing.

Curvature or change of slope in longitudinal
elevation of box girder flange.

Stresses in the bottom crossframe members at
supports due to the vertical and horizontal
components of the support reactions.

In the case of sloping webs, horizontal compo-
nent of inclined web forces in bottom cross-
frame members at supports, and at top crossframe
members where loads are introduced.

Transverse distribution of live load between
box girders.

Creep and shrinkage of concrete deck and tem-
perature effects.

Transverse members in flange compression zones shall
also satisfy the strength and rigidity requirements of
Art. 1.7.216(C) and (D).
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(C) Strength

The effect of destabilizing forces in the compression
flange with consideration of geometric imperfections in
longitudinal and transverse stiffeners shall be taken into
account by assuming the transverse stiffeners or cross-
frame members to be loaded either upward or downward by
a uniformly distributed load equal to one percent of the
average compressive force in the flange calculated under

factored loading.

Alternatively, the force on the trans-

verse member may be determined by a rational analysis
with consideration of second-order effects introduced by
transverse and the longitudinal geometric imperfections.

The forces so determined shall not be added to the
forces of Art. 1.7.216(B) but shall be used to check
independently the adequacy of transverse members.

(D) Rigidity

The minimum moment of inertia I, of a transverse
member in the flange compression zone shall be

Te

where

3
0.04b Aff/Ea

moment of inertia of transverse member
about an axis through centroid of its
section and parallel to its bottom
edge. If member is connected to flange
plate, an effective width of plate at
midspan of transverse stiffener deter-
mined in accordance with Art. 1.7.204(B)
shall be included.

spacing between webs, or between verti-
cal supports of transverse member in
the case of a trussed crossframe

cross—-sectional area of compression
flange between webs, or between verti-
cal supports of transverse members,
including longitudinal stiffeners
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f = average axial stress in compression flange
at transverse member, computed under fac-
tored loading

a = spacing of transverse members

E

modulus of elasticity of steel

(E) Location of Transverse Members

The location and spacing of transverse members shall
be governed by the following criteria:

(1)

(2)

(3)

(4)

(5)

as required by direct loading on deck

as required by spacing of crossframes needed
to control distortion of box girder cross
section, to be determined by design analysis

at changes of slope in longitudinal elevation
of flange -

as required by strength considerations of
flange panels in compression

transverse stiffeners and crossframes may be
omitted in multi-box composite girders designed
in accordance with Art. 1.7.203; however, the
need for appropriate bracing during construction
shall be considered, see Art. 2.10.55A

(F) Details of Transverse Members

(1)

(2)

Transverse members shall be connected to longi-
tudinal flange stiffeners at their intersec-
tions. In compression zones of flanges, the
connections shall be designed to transmit the
forces determined in accordance with Art. 1.7.216

(c).
Transverse member cutouts shall be considered

in the calculation of the rigidity and the
stresses in the transverse member.
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Art. 1.7.217 Miscellaneous Details of Box Girders

(A) Web to Flange Welds

The total effective thickness of the web-flange welds
shall not be less than the web thickness. If fillets are
used, they shall be on both sides of the connecting flange
or web plate.

(B) Lateral Bracing and Crossframes between Box Girders

Generally no bracing system is required between com-
posite box girders of multi-box bridges of moderate
length:; however, horizontal or vertical bracing may be
needed for the stability of box girders during erection.

In multi-box bridges of longer spans, bracing or cross
frames between box girders shall be provided as may be re-
quired by design analysis for transfer of vertical load-
ing between the box girders or transfer of lateral load-
ing to the supports.

(C) Tongitudinal Stiffeners at Transverse Splices

Longitudinal stiffeners at transverse splices of
compression flanges shall be continuous.

Longitudinal stiffeners at transverse splices of
webs shall preferably be continuous, but may be discon-
tinuous if stability of the web panel containing the
splice is proven by special investigation.

Longitudinal stiffener splices in compression zones
shall satisfy the following requirements:

(1) Stiffener splices shall preferably be symmet-
rical.

(2) Maximum length of cutouts in longitudinal stiff-

eners at welded transverse flange or web splices shall be
6 times the thickness of the thinner plate spliced.
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(3) Where continuous transverse splice plates are used
inside the box girder, the longitudinal stiffeners shall be
connected to the splice plates.

102



PROPOSED MODIFICATIONS AND ADDITIONS
TO

DIVISION II ~ CONSTRUCTION

SECTION 10 - STEEL STRUCTURES

AASHTO Std. Specifications for Highway Bridges, 12th Ed.1977

After Article 2.10.46 - Painting, and before heading
"ERECTION", insert Art. 2.10.46A, as follows:

2.10.46A - Dimensional Tolerance Limits

(A) General

Dimensional tolerance limits for all bridge members
shall be applied to each completed but unloaded member
and shall be as specified in the AWS Specification re-
ferred to in Article 2.10.23, except as modified herein-
after. The deviation from detailed flatness, straight-
ness, or curvature at any point shall be the perpendicu-
lar distance from that point to a templet edge having the
detailed straightness or curvature and which is in con-
tact with the element at two other points.

~

(B) Tolerance Limits of Plate Panels

(1) Web Panels

Flatness tolerances of web panels or subpanels
shall be in accordance with the AWS Specification,
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(2) Bottom flanges of box girders

(a) The term panel as used in this section is de-
fined as follows:

Unstiffened flanges: clear area of steel piate
bounded by webs

Longitudinally stiffened flanges: clear area of
steel plate bounded by longitudinal stiffeners.

(b) The templet edge length shall be the spacing
of webs for unstiffened flanges, or the spacing c¢f longi-
tudinal stiffeners for stiffened flanges.

The deviation shall be measured on the concave face
of the panel between adjacent points of contact cf the
templet edge with the panel; the templet shall be placed
in the direction of the shorter edge of the panel.

(c) The maximum deviation from detailed flatness of
the panel shall not exceed D/200, where D is the shorter
dimension of the panel.

(d) In portions of bottom flange never subjected
to compression (including stresses during erecticn), the
permissible deviation from flatness specified in section
(c), above, may be doubled, subject to approval by the
Engineer.

(3) Orthotropic Decks

(a) The term panel as used in this section means a
clear area of steel plate bounded by stiffeners, webs,
or plate edges and not further subdivided by suclk elements.
This includes the total clear width on the side without
stiffeners as well as the panels between stiffeners on
the side with stiffeners.

(b) The templet edge may have any length not ex-

ceeding the longer dimension of the panel, nor 1.5 times
the shorter dimension of the panel; it may be placed
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anywhere within the boundaries of the panel, in any direc-
tion. The deviation shall be measured between adjacent
points of contact of the templet edge with the panel:

the distance, D', between these adjacent points of con-
tact shall be used in the formula in Art. 2.10.46A(B) (1)
(c) whenever this distance is less than the shorter
dimension of the panel.

(c¢) The maximum deviation from detailed flatness or
curvature of the panel shall not exceed the greater of:

3/16 inch (4.8 mm)

or

D'/144 [ T (inch) (D'/gosﬁ (m))
where D' is the smaller of:

the least dimension in inches (m) along the
boundary of the panel

or
distance between adjacent points of contact
of templet edge with panel, as defined in

Art. 2.10.46A(B) (1) (b).

T = the minimum thickness in inches (m) of
the plate comprising the panel

(C) Tolerance Limits of Stiffeners

(1) Maximum deviation

The maximum deviation from detailed straightness,
A_ , or deviation from detailed curvature, Ac , shall be
as follows:

(a) Longitudinal stiffeners of box girder bottom
compression flanges, designed as nominally straight
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members:

A = L/500

s
where

I = the smaller of:
spacing of transverse flange stiffeners

or
the value of L_ , the actual buckling length,

o)
as defined in Art. 1.7.206(B) (3), to be
determined by the Engineer

Measurement of out-of-straightness, Ag , shall
include the effect of vertical curvature of the flange,
if any.

(b) Longitudinal stiffeners in portions of box
girder bottom flanges never subjected to compression
(including stresses during erection):; longitudinal stiff-
eners of orthotropic decks in tension or compression;
longitudinal stiffeners in vertically curved box girder
bottom flange haunches designed with consideration of
curvature:

Z&C = L/250
where L = sgpacing of transverse flange
stiffeners

(c) Longitudinal web stiffeners in compression zone;
- transverse web stiffeners in webs designed with utiliza-
tion of tension field strength, or subjected to calculated
axial forces:

A = L/500

S

where L = spacing of transverse web stiffeners,
or distance between flanges measured
along web, respectively.
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(d) Transverse web stiffeners not subjected to
calculated axial forces:

A = L/250
s

(e) Transverse stiffeners of box gifaer bottom
flanges in flange compression zones:

A

s L/500

where L distance between webs
(f£) Transverse stiffeners of box girder bottom
flanges in flange tension zones:

A = L/250

s
2 Deviation measurement

The templet edge length shall be L , as defined in
Art. 2.10.46A(C) (1) (a) through (f). Deviation shall be
measured on the concave side of stiffener or stiffened
panel. In measurements of deviation from straightness,

ZSS , other methods of measurement are permissible.

2.10.47 - Orthotropic Deck Superstructures

Retain Section (A) Protection of Deck Plate after
Sand Blasting.

Delete Section (B) Dimensional Tolerance Limits.
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After Art. 2.10.55 - Bearing and Anchorages insert the
" following new Article 2.10.55A:

2.10.55A - Erection of Box Girders

(1) Box girders during the various erection phases
will be subjected to loadings entirely different from
those for which the structure has been designed. Further,
the box girder under erection will probably be in a state
of partial assembly (flange plates or deck slab not yet
in place, continuity not yet established, etc.), such that
its structural behavior is markedly different from that in
the service condition. Thus, both its loading and its
structural behavior will be different from those condi-~
tions for which the structure was designed.

Since it is usually not possible for the designer to
anticipate erection methods, box girder structures will
normally be designed for service condition only, with no
provision for strength and stability requirements during
erection. The structural adequacy and safety of the box
girders during erection shall be the sole responsibility
of the Contractor. The Contractor's attention is directed
to the provisions of Section 2.10.54, Methods and Equip-
ment, of these Specifications.

The Contractor shall prepare and submit tc the Engin-
eer for approval complete erection plans, calculations,
and procedure implementing his proposed erection method,
giving detailed consideration to the loading, geometric
conditions, the strength and stability of the structure
and each of its component parts, at each successive phase
of erection. Where necessary, the Contractor shall
strengthen and stabilize the structure or its component
parts in order to provide an adequate degree of safety at
each phase of erection. Complete details with respect to
such strengthening and stabilizing shall be submitted to
the Engineer for approval. Approval of the Contractor's
plans, calculations, erection procedure and strengthening
and stabilizing measures shall not be considered as re-
lieving the Contractor of any responsibility.
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(2)

Loading and geometric conditions to be consid-

ered during erection shall include the following:

(a)

(b)

(c)

(a)

(e)

(3)

Dead load, including weight of erection
strengthening material not provided for
during design;

Loads of erection equipment and devices;:

Wind loads on partially completed structure;
Effects of temperature,field misalignment,
field welding and torsional and distortional
deformation of partially completed structure;
Loads associated with temporary positioning,
temporary eccentricities, jacking and erection

manipulations, and closing of the structure,

Structural components to be reviewed for

strength and stability during erection shall include the

following:

(a)

(b)

(c)

(d)

(e)

Tension flanges stressed temporarily in
compression:

Top flanges prior to placement of concrete
deck slabs; temporary bracing:

Web panels subjected to biaxial stress
and shear, as during rolling-in or launching;

Support diaphragms under temporary eccentric

loading;

Web and flanges wherein stiffeners are not
yet attached or spliced.
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2.10.63 - Basis of Payment

Add the following statement to the first paragraph:

Where erection strengthening or stabilizing of
the structure is required, the cost thereof shall be

included by the Contractor in his contract price for the
work.

110



Commentary on Modifications of General Design Provisions

Art. 1.7.52 This restriction is unnecessary, since
load factor design principles are also applicable to box
girder and plate girder bridges of longer spans.

Art. 1.7.55 The 10% reduction of negative moments
over supports stipulated in Art. 1.7.59(A)(3) is based on
an assumption of plastic hinges over supports, and is
applicable to compact beam and girder sections only. No
such hinges are permissible in box girders.

The design criteria for webs given in existing
AASHTO provisions 1.7.59 through 1.7.63 are based on con-
siderations of rolled beams and plate girders, treating
the webs in conjunction with the beam flanges. Strength
of web is given in terms of shear stress only; the effect
of coincident axial stresses is accounted for indirectly
by a semi-empirical relationship for the moment-shear
interaction in the beam.

The use of these web provisions has been extended
to moderate length multi-box composite bridges, see Art.
1.7.64. Since these provisions are regarded to be ex-
pedient and satisfactory for the design of such bridges,
the ASCE-TCCS Committee on Steel Box Girder Bridges
recommends that the existing provisions shall remain valid
for structures of this type, and the new proposed rules
may be used on optional basis.

However the existing provisions are not suitable
for adaptation to deep webs of larger box girders. There-
fore, the web design rules proposed in Articles 1.7.210-
212 and 214 are based on a different approach, in which
the strength of web is determined independently from the
bending strength of the entire girder cross section, and
is based on direct evaluation of the effects of shear and
axial stresses acting simultaneously. Web stiffener
criteria proposed in Art. 1.7.213 also differ from those
of the existing AASHTO provisions,

It is suggested that the web design provisions for
beams and plate girders be reviewed and adjusted in the
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course of future revisions of the AASHTO specifications
with the purpose of achieving a uniform approach to web
design.

Art. 1.7.56 Assumption (1) may not be valid in the
case of box girders with wide flanges, see proposed Art.
107.204.

Art, 1.7,64 Alternative use of the existing and
the new provisions for the design of moderate span multi-~
box bridges has been recommended by the ASCE~TCCS Commit-
tee on Steel Box Girder Bridges for reasons stated in
commentary on Art. 1.7.55.

Art. 1.7.74 The added provision, based on Art.
1.7.51(H) (1), should generally apply to all plate girder
or box girder structures designed in accordance with the
load factor design method.
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Commentary on Articles 1.7.200, 201, 202

1.7.200 This corresponds to the scope outlined
in the FHWA "Statement of Work" for this project, except
that multi-box composite bridges have been also included
by the writers for the reasons of consistency in the
design of steel box girders.

1.7.201 Certain adjustments are proposed in the
general provisions of the load factor design in order to
make them applicable to the proposed design rules for
box girders, see commentaries on modifications of
Articles 1.7.52, 55, 56, 64 and 74.

All Article numbers are subject to revision at the
time of final editing of the AASHTO specification.

1.7.202 The first paragraph is adapted from the
provisions for "Allowable Stress Design”, Art. 1.7.51(a).
This is equally applicable to box girders designed in
accordance with "Load Factor Design”.

For commentary on erection stress analysis see
commentary on Article 2.10.55 A ,

The last paragraph refers to simplified method of

analysis of multi-box composite girders used in the
AASHTO specifications.

113



Commentary on Article 1.7.203

This article may be used as an alternative to
Art. 1.7.64 for the design of moderate span multi-box
composite bridges, see commentary on Art. 1.7.64 and
1.7.55.

. The definition of scope and the simplified method
for live load analysis, as given in Art. 1.7.64 are
retained, however, strength has to be computed in accord-
ance with the new provisions, Articles 1.7.200-217.
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Commentary on Art. 1,7.204

. (A) These provisions are based on a paper by
Moffatt and Dowling and its discussion by Wolchuk (F1l6).
This paper also provides the basis for the effective
width provisions of the proposed British specification
for Steel, Concrete and Composite Bridges, BS 5400(G151).
More extensive comments are given in a report by Wolchuk
and Mayrbaurl (F13). :

Paper (F16) proposes to use different effective
widths for stresses and for deflections: however, Moffatt
subsequently agreed that the "stress effective width"
may be used for both purposes (private communication).

(B) The limitations of effective width for trans-

verse members are based on stipulations of the proposed
British specification BS 5400.
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Commentary on Article 1.7.205

(B) (1) ~ (5) The strength curve given in Fig.
1.7.205(A) lies between Dwight's curves "O" (low residual
stress, Gﬁ = 0.7 ksi) and "P" (for "lightly welded"
plate, G_ = 3.6 ksi) (Fll). Dwight's curves are support~
ed by ear&ier theoretical work by Moxham (F5, Fé, F66)
and by box column tests by Little and Dwight (F61). This
strength curve is considered appropriate for "unstiffened
flanges" having no longitudinal stiffeners, which are the
main source of residual stresses. Note that for stiffened
flanges a more conservative curve "Q" was used (Fll), see
commentary on Art. 1.7.206.

The writers gratefully acknowledge the mathematical
formulation of the proposed curve by Mr. Weli Hsiong of
Illinois Department of Transportation. A second equation
for N> 1.5 was added to give plate strength values in the
postbuckling range. The straight line gives a value of
Fu/F = 0,22 for A = 3.0, which agrees reasonably well
with™ the AISI formula for the effective width of “stiff-
ened" plate components (G155, G156), modified for the
presence of welding residual stresses according to (F75,
G154).

Slenderness of a plate panel is given in the proposed
specification by the nondimensional parameter J) , which is
a function of b/t times the square root of yield strain.
Nondimensional slenderness parameters are also used in
the new British, German and ECCS specifications (G1l5, G98,
G99, G140, G1l51). Expressing slenderness as a function
of b/t and ff_ , in accordance with the current AASHTO
practice, has the disadvantage of necessitating dual ex-
pressions (in English and in SI units), which are avoided
in a nondimensional formula. It is recognized that
engineers think in terms of b/t, but this value can easily
be computed from the simple formula for )\ . For conveni-
ence, a graphic b/t scale is included in Fig. 1.7.205(a).

(B) (6) This provision gives yield squashing as the
upper limit of strength at the plate cross section at the
support. Only an axial stress limitation is used, see
comments about effect of shear under (C) (1) below.

1lle



(c) (1) Generally, the "maximum stress-at-~a-point"
criterion expressed by the von Mises equivalent-stress
formula is being replaced by the concept of "strength-in-
a-region" (see(F74), discussion by Faulkner). It has been
recognized that simultaneous shear has some effect on
strength of axially compressed panels; however, the values
obtained by the von Mises formula, with the maximum values
of the stresses used, are too conservative. Dwight (F18)
has suggested a modified expression, disregarding shear
up to the value of 0.175 Fy; this is used here.

_The use of the "governing shear" (not its maximum
value) computed at approximately mid-~panel location is in
line with the "strength-in-a-region" approach. For this
reason the writers felt that inclusion of shear consider-
ations in (B) (6) above (maximum-stress section) would be
unwarranted and unduly restrictive.

(D) (1) The location of the governing stress at a
distance of 0.4b from the end of a panel corresponds to a
similar distance used in Art. 1.7.206(C) (3) for stiffened
flanges. Plate thickness may be reduced at a certain
distance from the support, in which case adequacy of the
thinner panel is checked again at the distance of 0.4b
from the splice.

The value of 1/3 f has been suggested to the
v max

writers by Prof. Ostapenko.
(D) (2) See commentary on Art. 1.7.211(E).

(E) These slenderness limitations are in line with
the current AASHTO specifications, and should discourage
the designer from using too uneconomical (low strength)
flanges, except where strength may not be required (i.e.
at points of inflection).

(F) The overhang provision corresponds to the pres-
ent AASHTO limitation for "compact sections" (Art. 1.7.59
(a) (a)), and is conservative.
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Commentary on Article 1.7.206

Background of the Interaction Diagram Method for Design
of Stiffened Flanges

The proposed interaction diagram method of determin-
ation of the ultimate capacity of stiffened flanges in
compression is based on theoretical work by Little (Fl7).
Little analyzed the interaction between the local buckling
of the plate between the stiffeners and the overall buck-
ling of the complete plate-stiffener combination by means
of an improved iterative numerical method for inelastic
column analysis, using the moment-curvature-thrust rela-
tionships for one buckle length of stiffened plating be-
tween transverse stiffeners.

The original investigation described in (F17) assumed
positive (plate concave) initial strut out-of-straightness
of L/800 and two levels of plate residual stresses 3.6
ksi (25 MPa) and 10.6 ksi (73 MPa). Based on these
assumptions, strengths of flange panels stiffened with
bulb-flat stiffeners were calculated for the plate slen-
derness ratios, b/t , of 25, 41.7 and 62.5, and for strut
slenderness of the plate-stiffener combination, L/r ,
ranging from 20 to 120,

Subsequently, Little (at the University of Birming-
ham, U.K.) has investigated, for the purposes of this
project, the strength of stiffened panels with various
parameters, as needed for design. Investigations includ-
ed panels with positive out-of-straightness. (F46, F65)
and with negative out-of-straightness (F70). In the
former case plate compression strength governs, while the
latter case is controlled by stiffener buckling. Four
representative shapes and sizes of the stiffeners were
used (two flat bar stiffeners and two T-stiffeners) with
initial out-of-straightness of L/500, corresponding to
the fabrication tolerance that will be used for this
specification.

The effects of initial out-of-flatness of flange

plate panels between stiffeners and of plate residual
stress are accounted for by using plate strength curve
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Q (F1l), which is somewhat more conservative than the
"unstiffened plate" strength curve in Art. 1.7.205. The
assumptions used in the derivation of curve Q are as
follows: the governing out-of-flatness ("ripple compo-
nent") of the plate, So' = 0,001 times the stiffener
spacing; the residual stress in the plate, Gﬁ = 10.6 ksi

(73MPa) .

In addition, in calculations for strength of struts
with a negative out-of-straightness, the inherent self-
equilibrating residual stresses in the stiffeners prior
to welding were superimposed on the welding residual
stresses. The values of the inherent residual stresses
were established by the writers, in consultation with the
members of the ASCE-TCCS Review Committee representing the
steel industry, as follows,

T-stiffeners: 10.1 ksi (70 MPa) compression at the
flange tips and tension of the same magnitude in
the flange at the web, with appropriate correspond-
ing self-~equilibrating stresses in the T-stems:

Flat bar stiffeners: 8.7 ksi (60 MPa) compression
at the tips and 4.35 ksi (30 MPa) tension in the
middle portion.

All calculations were made for two grades of steel,
with the yield strength of 36 ksi (250 MPa) and 50 ksi
(350 MPa). Additional sample calculations were made with
a residual plate stress of 3.6 ksi (25 MPa) and stiffener
out~-of-straightness of L/1000, in order to assess the
sensitivity of the results to the variation of these
parameters.

All results were evaluated by the writers and
strength curves for the various types of stiffeners and
the two strengths of steel used were drawn. The simpli-
fied strength curves were then constructed, averaging
these values (Gl153). The effects of the positive and the
negative stiffener out-of-straightness and the effects of
stiffener continuity were considered following recommend-
ations made by Prof. A. Ostapenko (Gl54). The results
are presented in a form of an "interaction diagram",
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Fig. 1.7.206(a), first used for a similar application in
the proposed new German specification (Glll).

For low w/t ratios the lower limit of strength was
assumed to be given by Lehigh column curve 2 (G30) appli-
cable to light welded columns.

The results obtained from the proposed interaction
diagram have been found to be in line with strength pre-
dictions by other methods (F18, F19, Glll). Comparisons
with the available applicable test results (F9, F50, F54,
F55, F57, G50, G53, F74) indicate that the strengths ob~-
tained from the interaction diagram are appropriate and
conservative.

A more detailed discussion and further background
material on the proposed design method and the reasons for
its selection may be found in the Final Report to the
FHWA (Report No. DOT-FH-11-9259) by Wolchuk and Mayrbaurl,
and in the following interim reports by the writers to
the ASCE-TCCS Review Committee:

"Commentary on Proposed Interaction Diagram for
the Design of Stiffened Compression Flanges"”,
Part I, November 15, 1977 (G152)

"Commentary on Proposed Interaction Diagram for
the Design of Stiffened Compression Flanges",
Part II, March 30, 1978 (G153)

"Addendum 1 to Commentary on Proposed Interaction
Diagram, Part II", April 20, 1978 (G154)

Specific Provisions

(B)(1) It is necessary to introduce the strength,
Fy » in terms of individual struts because of the sub-
articles (B) (5) and (B) (6) below.

It should be noted that the method for the design
of compression flanges given in this article is valid only
for nominally straight flange panels, including those hav-
ing vertical curve camber not exceeding normal stiffener

120



straightness tolerances; however this method is not appli-~-
cable to vertically curved flange panels at haunches, see
Art. 1.7.200, 1In such cases the curved panels shall be
treated as beam columns subjected to axial compression and
bending, with radial forces resisted by transverse stiff-
eners.

(B) (2) There is some evidence of deleterious effect
of simultaneous shear; however, the effect on ultimate
compression strength does not seem to be proven. Thus,
these provisions are conservative.

(B) (3) The formula for effective length, L' , is
by Rogers (F 63), (F 18). It has been derived for the
elastic range without consideration of second order effects,
however, in the opinion of the writers, the results give
a sufficiently good approximation for design purposes.

The designer may also use the formulas for L or L'

to determine the design length of the stiffener strut in
the absence of transverse flange stiffeners.

(B) (4) This is similar to the provision of B/116/3,
1975 draft (G 15). The general idea is to set some reason-
able limit on stress variation across the flange due to
shear lag, as a safety precaution, although, according to
some authors, shear lag does not affect ultimate strength.
The problem is somewhat academic, since very short spans
with disproportionately wide flanges (causing large shear
lag effects) ought to be avoided in design.

(B) (5) This condition may occur in the case of
strongly unsymmetrical loading, or lateral bending, of the
box girder. y

(B) (6) Reasoning similar to (B) (4) above.

(B) (7) The maximum stress at the end of any panel
(at the cross frame or diaphragm) must be limited by the
local strength, independent of overall strut buckling,
defined as "stub strength" by Dwight (F 18).

(B) (8) This provision will preclude unnecessary
analysis of the plate strength between the stiffeners.
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The effect of plate strength on the strength of the stiff-
ener strut is already accounted for (Little's method,
(F 17)) in the derivation of the interaction diagram.

(C) (1) The stipulation that the design stresses in
the flange shall be calculated at mid-plane of the plate
is conservative, and is based on recommendation by Dwight
(F 18) and other researchers.

(C) (2) Regarding "load shedding" from web to flanges
and additional forces in flanges due to tension field
action of webs, see commentary on Art. 1.7.211(E).

The design procedure used is consistent with the
requirement of compatibility of strains at the flange-web
intersection. The writers have confirmed this conclusion
by discussions with Prof. A, Ostapenko. In practical
cases of box girders the theoretical compressive flange
capacity, and the web combined shear and flexure capacity
(including the tension field action), can be developed
virtually independently from each other, since the pre-
dominantly shear-type deformation of the web needed to
develop its capacity does not depend on the amount of
axial deformation (shortening) of the flange.

(c) (3) Using the governing axial stress at the dis-
tance of 0.4L has been suggested by Dwight (F 18).

The governing shear stress of 1/3 f n is consis-

tent with Art. 1.7.205(D), unstiffened flgnggg, and governs
in the case of a flange with a small number of stiffeners.
The expression involving the number of flange panels fol~
lows a recommendation by Dwight (F 18).

For general comment regarding relative importance of
shear see (B) (2) above.
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Commentary on Article 1.7.207

(A) The basic assumption made in the design of stiff-
ened compression flanges (Article 1.7.206) is that the
local torsional buckling of the stiffeners does not gov-
ern. Thus the critical stress for local torsional buck-
ling of the stiffener must always be greater than the
critical stress of the stiffener strut acting as a col-
umn for the stiffener failure mode (negative out-of-
straightness, see (G 153)).

The proposed British Code B/116/3 (G 15) requires open
stiffener sections to be capable of reaching the yield
stress, and sustaining this stress over a strain of one
yield strain, without failure by torsional buckling.

The critical local torsional buckling stress of the
stiffener is a function of the "effective outstand slen-
derness", which depends on geometric properties of the
stiffener cross section and on the degreee of torsional
restraint offered by the flange plate between stiffeners.
Formulas for effective outstand slenderness have been
proposed by Rogers and Dwight (F28) based on research at
Cambridge University. The somewhat simpler formulas used
in this Article are given in (G 15) and yield similar re-
sults.

The first formula corresponds to the requirement that
the torsional buckling stress shall be greater than the
yield stress. This is a reasonable requirement for stiff-
eners in flange zones, where the overall ultimate com-
pressive strength is high. However, in flange zones sub-
ject to lower compressive stresses (near the inflection
points) the high torsional buckling stress requirement
would be too conservative and uneconomical, since it
would make it impossible to "thin out" the stiffeners in
low stress zones by omitting every other stiffener. This
can be seen by inspection of the formula for C , where

the second term will drastically increase the value of
Cy as the stiffener spacing, w , is doubled and the

flange thickness, t , decreased. Therefore, a second
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formula for the maximum value of C_ is proposed for the
low compression stress zones of flanges. The correspond-
ing critical torsional stress values are lower than the
yield stress, but still higher than one-half of the yield
stress, and thus sufficient to ensure that local torsion-
al buckling of the stiffener does not occur prior to
overall stiffener failure.

(B) This provision ensures that failure due to
buckling of the individual plate elements of the stiffen-
er does not occur prior to overall failure.

Closed stiffeners are not endangered by local tor-
sional buckling.
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Commentary on Article 1.7.208

(A) While tension is the predominant stress in
bottom tension flanges, compression may also occur near
inflection points or during construction, see provision

(B) (3).

(B) (1) (b) Nonuniform stress distribution due to
shear lag is much less pronounced in bottom flanges near
midspan than in compression flanges near supports, see
Fig. 1.7.204(A). Provision for excessive non-uniformity
of stress, Art. 1.7.206(B) (4) applies to tension flanges
as well, but will be needed only in rare cases.

(B) (2) Fatigue provisions are based on stress range
under working loads, therefore actual stress distribution
with consideration of shear lag effects shall be used.

(C) In calculating the effect of combined shear and
tension the equivalent stress is obtained by the von Mises
formula, because the effect of shear on tension yielding
seems to be definitely established. Note that in Articles
1.7.205(C) (1) and 1.7.206(B) (6) a modification of the von
Mises formula proposed by’ Dwight was used, since the effect
of shear on compression strength appears to be less cer-
tain, see commentary on Art. 1.7.205(C)(1l).

Flange axial stresses in the transverse direction
appear to be insignificant in the design of tension
flanges. Such stresses can only be derived from resis-
tance of the box girder cross section to distortion,
either by frame action (in the case of transverse stiffen-
ing members around the periphery of a box section), or
by truss action (in the case of diagonal bracing). The
flange axial stresses in the first case are due to flexure
of the cross frame, with the effective width of flange
plate acting with the transverse stiffeners. These
stresses are generally low because of the unsymmetrical
cross section, and generally change sign across the flange:;
thus their effect, combined with the governing axial ten-
sion, tends to cancel out across the flange. 1In the

second case (diagonal bracing) the distortional stresses
in the flange are even smaller than in the first case.
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It should also be noted that the maximum governing flange
tension is usually associated with symmetrical Loading of
the box girder, and not with the unsymmetrical loading
that causes distortional stresses; and further, that the
design of the tension flange is likely to be governed by
fatigue considerations, rather than by ultimate strength.

For these reasons the writers feel that flange trans-
verse axial stresses can be disregarded.

(D) (2) It should be noted that the additional force,
AF, , is generally compressive, and thus reduces the design
force in the tension flange, see commentary on Art., 1.7.211
(E). .

(E) Provision for dynamic stability has been includ-
ed because it may be a problem in very wide and flexible
flanges. However, according to a study by Mattock et al.
(G 37) the stresses obtained in dynamic analysis are mod-
erate, and would generally be lower for spans greater than
50 ft since fundamental bridge frequency and consequently
the acceleration decrease with increasing span.

The conclusion that in bridges conforming to the
criteria of Art. 1.7.203, secondary stresses due to plate
vibrations need not be considered, is based on the find-
ings by Mattock (G 38).

Should this provision on dynamic stability be found
unnecessary and baffling to the designer, it may be re-
moved from the final specification.

(G) The slenderness limitations for the plate
panels and the stiffeners are arbitrary. The value of
120 has been proposed in the British specification draft
(G 15). The purpose of these limitations is to provide
the minimum rigidity necessary to overcome the "bending
reluctance" of a wide flange, that is the tendency of the
flange to avoid the overall curvature of the box girder,
adopting instead a greater radius away from the web. The
minimum rigidity is also necessary to check the dynamic
excitability of the flange, see (E) above.
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Commentary on Article 1.7.209

(B) The general outline provision pertaining to the
design of orthotropic steel plate decks for both plate
girder and box girder bridges has been retained, with only
a brief amplifying statement added. It should be noted
that no comprehensive method for the design of orthotropic
decks based on the Strength Design Method has yet been
formulated. It is not clear whether a practical method
based on this approach is feasible, because of a great
disparity between the characteristic strength reserves of
the individual elements of the deck and the importance of
fatigue considerations governed by stresses in the elastic
range. The writers feel that, at present, the design
method for orthotropic decks given in Art. 1.7.51 of the
"working stress design” section should be considered sat-
isfactory.

(C)(1)(a) These design rules correspond to the pres-
ent AASHTO provisions Art. 1.7.62(B) for non-compact sec-
tions. Note that plastic hinges in box girders designed
under the proposed provisions are not permissible, and,
therefore the compact-sections provisions(involving full
plastification of the web)are not applicable.

() (1) (b) An example of such structure is the Stan-
islaus River Bridge in California (G64). Note that detail-
ed rules for design in such cases would be difficult to
establish because of the many variables and uncertainties
involved.

Treatment as an orthotropic deck in accordance with
Art. 1.7.209(B) may be applicable.

(c){(2) 1Inclusion of the full cross section of con-
crete deck between the webs in the effective deck width is
justified by the capacity of the solid steel flange to dis-
tribute the axial stresses over the entire width of the
flange. '

(D) Regarding treatment of solid steel flanges see
comment (C) (1) (b) above.
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(E) (3) The structural adequacy and safety of the
box girders under erection shall be the responsibility
of the Contractor, however, his erection method and

stresses during erection shall be reviewed by the Engineer,
see commentary on Art. 2,10.,55a4,
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Commentary on Article 1.7.210

General Comments on the Existing AASHTO Web Design Provisions

Existing AASHTO provisions for unstiffened webs, Art.
1.7.59(a), (B), (C), and (D) are based on considerations
of rolled sections and plate girders. In these provisions
the webs are not treated separately, but only in conjunc-
tion with the flanges. The effect of the flexural stresses
on the shear carrying capacity of the web is given by the
moment~shear interaction equation. However, this formula-
tion and other provisions of Art. 1.7.59 do not lend them-
selves to adaptation to box girder webs. Therefore the
proposed provisions for the unstiffened and stiffened webs,
Art. 1.7.210, 211 and 212, treat the webs as, essentially,
independent structural elements.

The basic strength curves for the design of webs in
accordance with the present AASHTO provisions are shown on
Fig. 1.7.210-C. The shear buckling strength curve (1) for
unstiffened webs, Art. 1.7.59(B) (e), is the elastic shear
buckling curve divided by a factor of 1.38. Thus, in ef-
fect, the specification requires a double factor of safety -
one given by the factor 1.38, the other by the load factor.
This corresponds to the high factor of safety prescribed
for unstiffened webs in the "elastic design" section of
AASHTO, Art. 1.7.43(D). The reason for such conservative
approach is not clear to the writers.

The shear strength curve (2) for the design of trans-
versely stiffened webs in accordance with present Art.
1.7.59(E) (3) is based on adaptation of the shear strength
curve proposed by Basler (Wl). Basler's curve is, essen-
tially, the elastic curve, with a slight correction for
critical stresses in the inelastic range. The fact that
curve (2) lies partly above the elastic curve does not re-
flect any postbuckling strength; it is merely the result
of the mathematical simplifications used in establishing
the value of C = Fvcr/TY . (G105, pg. 29).

The proposed shear strength curve for unstiffened webs
is discussed in commentary on provision 1.7.210(B) (2).
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Specific Provisions

(B) (1) 1In keeping with the presently accepted design
approach for unstiffened bridge girder webs only the buck-
ling strength (beam action of the web) is considered, and
the postbuckling strength is disregarded. It should be
noted that postbuckling strength of unstiffened webs is
considerable and has been reported to be of the order of
3 to 4 times .the buckling strength, especially for high
D/t ratios (G30, pg. 167). Thus the proposed design rules
for unstiffened webs are conservative.

The limitation of the ultimate value of shear V
is based on shear capacity reduction due to presence o? X
the axial stresses in the web (W43) in accordance with the
von Mises yielding criterion for combined stresses. The
value of (2/3)f used in the formula is a good average
measure of the g¥fect of the axial bending stresses for
symmetrical or nearly symmetrical flexure in the web.

(B) (2) The shear strength curve selected for use in
the proposed web design provisions is based on the semi-
empirical Chern-Ostapenko basic strength curve (W27).

This curve, defined mathematically in Table 1.7.211(B) (2),
was originally intended for use in conjunction with the
assumption of clamped longitudinal edges of the web, corre-

sponding to the shear buckling coefficient, k = 8,98. For
the condition of longitudinal edges of the web simply sup-
ported (k = 5.34) this curve is shown as Curve (3) on

Fig. l.7.¥10—C. It consists of the elastic buckling curve
for slender webs (up to the value of F° /f& = 0.5) and of

s ve
a transition curve for more stocky webs.

Curve (3) has been selected for the calculation of
the beam shear strength of stiffened webs. This assumption
is generally conservative but proper for stiffened webs
designed in accordance with Arts. 1.7.211] and 1.7.212,
since the lower critical beam shear strength obtained with
the assumption of longitudinal edges simply supported is
to considerable extent compensated by the correspondingly
higher tension field stress (see formula in Art. 1.7.211
(B) (5)). Thus, in effect, there is not much difference in
the total ultimate shear strength obtained as the sum of
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the beam and the tension field action.

However, in the case of unstiffened webs, the tension
field strength is not utilized and there is no compensation
for the conservative assumption of the k value. Further-

more, unstiffened webs are generally used in medium span
composite box girders, where the boundary at the upper
(concrete) flange is definitely fixed, while the junction
at the bottom flange may be considered almost simply sup-
ported. Therefore, in consultation with Prof. A. Ostapenko,
the writers propose to use k. = 7, which is an approximate
average value between the " £Yxed" (kv = 8.98) and the"sup-

ported"” (kV = 5.34) conditions. The curve in Fig. 1.7.210

(curve (4) in Fig. 1.7.210-C), proposed for unstiffened
webs, is based on this assumption.

The formula for the slenderness parameter of an un-
stiffened web, ‘Xv , results from substituting k. = 7 into
the general equation in Art. 1.7.211(B) (2).

Regarding calculation of the critical buckling stress
Fyer for combined shear and axial stress see comments on

Art. 1.7.211.

(c) (a) The governing stresses are not those at the
higher-stressed edge of the panel, but at the middle of
the potential first buckling bulge, which is approximately
at the distance of D/2 from the support (Gll2).

(c) () Web shall also be checked near midspan, for
the effects of maximum compression stress at the top flange
combined with shear, if necessary.

(c) (c) This provision implies the possibility of re-
ducing the web thickness at an appropriate distance from
the support.

(D) (1) Because of basic similarity of the "unstiff-
ened" and "transversely stiffened" webs, the writers see
no justification for slenderness criteria other than those
in the present AASHTO specifications, which are based on
fatigue considerations. Therefore these provisions are
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proposed in Art. 1.7.210 for unstiffened webs without
change.

Although the minimum slenderness criteria of the
present AASHTO specifications may be not too restrictive
for the unstiffened webs, they may, in the writers'
opinion, unduly restrict the minimum web thickness and
the design economy of deep stiffened webs in the low
stress range zones of the box girders; see further com-
ments on this in Commentary on Art. 1.7.211.
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Commentary on Article 1.7.211

General

This article presents general rules for design of
webs under combined effects of shear and axial stresses.
These rules are also applicable to the unstiffened webs
(Art. 1.7.210) and the longitudinally and transversely
stiffened webs (Art. 1.7.212); therefore these Articles
contain references to the provisions of Art. 1.7.211.

These provisions are given in a form that should help
the designer's understanding of the basic principles and
assumptions used. Such form is felt desirable since the
AASHTO specifications do not include an explanatcry com-
mentary, unlike some other design codes.

Specific Provisions

(B) (1) The shear carrying capacity of a web panel is
given as the sum of the beam shear strength (elastic buck-
ling), V_ , and the tension field strength, V_ , and these
two components of strength are clearly separated in the
proposed specification. This has the advantage of better
clarity and gives the designer the option to disregard
the tension field strength, if he so desires.

However, it must be kept in mind that the representa-
tion of the web strength as the sum of the "elastic buck-
ling strength" and the "tension field strength" and the
strict separation of these two strength contributions
does not quite correspond to the physical reality and is
therefore somewhat artificial. The classical elastic
buckling theory, based on its idealized assumptions, does
not give reliable results for plates in actual construc-
tion (see report on Task B of this contract, Sept. 1977,
"Review of Design Codes", Section B.2; also G28), and the
computed theoretical strengths depend on the assumptions
made (degree of web fixity at flanges, etc.). Further=-
more, the "beam" and the "tension f£field" strength contribu-
tions do not develop sequentially, but simultaneously,
due to the initial imperfections of the web panels. For
these reasons the demarcation between the two components
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is somewhat uncertain, and so are the relative proportions
of each at the intermediate and the ultimate loading
stage. Thus, tests on webs can only indicate whether the
total strength, calculated as the sum of the two, has

been predicted with reasonable accuracy. However, it is
perhaps unreasonable to expect a test confirmation of the -
"correctness" of the formulas or theories used in the
calculation of the individual V_ and V_ web strength com-

ponents. Therefore the formulas proposed for the calcu-~
lation of the "beam" and the "tension field" strengths
must be treated merely as convenient design tools based

on the best knowledge currently available, with the under-
standing that they may be modified or replaced with a
different approach in the future, as may be indicated by
continuing research. However, the writers feel that the
ultimate strength of box girder webs, obtained under the
proposed rules as a sum of the two strength components,

is conservative and reasonable.

The ultimate-strength formulas for webs contained in
the current AASHTO specifications are given in terms suit-
able for rolled beams and plate girders, and are not
adaptable to box girder webs, see commentary on Article
1.7.210 (General Comments). It should be noted that the
proposed method of computation of the web shear capacity
already includes the effects of the simultaneous flexural
axial stresses acting with the shear, and no additional
interaction formula for reduction of the shear capacity
on account of the moment is needed.

The basic question to be decided is, whether and to
what extent the tension field approach should be permitted
in the design of box girder webs, where the boundary char-
acteristics are different from those of plate girders.

The objections are based on the generally lower flexural
rigidity of the box girder flange portions providing the
anchorage of the tension field, and the danger of desta-
bilizing the compression flange by the fully developed
tension field action. The writers have discussed these
questions with the authorities in this field, including
Prof. A. Ostapenko of Lehigh University and Prof.

K.C. Rockey of Cardiff University. The conclusion reached
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was that the use of the tension field concept in the de-
sign of box girder webs is justified; however, it should
be applied with caution. Therefore the utilization of
the tension field contribution to the shear strength
should be limited to its lower-bound value known as the
"true Basler" solution (W29, W43) which is based on the
assumption of a negligible flange rigidity. The expres-
sion for VT in accordance with this solution is given by

the formula in Art. 1.7.211(B)(l). It should be noted
that this approach lends itself to future extension to
plate girder webs by simply adding to the expression for
tension field strength those terms contributed by flange
rigidity.

In those cases, where shear is low, or where vertical
components of tension field forces require heavy transverse
stiffeners that may be undesirable, the "beam" shear
strength alone may be used in the design. The advantages
and the economy of the design with or without the utiliza-
tion of the tension field must be evaluated by the design=-
er.

The fprmula for the maximum value of the ultimate
shear strength, V , is the same as for the unstiff-

ened webs, see co%mggﬁary on Art. 1.7.210(B)(1).

(B) (2) The values of the critical shear buckling
stress, Fgcr , are based on the basic shear buckling curve
proposed by Chern-Ostapenko (W27), see commentary on Art.
1.7.210(B) (2). This curve is preferred to the present
AASHTO shear strength curve (see Fig. 1.7.210-C, Curve
(2)) because it seems to be more correct in defining the
strength in the transition region from elastic to inelas-
tic range, see a similar strength curve for pure com-
pression, Fig. 1.7.205(A). The present AASHTO shear
strength curve does not provide for any transition from
the elastic to the inelastic range. As is seen from Fig.
1.7.210~-C, the difference between the present ard the
proposed basic shear strength curve is of significance
only in a narrow range of web slenderness corresponding
to D/twv Fy/E value of about 2.5.
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The value of k _ used for transversely stiffened webs
corresponds to the assumption of simply supported longi-
tudinal edges of the web, see commentary on Art. 1.7.210
(B) (2) . The simplified AASHTO formula for k (see G105,
pg. 30) is used rather than the more exact f8rmula, which
requires two equations,

(B) (3) Curves (1), and (2) in Fig. 1.7.211(B) are
buckling stress curves (beam action of the web only) and
not strength curves. Therefore the values for curve (1)
(R = 1, pure compression) ought to be below the strength
values given in Fig. 1.7.205(A) (strength of unstiffened
plate panel). However, the distinction between "buckling
stress"” and "strength" in the inelastic range is diffi-
cult to make, and the "strength curve" might be used as
the"buckling curve" in the low X range. For high A values
the use of the elastic buckling curve is appropriate. 1In
order to provide a smooth transition between the strength
curve given in Fig. 1.7.205(A) and the elastic buckling
curve, a new transition curve is introduced for
0.65 < A < 1.5. This new curve closely approximates the
plate strength curve in Fig. 1.7.205(A) for
0.65 < A < 1.2, and then transitions smoothly to the
elastic buckling curve at A = 1.5. Thus the buckling
curve in 1.7.211(B) (3) can be defined by two equations:
the second equation, for A 2 1,5, is the elastic buckling
curve.

Curves (1) and (2) in Fig. 1.7.211(B) are obtained
from identical source eguations by using the appropriate
values of the buckling coefficient, kX = 4, and k = 24,
respectively. These values correspond to panel aspect
ratios o« = do/D >1, or A > 2/3, respectively. For web
panels with smaller aspect ratios more advantageous values
of the critical buckling stresses can be obtained from
the equations by using the appropriate k- values from the
formulas given.

For the case of R< - 1 the use of curve (2) for pure
bending is recommended for design simplicity, as indi-
cated by the dashed line on the stress distribution dia-
gram in Fig. 1.7.211(B). It should be noted that in such
cases of unsymmetrical flexural stress distribution in the
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FO , F© _ are obtained from Fig. 1.7.211(A) and ve

web the compression is relatively small, and the inaccu-
racy resulting from the suggested simplification is of
no practical consequence in design. This procedure is
conservative.

(B) (4) 1Interaction formula for the critical buckling
stress for combined shear and axial stresses is the gen-
erally used formula from the elastic theory. (G30 Eq.
4.40, p. 109).

Because of the many parameters involved, the pro-
cedure presented looks complex at first, but is actually
not difficult in practical use.

The definitions of the stresses and the stress
ratios are illustrated in Fig. 1.7.211(C).

First the designer has to establish the ratio

F“=f w/fv of the maximum compressive stress at the edge
of the panel under consideration to governing simultan-
eous shear. In subsequent computations all axiai stresses
are expressed in terms of shear, by the use of ratio W .
The general case of unsymmetrical axial stress distribu-
tion in the web (1> R>-1, see Fig. 1.7.211(B)) can always
be expressed as a sum of pure compression and pure bend-
ing, by means of the ratio R, which the designer has to
determine for the case considered. Thus the values of
Fper and F ., are expressed in terms of Foor ¢ M.and R

by the formulas given. The remaining parameters F© r

ber ccr
(B), and then the needed value of Foo is computed by

solving the quadratic interaction equation. The value of
Fyor is then used in formula given in Art. 1.7.211(B)(1).

The writers are much indebted to Prof. A. Ostapenko
for helpful suggestions leading to formulation of the
elastic buckling relationships in a form suitable for
design.

Interaction equations in Section (B)(4) are applicable
to web panels or subpanels subject to shear and axial
flexural stresses, including tension and compression in
the panel (Fig. 1.7.211(C))or compression only (Fig.
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1.7.212). For the case of panel under shear and tension
only (no compression stress), the above procedure does
not apply. Design provisions for such cases that may
occur in longitudinally stiffened webs are proposed in
Art. 1.7.212(B) (4).

The effect of vertical axial compression stresses
in the web, such as may be caused by wheel loads on the
deck, is disregarded. The writers have investigated the
admissibility of such simplified treatment for both
orthotropic steel deck bridges and concrete deck bridges
and find that the vertical stresses in the webs due to
direct wheel loads of the AASHTO specifications are low
and are subject to rapid attenuation with increasing dis-
tance from the top flange. Thus, the conclusion was
reached that such stresses may safely be disregarded in
these specifications.

However, the situation is different in webs of box
girders to be erected by launching (B3). In such cases
the webs are subject to large concentrated reactions and
their adequacy for such conditions should be checked.
Methods for such investigation have been proposed by
Bergfelt (W13). These are, obviously, special cases, out-
side the scope of the AASHTO specifications.

(B)(5) The stress in the yield band of the tension
field panel is equal to the yield stress of the material.
In the portion of the web subject to flexural tension and
shear stress the tension, F_ , available for the develop-
ment of the tension field attion is decreased by the equiv-
alent tension already present in the web. The magnitude
of the decrease is calculated by the von Mises eguivalent
stress formula, using the governing tension and shear
stresses in the web. The shear stress in the web in the
post-buckling stage is equal to the value of the critical
buckling shear stress in the panel, Fv . The flexural
tensile stress in the web is taken at E%s average value,
f2w/2 , that is, one-half of the actual maximum tension
stress in the web.

Webs acting as tension fields are incapable of carry-
ing direct local vertical compression stresses; the
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British "Merrison Rules" (Gll) contained elaborate pro-
visions to preclude occurrence of such stresses in the
webs. However, proposed provisions disregard the effects
of vertical compression stresses in webs, see commentary
on Art. 1.7.211(B) (4).

(C) The assumptions regarding the location of the
governing stresses and their distribution correspond to
those used in tension field theories by various research-
ers (W27, W43). .

(D) (1) These provisions correspond to AASHTO limit-
ations 1.7.59(E) (1) and 1.7.60(B) based on fatigue con-
siderations, see (Gl05) pp. 27 and 34, and are ‘given un-
changed, except for using a nondimensionalized formula.

The writers feel that since the present web slender-
ness limitations are based on fatigue, they ought to be
related to the governing stress range in the web panel
under consideration. The present rules make no reference
to stress and may be too restrictive for (a) web areas
with relatively low stress near inflection points of the
box girders, or (b) for webs of longspan bridges where
dead load stresses are predominant and the stress range
due to live load is small. In such cases the present
rules may affect the economy by making it impossible to
reduce the web thickness in accordance with the actual
strength requirements.

Regarding condition (a), allowable slenderness could
possibly be modified by a coefficient ,’F r/f , where
F,cr is the critical shear stress and £ Xg thX actual
shear (suggested by Prof. A. Ostapenko)y In case (b) a
modification based on the ratio of total stress to live-
load stress could be used. However, the writers did not
attempt to liberalize the existing provisions, since such
revisions must be supported by definite recommendations
based on research in the field of web fatigue. In the
meanwhile the designers should be permitted to exercise
their judgment in cases where existing rules may result
in excessive web thickness.
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(D) (2) No maximum spacing of transverse stiffeners
is stipulated. The present maximum spacing requirement
of the AASHTO specifications is arbitrary and is not
supported by any design considerations, see (Gl105). Since
welding of stiffeners is one of the most expensive cost
items in fabrication, a greater freedom in placing the
stiffeners only where they are needed will contribute to
the economy of box girder construction.

(E) The forces in the box girder flanges are deter-
mined (Art. 1.7.205, 206, 208) in accordance with the
assumption of linear elastic stress distribution by the
usual Mc/I formula, with I including the entire web. How-
ever, when the web buckles, its compressive part becomes
unable to resist further compressive flexural stresses,
and the "excess moment” is resisted by a reduced cross
section of the box girder, with a corresponding reduced
moment of inertia, I, . Consequently, the force in
flanges is increased, and this effect is reflected in the

formulas for AF by thHe term (flR-fl).

In addition, a further compressive component of the
flange forces must be added since the moment in excess
of that at which web buckling theoretically occurs is
carried by "truss action”, with the tension band acting
as a diagonal, rather than by beam action. In flange
design, the moment near midpanel is used to compute the
flange force; however, with the girder acting as a truss
the force in the flange acting as a chord is correctly
determined using the moment at the intersection of the
tension diagonal and the opposite flange. Therefore, the
governing flange force computed by the Mc/I formula under-
estimates the force in the compression flange and over-
estimates the force in the tension flange. The additional
correction required is equal to one-~half of the horizontal
component of the tension field stress in the panel, and
is given by the second term in the formula for AF. In accord-
ance with the "true Basler"” tension field model the angle
of inclination of the tension field force is approximately

equal to Q&/Z. This force is added to the compression
flange force and subtracted from the tension flange force.

The excess moment is defined by the expression
(VM -ZVB)/VM , which is the ratio of actual shear in
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excess of beam-action capacity remaining to be carried by
postbuckling strength, to total actual shear. Note that
only the actual "demand"” and not the postbuckling capacity
(which in practical cases is always greater than the
"demand") is used in the proportion, thus minimizing the
additional flange force to be used in the design.

Note also that the entire box girder cross section
with all webs (usually two) is considered, and not indiv-
idual webs. Therefore the total moment and the total
shear acting on the entire box girder are used. It
should be kept in mind that any unsymmetrical lcading on
box girder is represented in the analysis as a sum of a
symmetrical loading (causing symmetrical flexural stress-
es) and an antisymmetrical loading (causing torsional
and distortional shear stresses and opposite bending in
webs). Thus the shear distribution in box girder webs
may be unsymmetrical, but this does not matter in the
determination of the total additional flange forces, AF.

Adjacent flange and web panels are often of different
lengths, since the latter are usually subdivided by trans-
verse stiffeners spaced closer than the crouss beams that
stabilize the flanges. In such cases the correct deter-
mination of the "additional flange forces" is more com-
plex than that given herein; however, such a rigorous
treatment would be too complicated for design. The
representative values of AF obtained for the web subpanel
at the cross section where the critical stresses for the
flange design are computed are considered adequate for
design purposes.
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Commentary on Article 1.7.212

(B) (1)-(B) (3) At this time there is no general
agreement among the researchers on utilization of the
postbuckling strength in webs stiffened with one or more
longitudinal stiffeners. Provisions proposed in Sections
(B) (1)-(3) and (B) (5) are based on suggestions made to
the writers by Prof. K.C. Rockey of Cardiff University
and on the results of his continuing testing and theoret-
ical work on the problems of web design (W40, W4l, w43,
wa45).

The "beam shear strength" is governed by the elastic
buckling stress of the web subpanel with the lowest criti-
cal stress. In order to fully utilize the beam shear
strength the longitudinal stiffeners must be counted upon
to act as rigid supports of the edges of the subpanels and
to remain straight throughout the elastic and the postbuck-
ling phases of web loading (see Art. 1.7.213).

(B) (4) Tension has a stabilizing effect on panels in
shear; therefore elastic buckling stresses calculated for
shear only without considering coincident tension stress
are overly conservative. Proposed formulas for buckling
stresses of panels under shear and tension are based on
formulas derived by Scheer (W50), simplified by the writers.
The shear buckling coefficient, k* , already includes the

effect of coincident tension: the¥efore the values of FVcr
are obtained directly, and the use of an interaction

equation is not necessary. Equations for F are anal-
ogous to those for Fscr in Art. 1.7.211(B)(§?¥

Because of the beneficial effect of tension, only the
tension stress coincident with maximum shear shall be used
in the calculations, and not the maximum tension in the
subpanel.

Methods of calculating critical elastic buckling
stresses are the same as given in Art. 1.7.21l1l, except
that each subpanel must be handled separately, and the
symbols and definition must be modified as noted in Art.
1.7.212(B) (3) and Fig. 1.7.212.
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(B) (5) Tests on longitudinally stiffened girder
webs (W40, W41, W43) have indicated that ultimately the
tension field tends to develop diagonally across the
entire web panel between the flanges, regardless of the
relative rigidity of the longitudinal stiffeners. Thus,
the tension field strength of the longitudinally stiffened
webs is obtained in the same manner as given in Art.
1.7.211 for webs with transverse stiffeners only.

(c) (1) Slenderness limitations for webs with one
longitudinal stiffener correspond to those given in
AASHTO, Art., 1.7.59(F) (1) and 1.7.60(C). These provisions
permit doubling the allowable slenderness for longitud-
inally unstiffened webs, provided that the axial stresses
are symmetrical and the longitudinal stiffener Is placed
at a distance of D/5 from the compression flange.

For webs loaded unsymmetrically, an "effective depth"
of web equal to 2Dc is, in effect, used in determining the
web thickness in accordance with the present specification.
Thus, thicker webs are required for unsymmetrical cross
sections, or, by implication, for all cases where the
stiffener is not placed at the most appropriate location
for prevention of web fatigue effects. This is reflected
in the two requirements of Art. 1.7.212(C)(l). Since the
proposed rules do not prescribe the location of the stiff-
ener, the condition D'2> 2D /5 becomes necessary to pre-
vent placement of the stiffener too close to the compres-
sion flange where, in the case of Dc>-D/2 it would not be
properly effective against fatigue. On the other hand,
if Dc<:D/2, the designer shall not place the stiffener too
close to the compression flange, for practical reasons.

(c)(2) Provisions are based on logical extension of
the rules of (C)(1l) to the webs with multiple longitudinal
stiffeners.

For the first stiffener in the "correct" location of
2Dc/5 for a symmetrical section, the allowable slenderness
was arbitrarily established to be 20% greater than in that
of a similar case with one stiffener only. For unsymmet-
rical cases with D_< D/2, the percentage increase in
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allowable slenderness will be larger. The writers feel
that these provisions are justified by the beneficial
effect of additional longitudinal stiffeners on lateral
web deflections due to buckling, and the associated
fatigue effects. Generally, multiple longitudinal stiff-
eners are used for the purpose of obtaining thinner webs,
and this aim should not be thwarted by the minimum thick-
ness provisions.

The requirement for the maximum DI'I/tw ratio is given
as a function of the ratio of the longitudinal stiffener
distance from the compression flange to the depth, D ,
of the compression zone. This makes the requirement
less restrictive in the web zones subject to a . lower
stress range, and reflects the fact that the width of the
subpanels usually increases with their distance from the
compression flange. Without such a provision the web
thickness would be governed by the deeper subpanels near
the neutral axis, which would be incorrect.

Slenderness requirements for web portions in tension
have not been formulated by the writers because of lack
of sufficient research data on this subject.

The writers feel that the slenderness limitation
rules, as proposed, may be restrictive, and should be re-
examined in light of additional research on web fatigue,
see commentary on Art. 1.7.211(D)(1l).

(D) For discussion of additional forces in flanges
see commentary on Art. 1.7.211(E).
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Commentary on Article 1.7.213

General

The purpose of the web stiffeners in webs designed
in accordance with the classical elastic buckling theory
is to provide support at the boundaries of the web panels
consistent with the assumptions used in the design of the
panels. In order to achieve this the stiffeners must have
the necessary minimum rigidity, which can be determined
by the methods of elastic theory. For webs with initial
imperfections, and where postbuckling strength is used in
the design, such calculated rigidity values are generally
not sufficient, and the strength of the stiffeners must
also be considered. In addition to their function of
supporting and stabilizing the web panels and resisting
the forces generated in the web by tension field action
in the postbuckling stage, the transverse stiffeners also
transmit vertical deck loads into the web, resist support
reactions, and form a part of the crossframe or cross
bracing system resisting lateral loads and distortional
moments of the box girder cross section. Therefore pro-
portioning of the transverse and the longitudinal web
stiffeners is not a simple problem.

The existing AASHTO provisions for transverse and
longitudinal stiffeners prescribe minimum rigidities of
stiffeners based on elastic theory. The moment of inertia
of a stiffener is taken about the web face, implying a
very large effective width of web plate acting with the
stiffener. 1In addition, a formula is given for assessing
the vertical force on a transverse stiffener due to
tension field action.

The new German specifications (G1l40) are based on
elastic design only, and disregard the postbuckling
strength of the web. The effective width of the web
plate acting with the stiffener is based on the effective
slenderness of the stiffener. The rigidity of a longi-
tudinal stiffener may be smaller than the theoretically
required minimum rigidity, | . In such cases the
stiffeners do not remain straight when the web buckles,
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but bend with the web plate. The critical buckling
stresses of the web subpanels bounded with flexible stiff-
eners are lower than the optimum theoretical values
obtained with rigid stiffeners. The specification recom-
mends the use of published values of the buckling co-
efficient kX (G107, G108) depending on the rigidity and
arrangement of the stiffeners used and on the stress
distribution in the web. The use of stiffeners with a
rigidity greater than the "optimal theoretical rigidity",
, is considered unnecessary and uneconomical (G67).

The proposed British specification BS 5400 (Gl51)
(in preparation) is based on partial utilization of the
web postbuckling strength and recognizes the need for
stiffener strength greater than that resulting from
elastic theory. Stiffeners are designed, essentially, by
strength criteria. In order to ensure their adequacy,
fictitious "destabilizing thrusts" of considerable magni-
tude are added to the actual compression and flexural
forces in the stiffeners. A Perry-type formula, also
applied in this specification to compression flanges, is
used in the design of the stiffeners as compression mem-
bers. The design values of the destabilizing forces are
given as a function of the axial and the shear stresses
in the web. This treatment is partly based on the ap-
proach used earlier in the Merrison Rules (Gll, Gl2).

It is seen that current design criteria for web
stiffeners vary widely, depending on the philosophy of
web design, and are geared to calculation procedures
traditionally used in the individual countries.

The design provisions for web stiffeners proposed
by the writers are consistent with the design method for
the webs given in Articles 1.7.211 and 212, based on max-
imum utilization of the elastic beam strength of the web
subpanels (requiring rigid stiffeners) and partial utili-
zation of the tension field strength. In general, the
writers followed the recommendations made by Prof. K.C.
Rockey of Cardiff University.

It is generally recognized that many questions re-
garding the design of stiffened webs still remain unre-
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solved, and remain to be answered by continuing research.
Therefore some of the proposed provisions are necessarily
arbitrary and conservative.

Specific Provisions

(B) (1) Note that there may be no need for exterior
transverse stiffeners at supports where diaphragms are
used.

(B) (2) These provisions are consistent with AASHTO
provisions for bearing stiffeners and with the additional
requirements of Art. 1.7.213(C).

(B) (3) The horizontal component of tension field
force actually used in the end panel is calculated assuming
the inclination of the tension field force as 9./2 , see
commentary on Art. 1.7.211. The distance of D/3 from the
top flange is conservative.

(c) (1) (b) The vertical force on the transverse
stiffener due to tension field action is calculated
according to Basler (W1l), adjusted for the tension field
strength actually utilized. Note that the effective
force on the stiffener is smaller than the vertical force
in an equivalent Pratt truss, because the opposite shear
contributions from the two adjacent panels partially
cancel out in the middle portion of the stiffener.

(C) (1) (c¢) For a tension field utilized to its full
theoretical wvalue (V—VB = VT), no effective width of web

plate should be used in the design of the stiffener,
according to Prof. K.C. Rockey, because of plastification
of the web material adjacent to the stiffener. However,
since full web plastification will occur only over a

part of the stiffener length, it would be too conservative
to exclude any web contribution to stiffener rigidity.

The proposed formula limits the effective width to 9t

in the case of a fully utilized tension field, and pe¥-
mits the normally accepted effective width of 18tw where
tension field strength is not utilized.

148



(C)(1)(d) The reduced effective column length of

the stiffener is based on the compressive stress in the
stiffener being introduced gradually over the stiffener
length.

(c) (1) (e) Longitudinal stiffeners enforce nodal
lines in the web plate and are subject to lateral destabi-
lizing forces exerted by the plate, which would, in the
absence of the stiffeners, deflect laterally at the stiff-
ener locations. These lateral destabilizing forces have
to be resisted at the transverse stiffeners. A rigorous
determination of the destabilizing forces, which must be
based on second-order theory, is very complex and would
be impractical in the design. An investigation by
Leonhardt (G48) indicates destabilizing forces of the
order of 2 - 6 percent of the longitudinal stiffener
capacity. However, these results are based on rather
severe assumptions of the most unfavorable combination
of the assumed initial imperfections of the longitudinal
and the transverse stiffeners, and must be regarded as
very .conservative. The writers chose 2 percent of the
longitudinal stiffener capacity for the design of web
transverse stiffeners and one percent for the design of
flange transverse stiffeners, see commentary on Art.
1.7.216(C).

*

c)(2)(a The relative rigidity coefficient
denotes the minimum relative rigidity of a stiffener re-
quired to ensure that the web subpanel adjacent to the
stiffener may reach its*maximum theoretical elastic
buckling strength. K is a function of the geometric
parameters of the plate panel and the type of loading,
and is calculated by the methods of the classical elastic
plate buckling theory, based on assumptions of ideal
plate flatness, absence of residual stresses, and un-
limited validity of the Hooke's law. Thus, application
of these values to plates in the inelastic range requires
caution and appropriate adjustment. For further comments
regarding the relative rigidity coefficient, [ , and
the "minimum required rigidity", K*, see Report on
Task B of this project. pg. 5.
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The buckling and rigidity coefficients for stiffened
plates are obtained by the energy method, involving appli-
cation of double Fourier serie. Calculations are very
laborious and require the use of large capacity computers.
The values of the buckling and rigidity coefficients for
various load cases and stiffener arrangements have been
presented in the two-volume work by Kloeppel-Scheer-
Moeller (G107, Gl08).

The minim&m rigidity coefficients for transverse
stiffeners, x . depend mainly on the panel aspect ratio,
¢4, and the magnitude of the critical shear stress, axial
stresses being of small importance (G108). Therefore the
proposed values of"KT are obtained without consideration
of axial stresses.

In view of the large number of parameters involved

and the complexities of the mathematical operations in
the calculation of K* values, there is considerable un-
certainty regarding thé "correct" and appropriate values
of these coefficients. The values given in literature
(617, G107, G108, Gll1l3) vary, depending on the assumgtions
and simplifications used. Reference (Gl08) gives X\ for
K >0.7 for webs without longitudinal stiffeners. T

* for webs with longitudinal stiffeners based on (G108)
werg obtained by the writers indirectly. For X < 0.7 the
writers have extrapolated the values from (Gl108), using
values computed by the provisions of (Gll3) for comparison.
The values for longitudinally stiffened webs were simi-
larly obtained. The results are presented graphically
in Fig. 1.7.213(a).

Tests and theoretical investigations by Massonnet
(W46) and other researchers (W1ll, W47, W48) have shown
that even where stiffeners satisfy the minimum rigidity,
K* , obtained from the linear theory of plate buckling,
there is no assurance that the stiffeners will remain
effective in the postbuckling range of web behavior. In
order to ensure that the stiffeners will remain straight
and provide the required support_ of web subpanels, it is
necessary to use a multiple, m g , of the theoretical
rigidity.
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For transverse stiffeners a value of m = 3 has been
recommended for slender web panels (W49, W1ll). This value
is used in the new Czechoslovak specification (G113).
However, in stocky webs, postbuckling behavior is of
smaller importance, and the critical plate buckling stress-
es, associated with appropriate stiffener rigidities,
exceed the yield stress of the material and cannot be
utilized. Therefore, the value of mo, is decreased in the

transitional zone of plate slenderness, and is taken as
unity for web panels with D/t<75 (W1ll, G113).

The coefficient f£! Fg r introduced by the writers in
the formula for I, is Based on the interaction formula
suggested by Djubek and Skaloud (W1ll), and reflects the
fact that transverse stiffeners need not be governed by
the maximum shear capacity of the adjacent web panels if
the actual maximum value of shear is lower than capacity.
This permits a logical reduction of the size of transverse
stiffener, and is in interest of design economy.

Stresses f; and cmr used in the formula are already
known from web strength calculations in accordance with
Art. 1.7.211 or 1.7.212. 1In the case of a longitudinally
unstiffened web the stresses in the adjacent panel with
the higher value of critical shear, F r shall be used
to ensure transverse stiffener adequacy for the stronger
adjacent web panel. Similarly, in longitudinally stiff-
ened webs, stresses f' and Fscr shall be calculated in
the critical subpanel having the higher value of F
as defined in Art. 1.7.212(B)(2). These rules are
conservative.

ver min ‘

(c) (2) (b) The alternative formula for evaluation
of the desired rigidity of a transverse stiffener in a
web with longitudinal stiffeners follows a similar pro-
vision in (G113).

(c) (3) Proposed criteria for local torsional buck-
ling stability are based on considerations similar to
those given in Art. 1.7.207 for flange stiffeners, except
that the restraining effect of the plate on the stiffener
has been neglected, and the stiffener is assumed hinged
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along the web plate. The writers believe that the proposed
formulas are conservative.

(c) (4) The first requirement corresponds to AASHTO
provision 1.7.59(E) (5)(d). The second ensures the capa-
bility of the transverse stiffeners to act as columns
under the added effects of flexure. :

(D) (1) (a) This assumption underlies the proposed
method of design of longitudinally stiffened webs, see
Art. 1.7.212.

(D) (1) (b) Massonnet has suggested that in the case
of more than one longitudinal stiffener, the required
rigidity of each stiffener shall be determined independ-
ently, without consideration of the presence of cther
stiffeners (W46). Such a procedure is also used in (G1l1l3).
However, this approach is conservative, as is indicated
by comparing [ values for a single stiffener with those
required for the stiffener in the same position when an-
other longitudinal stiffener is added. The values for
only two such comparisons are available in (G107}, namely
for one stiffener located at n, = 0.25 or 0.33, and the

other stiffener added at N, = 0.50 or 0.66, respectively
(see Fig. 1.7.212 foy designations). In both cases the
required value of x in the case of two stiffeners de-
creases by a factor of approximately 0.8, compared with
the value needed for a single stiffener.

A rigorous calculation of the required rigidities
of multiple longitudinal stiffeners for the range of
stiffener locations used in design would be extremely
difficult, see comments (C)(2)(a). Therefore the writers
propose the use of a coefficient n to approximately
account for the beneficial effect of added longitudinal
stiffeners, see Art. 1.7.213(D)(3).

(D) (2) The writers feel that the use of an effec-
tive width of web with longitudinal stiffeners in the web
compression zone should be permissible, since tension-
field tension in the web strip adjacent to the stiffener
is generally reduced by the flexural compression and
results in a stress in the direction of the stiffener
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lower than yield. However, the use of an effective width
with a stiffener in the web tension zone must be subject
to restrictions, see comments 1.7.213(E). It should be
noted that the use of an effective width of web plate is
of considerable help in keeping the longitudinal stiff-
eners designed in accordance with these provisions within
reasonable sizes.

The value of 18t is used in the AASHTO specifications.

A slightly different value, 20tw , 1is recommended by
Massonnet (W46).

D) (2) (a Because of stiffener discontinuity at
transverse stiffeners, the longitudinal stiffener in such
cases is discounted in the overall stress carrying capac-
ity of the box girder, and there is no need to design it
for such a condition. However, the effect on the stiffen-
er of the axial stress in the web plate must be consider-
ed.

(D) (2) (b) A continuous stiffener is designed as a
stress carrying element of the box girder cross section.
Since, in such a case, its structural behavior is essen-
tially similar to that of a compression flange stiffener,
the procedure for checking stiffener strength (including
the effect of out-of-straightness) given in Art. 1.7.206
is basically applicable.

(D) (3) For general comments regarding the minimum
relative rigidity coefficient, X , see (C)(2)(a) above.

*
Values of X* of a longitudinal stiffener, Y ’
are calculated and given in literature separately for
plates under pure axial stress and plates in shear,
and are designated in the provisions of this section as
K - and x z respectively. Numerical values of these

coefficients have been adapted from data by Kloeppel,
Scheer and Moeller (G107, Gl08) for the range of stiff-
eners located between 0.2D and 0.4D from the compression
flange, and represented graphically for design use in
Fig. 1.7.213(B).
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The values of [ are given for three represent-
ative patterns of flexural stress distribution in the web
(R = -0.5, -1.0 and -1.5), for panel aspect ratios,
oL, of 0.7, 1.0 and 1.5. The smallest aspect ratio for
which buckling and rigidity coefficients have been calcu-
lated*in (G107, G108) is & = 0.7 however, design values
of x for ®< 0.7 may be obtained from Fig. 1.7.213(B)
by extrapolation.

The values of x* are given in Fig. 1.7.213(B) as
relative rigidity coefficients corresponding to 90% of the
theoretical critical buckling stress of the plate panel
in shear, and not as the values corresponding to full
buckling capacity. This is based on observation by Rockey
and Cook (W47, W48) that the theoretical shear buckling
coefficient, k , first increases very rapidly with an
increase in X‘Y but then increases very slowly with in-
creasing values of . Thus a small increase beyond a
certain value in theoretical shear buckling strength
could be achieved only at the expense of very large. in-
crease in stiffener rigidity, which would be uneconomical.
It should also be noted that longitudinal stiffeners are
governed primarily by the axial stress and not shear
stress.

Under service conditions both axial and shear stress-
es occur simultaneously. The appropriate values of
for combined flexural and shear loading, designated as
X}J(GﬂPC) » can be expressed only by means of approximate
interaction formulas, depending on the proporticns of the
stress components. The writers adapted for use in these
provisions an interaction formula by Djubek and Skaloud
(W1l) which is also used in the Czechoslovak specifica-
tion (G113). A somewhat similar logic is employed in the
tentative formula of the German DIN 4114 specification
(G16); however, this formula involves much more calcula-
tion work and is geared to other provisions of (Gl6).
Evaluation of the proposed formula indicates that under
practlcal combined stress conditions the governing values
of may be con51derably lower than the theoret-

ical vAlues of V' a [7_ ., vased on th t
C es o L& an LT '’ ased on € assump ion
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that the component axial and shear stresses, acting
separately, reach their critical values of F© and FO .
ccr ver
Similarly ag in the case of transverse stiffeners,
the values of f must be magnified by a coefficient m.o,

see commentary on (C) (2) (a) above. The use of values
proposed by Massonnet was recommended to the writers by
Prof. K.C. Rockey. Similar values are used in (G11l3).

The reduction of the m_ values with a decreasing

plate slenderness is based on considerations discussed
under (C)(2) (a) of this commentary. A similar reduction
is used in (G113).

Regarding reduction coefficient n for multiple longi-
tudinal stiffeners see commentary on (D) (1) (b).

Stresses f' and F° used in the interaction formula
are known from web strength calculations in accordance
with Art. 1.7.212. However, unlike in the case of trans-
verse stiffener (Art. 1.7.213(C)(2)(a))stresses in the
adjacent subpanel with a lower value of FVcr shall be
used in calculations. This is based on the fact that the
beam shear strength of a longitudinally stiffened web
panel is determined by the subpanel with the lowest value
of critical buckling stress, FVcr min ¢ Se€e Art. 1.7.212
(B) (2). Thus it is not necessary to have stiffener
rigidity required to ensure a higher critical stress in
the subpanel. It is possible to further refine this pro-
cedure, however, the writers*feel that in view of general
uncertainty regarding the X values, the simple proposed
rule should suffice.

(E) (1) Paper by Scheer (W50) underlying the design
of web panels under shear and tension of the proposed
rules, Art. 1.7.212(B) (4), does not address the problem of
required longitudinal stiffener properties in such cases.
The writers feel that the use of criteria for shear alone,
disregarding the stabilizing effect of coinciden¥ tension,
is probably very conservative. The values of r 9iven
in Table 1.7.213(E) are obtained from (Gl07) for the
case of "two longitudinal stiffeners" in a panel under
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shear alone. Similarly as in Art. 1.7.213 (D) (3), the
writers used the YL?’ values corresponding to 90% of

the theoretical buckling stress.

The effect of stabilizing tension on the stiffener
rigidity requirements is difficult to assess. It should
be noted that the stiffener in tension zone is likely to
be located near the web neutral axis, where tension is
small. However, it appears that there is no justification
for using the multiplier m, which is associated with de-
stabilizing effects in the web compression zone.

The multiplier £'/F°®  in the formula for I_ corre-
sponds to that used withvgﬁe shear term of the interac-
tion equation in Art. 1.7.213(D) (3), with f' denoting the
actual maximum shear stress in the adjacent’ critical
web subpanel. Because coincident tension enhances the

beam shear capacity, Fvc , of the subpanel, the wvalue
of f;/Fgcr may possibly fe greater than unity.

Regarding effective width of web acting with the
stiffener, the writers feel that the formula used for
transverse stiffener, Art. 1.7.213(C) (1) (c¢), giving
effective width as a function of tension field intensity,
is appropriate.
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Commentary on Article 1.7.214

Box girders having webs of a lower specified yield
stress than the flanges need design limitations for webs
only; no design limitations are necessary for the flanges.

(B) (1) Calculation of web shear strength in accord-
ance with Articles 1.7.210-212 is based on the assumption
of linear distribution of axial stresses in the web in
accordance with the elastic bending theory. This condi-
tion is satisfied if the maximum flexural stresses in the
web do not exceed the yield stress. This may occur where
governing overall design stresses in the flanges are kept
low, as in the case of orthotropic steel decks, or slen-
der bottom compression flanges with low critical stress.

(B) (2) Disregarding postbuckling strength is justi-
fied by deleterious effects of large tensile flexural
stresses on tension field capacity, see Art. 1.7.211(B) (5).

(B) (2) (a) The buckling interaction formulas in
Art. 1.7.211(B) (4) are based on linear distribution of
stresses. These formulas would have to be rationally
extended or adapted by the designer if this assumption
is not satisfied in the case of partial yielding of web.

(B) (2) (b) The maximum value of VB shall be limited
by the condition that at any point of the governing cross
section of the web panel the theoretically allowable shear
stress, f' , cannot exceed the value that, combined with
axial stress, will cause yielding. This value is given
by the von Mises yield criterion. The formula for £'
corresponds to that given for the maximum permissiblg
value of Vg in Art. 1.7.210(B) (1) and 1.7.211(B)(1). This
is considered to be the safe lower bound value of shear
capacity (G133).
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Commentary on Article 1.7.215

(B) (2) A good discussion of structural functions
and complexities of design analysis is given by Horne
(G112). "Rigorous" calculations (such as finite element
method of analysis) of stress distribution in diaphragm
are not warranted, since results of such calculations are
of limited value and give the designer a false sense of
accuracy (S8). An adequate load redistribution capacity,
achieved by making diaphragm panels stocky, is essential
(G112, D2).

Design criteria for diaphragms in the British
“Interim Design Rules" (Gll) may be too complicated for
practical application; yet they are the only design pro-
visions for diaphragms currently available. The new de-
sign rules for diaphragms in the new British bridge spec-
ifications BS 5400 (G151) have not yet (April 1979) been
published. These provisions, prepared by the firm of
Flint & Neill in London, were not available to the writers,
but should certainly be considered in future improvements
of the proposed provisions. In the meanwhile, the writers
believe that the "IDR" (Gll) may be suggested, in the
footnote, as a general reference, however, it must be
understood that these rules do not reflect the latest
thinking on the subject.

(c) (1) Several other sources of stresses have not
been mentioned, such as the Poisson's effect at the
flange-diaphragm boundary, whig¢h generally causes stress
relief in diaphragm acting in flexure (G1l1l2), and the
effects of vertical misalignment of bearings, which are
practically incalculable and should be precluded by care-
ful field fitting of the bearings at box girder supports,
see Division II, Construction, of these specifications.

(c) (2 Vertical stress at diaphragm bearings is
distributed non-uniformly, which is also true at bearings
under the webs. This does not significantly affect the
diaphragm ultimate strength as long as it possesses
sufficient stress redistribution capacity.
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C)(3){a The assumption of linear flexural stress
distribution is also used in the "Interim Design Rules"
(611).

c)(3) (c) Effective widths proposed are based on
stipulations of the "Interim Design Rules" (G1ll).

(c) (4) (a) Shear stress concentration at the web-
diaphragm boundary is greatest when the edge of bearing
is close to the web, and decreases with increasing dis-
tance between the bearing and the web, while the flexural
stresses in the diaphragm increase. An optimum condition
is achieved in a "balanced" position of the bearings
(D2, G44), see suggested location of bearings stipulated
in Art. 1.7.215(G) (2).

(c) (4) (b) The maximum value of shear at the web-
diaphragm intersection may reach about 1.4 times the
average shear (Gll, D2, D8, Gll2) under unfavorable
geometric conditions. The arbitrary factor of 1.3 is
introduced to achieve more stocky bottom panels of the
diaphragm, conducive to better stress redistribution.

(c) (5) (&) The inclusion of an additional eccen-
tricity is necessary because the resultant of bearing
reaction may not be in the plane of the diaphragm, either
due to misalignment of the bearing contact surfaces, or
due to deflection under load, particularly in the case
of steel bearings with flat contact surfaces. The pro-
posed eccentricities are similar to those prescribed in
the "Interim Design Rules" (Gl1l).

(c) (5) (c) Failure to consider out-of-plane stresses
in the diaphragm was the cause of collapse of the Milford-
Haven bridge during erection (B5). This underscores the
importance of out-of-plane stresses in design of diaphragm.

(D) (1) The formula for buckling strength of an un-
stiffened diaphragm is adapted, with some simplifications,
from the "Interim Design Rules" (Gll). Similar results
are obtained from paper by Rockey and El-Gaaly (D8). The
factor of 2/3 is somewhat larger than that recommended in
(G11), which also includes the "material factor" smaller
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than unity. The formula is reported to be conservative
(G44).

It should be noted that since the formula does not
apply to diaphragms with access openings or subject to
out of plane bending, its applicability is limited. The
designer may, with proper judgment, use the formula as a
guide in investigating the stability of a diaphragm pro-
vided with bearing stiffeners.

(D) (3), (4) Checks stipulated in these sections are
conservative and will assure a stocky diaphragm.

(E) (1) (b), (E)(2) These conservative provisions are
felt to be necessary for the design of diaphragms that
will be capable of achieving the required stress redistrib-
ution.

The writers believe that, if the stability of all
diaphragm subpanels, as well as the stability of all bear-
ing and intermediate stiffeners can be assured, the
overall stability of the stiffened diaphragm need not be
a design consideration. Prof. A. Ostapenko, with whom
the writers discussed this problem, expressed a similar
opinion.

(E) (3) Design of diaphragm stiffeners should be
based on the same principles as that of the web stiffeners.
However, since no tension field strength is utilized, and
since relatively heavy plate thickness will generally be
used in diaphragms designed in accordance with these
recommendations, there appears to be little justification
for the use of multiplier m.

Proposed limiting proportions of stub stifferers are
similar to those of "bracket plates” (see (G35) chapter
17).

() (2) See commentary on (C) (4)(a).

(G) (3) See commentary on (B) (2).

(G) (5) The weld at web-diaphragm boundary shall be
at least as strong as required by the shear capacity of
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the webs or the diaphragm at the joint, because of the
need for accommodation and redistribution of the shear
concentrations.
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Commentary on Article 1.7.216

(B) (3) This item pertains to planned curvature or
change of slope of flange, such as the overall vertical
curve of the bridge, or a haunch in the bottom flange.
Effects of geometric imperfections are presumed to be
covered by item (C).

(c) Criteria for the transverse-member strength re-
quired to enforce a nodal line in the compression flange
during its overall buckling, as given in literature, are
based on a single continuous strut on elastic supports
(G632, G37) or on treatment of the compression flange as
an orthotropic plate (Gll, G1l5, G48, Gll2). The results
and practical recommendations for the design vary widely,
depending on the approach and the assumptions used.

AASHTO specifications (G136) for compression flanges
based on the "strut on elastic supports" (G32, G37)
approach do not prescribe a lateral force, but give the
minimum rigidity of the transverse stiffener, see commen-
tary on item (D). The German DIN 4114 buckling specific-
ations (G16) stipulate a lateral force at the supports
of a compression strut of about one percent of the axial
force.

Leonhardt has made an investigation of the compres-
sion flange of a box girder (G48) and has found that the
lateral forces on transverse stiffeners may range from
2 to 6 percent of the axial force in the flange, see
commentary on Art. 1.7.213(C) (1) (e). However, it appears
that his assumptions are unrealistically severe, and the
resulting strengths and stiffnesses of the transverse
members would by far exceed those of the bottom flanges
of box girder bridges as commonly designed in this country
and in Germany.

On the other hand, research in Britain based on the
orthotropic plate approach (Gl112) has resulted in a rec-
ommendation by Horne of a lateral force on transverse
stiffeners of the order of 1/400 of the factored axial
flange force, P (private communication), to be multiplied
by a magnification factor of about 1.3 in practical cases.
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Based on this recommendation the current (1978) draft of
the new British bridge design specification BS 5400 (G1l51)
stipulates a transverse force equal to P/200, multiplied
by a similar magnification factor.

The writers believe that the recommended transverse
force of one percent of the axial load is appropriate and
conservative. The resulting sizes of transverse stiffen-
ers appear to be reasonably consistent with those obtained
by the "minimum rigidity" rule, Art. 1.7.216(D).

It should be noted that these criteria are mostly
academic in the design of the top flange transverse mem-
bers, since such members are governed in most cases by
the local traffic load requirements.

(D) The "minimum rigidity" requirement is given to
provide another check on the design of the transverse
members, and as a check on the rather uncertain value of
the "minimum strength" required. 1It is based on the
"strut on elastic supports" considerations (G32, G37) as
used in AASHTO, Art. 1.7.49, with modifications required
by the ultimate-load approach of the proposed rules.
Another modification relates to the number of consecutive
flange panels subject to the maximum compressive stress.
The AASHTO formula is based on the infinite number of
panel spans, corresponding to the coefficient of 0.25
(see G32, eq. 2-30) used in the derivation of the formula.
The formula proposed herein is based on a more realistic
assumption of three consecutive flange panels subject to
constant stress, with a corresponding coefficient of 0.33.
This leads to a somewhat smaller value for the required
minimum rigidity.

(E) (4) Spacing of transverse members of the top
flange is governed primarily by the direct local loading.
Spacing of the deck floorbeams will also be reflected in
the spacing of the bottom flange transverse members.
Bottom flange panels in compression may be further di-
vided into subpanels, as may be desirable to satisfy
criterion (4); however, the theoretically optimal close
spacing of the transverse stiffeners may not necessarily

be most economical. Proposed provisions for the design
N
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of bottom flanges in compression, Arts. 1.7.205 and
1.7.206, permit the design of the flange panels with any
spacing of the stiffeners, with the economy of the vari-
ous possible arrangements left to the judgment of the
designer. Therefore the specific requirements of the
AASHTO specifications, Art. 1.7.49(D) (4), regarding spac-
ing of transverse flange stiffeners have been replaced by
the more general wording-of criterion (E) (4).

(E) (5) Intermediate crossframes or transverse
bottom flange stiffeners are not required in short to
medium span composite box girder bridges of the pro-
portions defined in Art. 1.7.203 where design is in
accordance with folded plate theory (G37, G38).
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Commentary on Art., 1.7.217

(A) This provision corresponds to AASHTO Art. 1.7.49
(E).

!B! The need for proper bracing of composite box
girders during construction has been emphasized in a paper
by Poellot (G43).

{c) continuity of longitudinal stiffeners at trans-
verse splices of compression flanges is essential to ensure
the design strength of the flange. Where field bolted
flange splices are used, the splice plates at inside faces
of flange plate may be made discontinuous at longitudinal
stiffeners; alternatively longitudinal stiffeners may be
cut on both sides of the transverse flange splice plate
and the gap overbridged by a stiffener splice member.

Longitudinal web stiffeners provide rigid supports
for web subpanels and, therefore, their continuity is also
essential; however, the compression strength requirements
are less critical in the web than in the flange.

It has been pointed out to the writers that continuity
of longitudinal web stiffeners may unduly increase the cost
of the web field splices. Since web splice plates en-
hance the buckling strength of panels at splices, the
writers feel that exceptions to the longitudinal stiffener
continuity rule should be permitted if adequacy of the web
panel under consideration can be proven by rational anal-
ysis.

Provisions (1), (2) and (3) are similar to Art. 14.10
of the new German specification (G140). It is worth noting
that the collapse during erection of the Koblenz bridge
(B14, B15) was caused by the 18" long unwelded gaps between
longitudinal stiffeners and the bottom flange plate at
splice.
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Commentary on Article 2.10.46A

General

AASHTO Specifications (1977 Edition) contain provi-
sions for dimensional tolerance limits in Art. 2.10.47(B)
in Division II - Construction, Section 10 - Steel Struc-
tures, Subsection: Erection. Art. 2.10.47(B) pertains
to "Orthotropic-Deck Superstructures” only. The writers
propose to extend this Article to include box girders
with any type of deck, and to place this Article in Sub-
section: Fabrication, following Art. 2.10.46, and tenta-
tively designated 2.10.46A. Inasmuch as the AASHTO web
tolerance provisions are based on the AWS specifications
referred to in Art. 2.10.23, the proposed provisions of
Art. 2.10.46A should also apply to plate girder bridges.
Thus, this set of proposed rules may cover all steel
plate bridge structures.

Comparison of Dimensional Tolerance Specifications

It is of interest to compare and discuss briefly
the flatness and straightness tolerance provisions of
the various bridge specifications.

(A) AWS Specifications

Plate flatness provisions are given by the AWS
specifications (G157) for web panels only. The permissi-
ble web panel deviations from flatness (AWS Art. 9.23.1.2)
are quite liberal and range from d/130 to 4/67, depending
on transverse stiffener arrangement and the web slender-
ness, where 4 is the least panel dimension. The devia-
tion is measured from a straight edge of any length
greater than d, placed in any position on the web panel.

No provisions are given for box girder flanges.

Straightness provisions are given for '"welded col-
umns" in AWS Art. 3.5.1l.1. The permissible out-of-
straightness is given as 1/8 in. per 10 ft. length of
column, which is equivalent to a tolerance A = L/960.
This is close to the L/1000 tolerance for axially loaded
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members of the AISC specifications. Straightness of
transverse web stiffeners is governed by Art. 3.5.1l.11
specifying a tolerance of 1/2 in.

(B) AASHTO Specifications

Generally, the AWS dimensional tolerance limits
govern (see AASHTO Art. 2.10.47(B)), however, these pro-
visions have been modified for the web and flange panels
of "orthotropic deck superstructures" (Art. 2.10.47(B)(1)).
The maximum out-of-flatness is given as the greater of
D/144/ T (inch), or 3/16 inch, where T is plate thickness
and D is least dimension of the panel, or the distance
between points of contact of templet edge with panel, as
stipulated in the last sentence of the introductory para-
graph 2.10.47(B). The straight edge templet description
differs somewhat from that of the AWS specifications: it
may be any length not exceeding 1.5 times the least di-
mension of the panel, and may be placed in any position.

These out-of-flatness provisions are liberal, espe-
cially for subpanels of webs or flanges with close spac-
ing of stiffeners, where the minimum value of 3/16 in.
governs. For example, if stiffener spacing, w , is 18
inches (460 mm), the permissible tolerance of 3/16" is
w/96.

Stiffener straightness tolerance is given as L/480
for "longitudinal stiffeners subject to calculated com-
pressive stress" (Art. 2.10.47(B)(2)), and L/240 for
"transverse web stiffeners and other stiffeners not sub-
ject to calculated compressive stress" (Art. 2.10.47(B)
(3)). These values are appropriate (except, in the
writers' opinion, for transverse web stiffeners that may
be subject to compressive stress), if gage length, L, is
the length of stiffener between cross members. However,
if a shorter gage length, G<L, is used in establishing
the tolerance, as permitted in the last sentence of Art.
2.10.47(B), the actual out-of-straightness of the stiff-
ener at mid-length will be greater than L/480, which may
be unsafe for compression members. The writers elimina-
ted the possibility of such interpretation by stating in
proposed provision that the gage length must always be
L and not shorter.
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(C) British Specifications

The tolerance provisions of the "Interim Design and
Workmanship Rules"” (the "Merrison Rules"), Part IV (G1l3)
are very detailed and elaborate.

Plate panel flatness is measured by means of a spe-
cial adjustable scanning device consisting of a bar with
two prongs that may be positioned at a desired gage length
and a dial gage in between calibrated with respect to
straight line datum between the two prongs that have to
be in contact with the measured panel. In measuring the
governing plate imperfection [AX] the gage length is
constant. For panels with a/b > 3 the gage length is 2b,
where a and b are the longer and the shorter dimension of
the panel, respectively. The scanner is always positioned
parallel to the longer panel side and may be placed in any
location. The original idea behind this method of out-of-
flatness measurement was to check the governing “"ripple
component'", see Report on Task B of this contract, pg.

28, and Fig. B-5. Additionally, the imperfection [Ay]
has to be measured in direction of the shorter panel side,
within a distance b/6 from the transverse stiffener, with
a gage length equal to greatest length practicable within
stiffener spacing. The permissible deviations from flat-
ness is given by a formula that is a function of b, plate
thickness t, and gage length G. These tolerances are
quite small, and were considered restrictive. A meaning-
ful comparison with the AASHTO tolerances of Art. 2.10.47
(B) (2) is not possible because of differences in out-of-
flatness definition and methods of measurement.

The stiffener straightness tolerances of (G13) were
given as L/1200 to L/900, with gage length L equal to
stiffener length between supports.

These flatness and straightness provisions have been
criticised as difficult to satisfy in practice and unduly

increasing cost of box girder fabrication.

The fabrication provisions of the new British bridge
specifications, BS 5400, Part 6, have not yet (April 1979)
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been issued. According to the writers' information, the
stiffener straightness tolerance of L/750 will be stip-
ulated; the flatness provisions for plate panels will be
similar to those of (G13), but will be more liberal.

(D) German, Belgian, ECCS Specifications

The plate out-of-flatness tolerance for both webs
and flanges is specified as b/250 in the new German spec-
ification (G140) and in the Belgian specification (as re-
ported in (Cl4)), and b/250 with a maximum value of 4 mm
in the ECCS specification (G99), where b is the shorter
dimension of the panel. 1In the above specifications the
out-of-flatness is defined as the maximum offset from
the line perpendicular to the longer edges of the panel.

The stiffener out-of-straightness is limited to
L/500 in the Belgian and ECCS specifications, and L/400
in the German specification.

It should be noted that definitions and methods of
measurement of plate out-of-flatness are different in
each of the specifications A, B, C and D discussed above.

Specific Provisions

(A) The wording of this paragraph is taken unchanged
from Art. 2.10.47(B).

(B) (1) The writers believe that there should be no
distinction between tolerance requirements for webs of
orthotropic deck bridges and webs of box- or plate girder
structures with concrete decks, and propose that all
box- and plate girder webs be treated uniformly and sub-
ject to current AWS Specifications, in accordance with
the intent of the AASHTO Specifications, Art. 2.10.47(B).

Web strength is not much affected by out-of-flatness

(c14). Therefore the writers feel that the rather liber-
al current AWS provisions for webs are adequate. .
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(B) (2) (b) It is intended that out-of-flatness
should be measured as the distance from the surface
through the edge supports of the panel, with reference
to a constant gage length, D = b, similarly as in Europ-
ean specifications discussed above.

B) (2) (c Bottom flange panels in compression need
somewhat tighter tolerances than those given in current
AASHTO specifications, Art. 2.10.47 (B) (1), in order to
satisfy the assumptions made in determination of strength
in Articles 1.7.205 and 1.7.206. The value of b/200 is
considered appropriate (Cl4, F37). This tolerance is
somewhat more liberal than the b/250 value of European
specifications, see "Comparison", above.

Such tolerance limits are expected to be achieved in
normal fabrication of bottom flanges without special pre-
cautions, as may be concluded from some measurements made
on actual bridgework.

Massonnet and Janss made measurements on the web and
bottom plates of a composite box girder bridge under con-
struction in Polleur, Belgium (Cl5). The mean value of
A /b was 1/518 for web panels (b = 750 mm) and 1/479 for
flange panels (b = 600 mm). Out of 166 web and 83
flange measurements made only in 3 cases the specifica-
tion tolerance of b/250 was exceeded, and in no case was
the out-of-flatness greater than b/200.

NO6lke reports on stereo-photogrammetric measurements
of geometric imperfections of two German long span box
girder bridges (Cl7). Out of 2055 panel imperfection
measurements, 469 were on the 10 mm thick bottom flange
plate stiffened at intervals of 460 mm. The mean value
of A/b was 1/384; 5% of all panels measured had the
out-of-flatness greater than 1/127. The specification
requirement of A/b <1/250 was not met in 25% of all
flange measurements. This may be explained by the thin-
ness of the flange plate and the close spacing of stiff-
ener welds causing flange plate distortions, that would
not be expected with generally thicker flange plates and
a wider stiffener spacing in usual American construction
practice.
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B)(2) (d Panel flatness is not essential in ten-
sion flanges, except for aesthetic reasons. However, it
is important to note that portions of bottom flanges in
tension under working conditions may be in compression
during cantilever erection. Therefore application of
this provision should be subject to Engineer's approval.

(B8) (3) These provisions are taken unchanged: except
for clarification of distance D between points of templet
contact, from AASHTO specifications Art. 2.10.47(B)(1).
This article was originally intended for orthotropic decks
and webs of orthotropic deck structures. The writers
propose, for reasons given in commentary on Art. 2.10.46A
(B) (1), to limit these provisions to orthotropic decks
only, and to treat all webs uniformly in accordance with
AWS specifications.

These provisions are somewhat more restrictive than
the AWS web tolerances, yet they are still rather liberal
(see "Comparison of Dimensional Tolerances", above). The
writers saw no reason for tighter tolerances for ortho-
tropic deck plates, since their design is governed pri-
marily by local out~of-plane flexural stresses, the in-
plane axial compression strength being of secondary im-
portance.

The writers suggest that consideration be given in
future revisions of AASHTO Specifications to simpler rules,
of the kind proposed in Art. 2.10.46A(B) (2), for the sake
of uniformity in tolerance measurements.

(c) () (a) Straightness tolerance of L/500, close
enough to the AASHTO tolerance of L/480, is the stiffener
out-of-straightness assumed in determination of stiffened
panel strength in compression in Art. 1.7.206 (see com-~
mentary). This value is also in line with tolerances of
the new European specifications.

The value of LO in cases of elongated flange panels
(large L/b ratio, see Art. 1.7.206) is the approximate
actual buckling length of the stiffener, and should be
used as gage length in such cases. The value of LO is
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known from design and should be noted on contract draw-
ings, or given to the fabricator by the Engineer.

Vertical curvature contributes to the overall out~
of-straightness of the stiffener and should be included
in the L/500 allowance. Generally, this effect will be
small.

(c) (1) (b) Justification for doubled tolerance in
these cases is unimportance of straightness in tension
members, and, in haunches, presence of curvature accounted
for in the design. Longitudinal stiffeners of orthotropic
decks are governed by local flexural stresses, and much
less so by overall deck compression, which is usually far
from critical magnitude.

c)(1) (c Reasoning same as for (C) (1) (a)

(c) (1) (a) This case applies to intermediate trans-
verse web stiffeners in panels not utilizing tension
field strength.

(c) (1) (e) It is important to keep longitudinal
stiffeners in proper alignment to minimize secondary
flexural effects, see Art. 1l.7.216.

(c) (1) (£) The above reasoning does not apply in
tension zone of flange, hence increased tolerance.

(c)(2) Importance of gage length not smailer than

actual length of stiffener between supports has been dis-
cussed in comments on AASHTO Specifications, abcve.
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Commentary on Article 2.10.47

Deleted Section (B) Dimensional Tolerance Limits,
is replaced by Art. 2.,10.46A in Subsection: Fabrica-
tion, see commentary.

Commentary on Article 2.10.55A

Provisions of this Article and the commentary are
based on a draft prepared by J. Durkee, with modifica-
tions by the writers.

The need for thorough consideration of box girder
erection engineering and field supervision has been
underscored by the failure during construction of four
box girder bridges abroad:

a) The Fourth Danube Bridge, Vienna, where buckling
of bottom flange plates under-differential temperature
conditions resulted in the sagging and near collapse of
the structure, in November 1969 (B4);

b) The Milford Haven Bridge, Wales, where failure
of a bearing diaphragm over a pier, under unanticipated
erection stresses, caused collapse of the cantilevered
side span, in June 1970 (B5):

c) The West Gate Bridge, Melbourne, where careless
erection, improper alignment sequences, along with
deficiencies in communication between the Engineer's
design office, the Engineer's field representative and
the Contractor, led to collapse of a high-level 367-ft.
span, in October 1970 (B6 through B10):

d) The Koblenz Bridge, West Germany, where bottom
flange plate buckled under temporary compression load-
ing at the 18-inch long unwelded gaps between the
flange plate and the stiffeners at a field splice, pre-
cipitating collapse of a 177-ft. cantilevered portion
of the main span, in November 1971 (B13 through B18).
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The erection engineering of bridge structures is a
specialized technical art, not necessarily governed by
the same specifications for strength and stability appli-
cable to design; nor can the differences be covered
properly by simply "factoring" the provisions of the
design specifications. In normal U.S,., practice the safe-
ty and adequacy of a bridge structure under service load-
ings is the responsibility of the design engineer, where-
as the safety and adequacy of the structure during con-
struction is the responsibility of the Contractor.
Customary practice therefore calls for the Engineer to
review and comment on the Contractor's erection methods,
procedures, and strengthening and stabilizing measures,
but not to accept responsibility for the success of the
total erection program, since this depends heavily on
careful field implementation of the Contractor's erection
procedures.

Accordingly, the general erection provisions and
cautionary clauses given in this article are offered as
guidelines to alert all concerned to some of the erec-
tion engineering problems on which successful box-girder
construction may depend.

It may be noted that the use of the term "approval"
in the third paragraph of Art. 2.10.55A(1) is not
strictly correct in the writer's opinion (J.D.): how-
ever, this term, and in addition the statements incor-
porating it, are used as shown in order to retain con-
sistency with the usage in AASHTO Articles 2.10.53 and
2.10.54.

The writers believe that the following wording,
suggested by J. Durkee, would be more appropriate for
the third paragraph of Art. 2.10.552A (changes are under-
lined):

"The Contractor shall prepare and submit to
the Engineer for review and comment complete
erection plans ....

esee. Complete details with respect to such
strengthening and stabilizing shall be

174



submitted to the Engineer for xeview and comment.
No work shall be done by the Contractor until
Engineer's comments on erection procedures or
erection strengthening have been obtained. Any
differences of opinion between the Engineer and
the Contractor as to the structural adequacy

and safety of the box girders during erection
shall be resolved prior to the start of erection.
The concurrence of the Engineer shall not be
considered as relieving the Contractor of any
responsibility."

In the event that this revised wording is adopted
for proposed Article 2.10.55A, the wording of Articles
2.10.53 and 2.10.54 should be revised to be consistent
therewith. It is possible that statements elsewhere in
AASHTO Specifications would also have to be revised
similarly for consistency.

Bracing needs for composite girder bridges under
erection are discussed in (G43).

Article Number 2.10.55A is tentative. At the time
of adoption of these proposed provisions Articles in
Division II, Section 2.10 may have to be re-numbered and
re-arranged.
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ADDENDUM 1

PROPOSED REVISIONS OF REQUIREMENTS
FOR WEB STIFFENER RIGIDITIES

October 30, 1979

The following revisions are proposed in Art. 1.7.213:
Art. 1.7.213(C)(2) (pg. 76): revise mp=3 to read mp=l.5
Art. 1.7.213(D)(3) (pg. 80): revise m =7 to read mp=3

m =3 to read mL=l.5

COMMENTARY

1. LONGITUDINAL STIFFENERS

The use of magnification factor "m" in conjunction with
the coefficient ¥* (the theoretical minimum rigidity coeffi-
cient) was suggested by Massonnet (W46) and, subsequently
by Owen, Rockey, Skaloud (W54) and other researchers.

From tests on plate girders Massonnet has fcund that
longitudinal stiffeners having rigidity J* do not remain
straight, but begin to deflect laterally even under loading
smaller than the elastic critical buckling load. Lateral
deflection was satisfactorily eliminated by increasing the
stiffener rigidities by factors ranging from 3 to 7.
Massonnet's tests have also shown that such an increase of
stiffener rigidity resulted in an increase of the ultimate
strength of the girders up to 25%. Although the ultimate
strength was found to be of the order of 2 to 3 times that
of the values obtained by the elastic buckling theory,



this additional increase of strength was considered to be
of value, in view of the fact that the safety factors
against the theoretical web buckling stresses then in use
were 1.15 or 1.25 (W46). It should be noted that under
ultimate loads obtained in Massonnet's tests the stresses
computed by means of the usual formulas for elastic stress
analysis exceeded the yield strength of the material.

Based on test results Massonnet recommended increasing
the theoretically required stiffener rigidities for the
following reasons: (a) need to limit the lateral deforma-
tions of stiffened webs in the postbuckling range, in view
of the low factors of safety employed in customary design;
(b) desirability of increasing the ultimate strength of
plate girders.

Qualitative data on similar tests on horizontally
stiffened plate girders subject to flexure were reported
by Owen, Rockey, and Skaloud (W54). Girders with one line
and with two lines of horizontal stiffeners were tested.
Theoretical calculated stresses under the ultimate loads
were considerably in excess of the yield stress of the
material. In this connection it should be noted that
according to the proposed design provisions for box
girders, the ultimate strength of a box girder is governed
by the critical flange stress, Fu , which is always
smaller than the yield stress, see Fig. 1.7.206(A).

According to numerical data presented in (W54) the
increase in girder ultimate strength due to increase of
the longitudinal stiffener rigidity was as follows: for
girders with a single stiffener, with stiffener rigidities
increased by factors of 2 and 6, the corresponding increase
of the ultimate strength was about 3 and 7 percent, respec-
tively, compared with a strength corresponding to that of a
girder with the stiffener having the theoretically required
minimum rigidity, ¥*. For girders with two lines of hori-
zontal stiffeners, having rigidities multiplied by factors
of 3, 5, and 8, the corresponding strength increases were
obtained as 10, 12, and 14%, respectively. Regarding
deformations, tests show that lateral deflections of the
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stiffeners, beginning at low load values, tend to decrease
with increasing stiffener rigidities, and are effectively
checked by the higher values of the rigidity multiplier.

It is seen from the above data that the increase of
girder ultimate strength due to increasing longitudinal
stiffener rigidities above the theoretically required Y *
values is not very significant, and, when the multiplier
exceeds the value of 3,very little additional strength
accrues with further increase of the stiffener rigidity.
Also, it should be noted that there is no real need to
increase the ultimate strength of box girder webs to the
utmost limits, since, in accordance with the proposed rules,
the webs of box girders are designed with ample factors of
safety of about 2.0 against "design strength" set deliber-
ately short of the probable true ultimate web strength, as
discussed in Commentary on Art. 1.7.211. Therefore it
appears that ultimate web strength considerations do not
provide sufficient justification for the use of the in-
creased stiffener rigidities.

However, while the overall ultimate strength of the
web will certainly not be significantly impaired by
stiffeners with less than complete rigidity, the ratio of
the two web strength contributions, the "elastic" strength
and the "postbuckling" strength may be affected by the
degree of stiffener rigidity. According to the design model
of web behavior used in the proposed provisions (see
Articles 1.7.211, 1.7.212 and Commentaries) the elastic
buckling stresses, supplying the "elastic strength", shall
develop in the individual sub-~panels and shall remain
"locked in" through both the "elastic" and the "postbuckling"
stages of web loading. Therefore, to satisfy this assumption,
some control of excessive stiffener flexibility seems to be
indicated, to ensure formation and maintenance of the nodal
lines in the web. Otherwise, the'"postbuckling" strength
contribution (in the web portions loaded in flexure combined
with shear) may be unduly increased and may tax the capaci-
ties of the transverse stiffeners in excess of the values
for which they were designed.
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The writers feel that, for this purpose, the use of
the m-multipliers ranging from 1.5 to 3 (or about one-half
of the values proposed by Massonnet) should be adequate.

2. TRANSVERSE STIFFENERS

The use of magnification factor m=3 with the rigidity
coefficient ¥ * for transverse web stiffeners was made by
Massonnet, Skaloud, and Donea based on theoretical
investigations of a square plate loaded in shear with a
single vertical stiffener (W49, W53). Calculations made
by equations of large-deflection second order elastic
theory indicated that the theoretical critical elastic
buckling stress may be increased up to 20% above the
theoretical critical stress obtained by the first=-order
elastic buckling theory when the stiffener rigidity, ¥ * ,
is increased by a factor of m=3, or greater. Calculations,
confirmed by tests, have also shown that, while with m=1
about 95% of the critical stress (first-order theory) is
reached, the stiffener does not remain straight but deflects
laterally. However, if the stiffener rigidity is increased
by a factor of 3, the stiffener remains "practically
straight". Since straightness is of importance in the
post-buckling (inelastic) range, where the stiffener is
subject to axial stresses, Massonnet recommends that the
transverse stiffener rigidity should be ¥ = 3 ¥*.

Regarding application of this recommendation in the
proposed design rules for box girder webs the following
observations are pertinent:

a) the values of theoretical optimum rigidity, ¥ * ,
for transverse web stiffeners are not well defined and the
formulas given in literature (G-16, G107, G108, G1l13) vary
considerably. The writers chose ¥ * values that should be
regarded conservative for the usual cases of relatively
closely spaced transverse stiffeners (see Art. 1.7.213 and
Commentary) .

b) Proposed design provisions for the design of box
girder webs do not take full advantage of tension field
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strength reserves, and utilize only its lower-bound value
(the "true Basler" solution, see Commentary on Art. 1.7.211),
which may develop less than one-half of the web strength

of a comparable plate girder with rigid flanges.

It follows that, if a multiplication factor of 3 is
regarded appropriate for webs designed with full utilization
of tension field strength, a smaller factor should be suffi-
cient for webs with tension field capacity only partly
utilized.

‘Therefore the writers suggest the use of multiplier
mp=1.5 for transverse stiffeners of box girder webs.

According to provisions of proposed Art. 1.7.211(B) (1)
the designer has the option of disregarding tension field
strength altogether and using only the beam shear strength
of the web. In such cases additional stiffening of trans-
verse stiffeners ought not be required. However, since,in
- reality, there always may be some tension field action in
the web (see Commentary on Art. 1.7.211(B)(l)), it appears
prudent to use the mg multiplier in all cases.

In summary, a closer scrutiny of the background and
justification of the "m"-factors seemsto warrant their
reduction, in applicatlon to box girder webs, from the
values proposed by the writers in the original report of
June, 1979. This problem should be further re-evaluated
in light of future research and parametric studies of web
designs to be made. In all cases, the application of the

m"=-factors in the design should be subject to engineer’s
judgment, depending on the conditions at hand.
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PREFACE
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B.l. INTRODUCTION

Steel box girder bridges are an excellent solution for
moderate to long spans because of their structural efficien-
cy and aesthetic advantages. Recent research has supplied
much information on structural behavior and on new design
methods of box girders; however, this information is not
generally available to bridge engineers. Current American
design specifications do not adequately reflect the new de-
velopments in the field of design of box girder bridges and
do not offer sufficient guidance to the designers of such
structures.

This project was initiated with the purpose of allevi-
ating this deficiency. The project is subdivided into four
major tasks:

Task A - Compiling a bibliography of the subject;

Task B - Review oflcurrent specifications on steel box
girder bridges;

Task C - Discussion of problems requiring clarification;

Task D - Recommendations for the AASHTO specification

provisions for steel box girder bridges, based
on conclusions reached.

This report covers the objectives of Task B. It gives
a review and comparison of the provisions applicable to steel
box girder bridges as contained in the existing and proposed
American, British, German and ECCS (European Convention for
Constructional Steelwork) design specifications. A brief
review of the classical theory of buckling of plates is also
given since the design provisions of most of the existing de-
sign codes are based on this theory.

The design problems characteristic of box girders are
discussed in conjunction with their treatment by the specific
provisions of these specifications. Some of these problems
will be further discussed in the subsequent report on Task C.

References to literature given in parentheses, e.g. (Gl),
refer to bibliography in the report on Task A of this project.



This report was prepared by Roman Wolchuk, assisted by
H.Y. Wang. The writers wish to thank Prof. A. Ostapenko of
Lehigh University for his review of the report and helpful
suggestions.



B.2. APPLICATION OF CLASSICAL ELASTIC THEORY OF BUCKLING IN
THE DESIGN OF STEEL BOX GIRDERS

In the design of steel box girders the investigation of
structural stability is required, mainly, for the following
structural elements:

a) webs (subject to shear stress, flexural stress, or
combination of both);

b) compression flanges (subject primarily to axial
stresses).

The traditional tool for investigation of these compo-
nents of box girders has been the classical linear elastic
theory of buckling of plates (subsequently referred to as
"classical theory"). This theory is based on the concept of
instantaneous "bifurcation", or branching, of the load--la-
teral deflection diagram at the point of reaching the "crit-
ical buckling load" at which more than one equilibrium posi-
tion of the compressed element is possible. The value of
the theoretical critical stress, or "Euler" buckling stress,
is given by the familiar Euler hyperbola which is a function
of the slenderness of the compressed element. The mathemat-
ical theory of buckling of plates and its application to the
various specific problems have been developed by Timoshenko
(G32), Bleich (G33) and many others. A thorough discussion
of these developments is given in the "Guide to Stability De-
sign Criteria for Metal Structures" by the Structural Stabil-
ity Research Council (G30) and other sources (G35).

The engineering design application of the classical
theory of plate buckling is based on the assumption that

critical buckling stress = ultimate collapse stress
The classical theory rests on two basic assumptions:

1) unlimited validity of Hooke's law (i.e. material with
no plastic yield under high stress);

2) perfect flatness and purely axial loading of the mem-
ber.



The last condition requires that the plate elements have
no local dishing or other imperfections that would cause sec-
ondary flexural stresses; stiffeners, if used, must be placed
symmetrically on both sides of the plate, and must be per-
fectly straight. The member must also be free frcm any non-
uniformly distributed residual stresses.

The boundary conditions for plate elements are usually
given as "simply supported edges," or "edges restrained a-
gainst rotation." These boundary conditions require that the
edges of the plate remain straight, and are restrained a-
gainst movement perpendicular to the direction of the applied
axial load; however, there should be no restraint of the
plate edges against longitudinal movement in the direction
of the load. This condition is important and must be kept
in mind in the design of the individual plate panels between
longitudinal stiffeners.

The results obtained by the classical theory are valid
only if all above conditions are satisfied.

The design in accordance with the classical theory,
which assumes that all stresses and deformations in the
structure are linearly proportional to the applied loading,
up to the critical value of the loading, is usually based on
the "allowable stress" approach. Critical buckling stress
of the element under consideration is computed from theoret-
ical formulas, and the allowable stress is obtained by divi-
ding the critical value by the prescribed factor of safety.

In the design of webs under predominant shear, optimum
design requires transverse (vertical) stiffeners to be placed
at appropriate intervals. In the web zones near midspan of
the girder axial flexural stress predominates, and the stabi-
lity of the web panels between transverse stiffeners has to
be checked by formulas given in various references (G33, Gl6).
For compressive zones of the webs the value of critical buck-
ling stress may be substantially enhanced by longitudinal web
stiffeners. If only one longitudinal stiffener is used in
the web portion under pure flexural stress, its optimum loc-
ation for a symmetrical girder has been determined to be at
a distance of 1/5 of the web depth from the compression
flange. Deep girder webs may require the use of several
longitudinal stiffeners.



For combined bending and shear stresses in the webs, in
the vicinity of the supports of continuous girders, elastic
stability of the web is checked by interaction formulas
based on the "equivalent stress" concept (G33, Gl6). Inter-
action formulas are also available for the condition of bi-
axial compression without or with shear (G12, G99, G1l1l1l).

Formulas for the required rigidity of the transverse
and the longitudinal stiffeners are given in several sources
(G32, G33, G107, G108), and have been incorporated in the
design codes (Gl, Gl6, Gl17). The stiffeners may be of two
general types: a) "rigid" stiffeners, having sufficient rigi-
dity to remain straight under a load causing buckling of the
plate enclosed between the stiffeners. Such stiffeners have
a "minimum rigidity," characterized by the relative stiffen-
er/plate rigidity coefficient, designated y* , and, accord-
ing to elastic theory, are sufficiently rigid to enforce a
nodal line in the plate. The second type b), "flexible
stiffeners," have a rigidity, v , smaller than Yy * of type
"a", and bend together with the plate at buckling, but en-
force a higher critical buckling stress of the entire stif-
fened plate panel than that of the unstiffened panel. Dia-
grams giving the buckling coefficient, k , of the stiffened
panel as a function of the panel aspect ratio and the vari-
ous values of the stiffener rigidity coefficient, Y , have
been presented by Kloeppel, Scheer and Moeller for various
load cases and stiffener arrangements (G107, G108).

These methods have been developed primarily for the de-
sign of plate girder webs. It is interesting to note that
all provisions for plate stability of the German buckling
specifications DIN 4114 (Gl6, Gl17) are given under the head-
ing "Web Buckling of Plate Girders"; flanges are not men-
tioned at all, since a wide box girder is a relatively re-
cent type of construction.

For flanges of box girders subjected to predominant
compression combined with shear the same formulas and design
procedures developed for webs can be used.

However, in the design of the web panels subject to pre-
dominant compression, the aspect ratio a/b ("a" and "b" being
the length of the unloaded and the loaded edge, respectively)
is usually much greater than unity. For wide flanges, the
aspect ratio, a/b, of the flange panels between the transverse
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cross frames and the webs may be small (here "a" is the
transverse cross frame spacing and "b" is the width between
the webs). In such cases the "column behavior" rather than
the "plate behavior" may predominate as the value of a/b
decreases.

For an unstiffened flange with a/b = 1 the theoretical
"plate buckling load" is still 4.4 times greater than that
of a column of length a and width b. However, this ratio
decreases drastically when the panel is stiffened longitud-
inally, as is usually the case in practical design, and the
elastic buckling stress of the whole panel treated as a
plate will be only slightly greater than the critical stress
of the panel treated as a stiffened plate, since the signi-
ficance of support along the longitudinal edges "a" becomes
very small under such conditions. Thus, for a stiffened
flange, the "column behavior" is generally predominant, even
for panel aspect ratio greater than unity.

Therefore, such panels may be treated as a series of
columns, each consisting of a stiffener with an appropriate
effective width of the flange plate. Such method of design
of wide flanges, within the classical elastic approach, has
been introduced in the supplementary provisions of November
1973 to the DIN 4114 buckling specifications (G101, G102).

In application of the mathematical elastic theory to
the investigation of stability of steel structures the first
adjustment necessary is due to the fact that the elastic be-
havior of steel is limited by its characteristic yield
stress, o, . If a structural element of steel were geomet-
rically perfect and free from residual stresses, as discussed
above, its critical buckling stress would be given by the
Euler curve, up to the point where gz, = 0, (Point B, Fig.
B-~1), and would be constant and equal to the yield stress
for all values of the slenderness coefficient, A , smaller
than that corresponding to point B. However, in actual
structural elements, instead of such ideal elastic--idezl
plastic behavior, buckling at lower critical stresses is ob-
served for X values between 0.6 and 1.2, because of the ef-
fects of geometric imperfections and residual stresses.

For steel columns various "transition curves" between

the Euler curve and the yield stress plateau have been esta-~
blished for design purposes, based on theoretical consider-
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ations of the effects of the residual stresses, initial
crookedness, loading eccentricity, etc. (G30, G35). Similar
transition curves for plates have also been given in current
codes (Gl, G16); however these are based on assumed similar-
ity of plate buckling and column buckling, and not on rigor-
ous attempts to evaluate actual plate behavior. More recent
work on axially loaded plates (F5, F22) has shown that the
correlation between these curves in the transition zone,
actual tests, and computer simulated results on welded
plates is not very good, with transition curves giving gen-
erally too optimistic results. However for plates of high
slenderness ratio, with A greater than about 1.3 (corre-
sponding to b/t ratio of 70 for mild steel) the actual
strength of plate elements has been known to be greater than
that indicated by the elastic Euler curve.

The reason for these discrepancies is in the fact that
the behavior of actual plate elements under load is essen-
tially non-linear, that is: the stresses, strains, and de-
formations of the plate panels generally do not increase at
the same rate as the applied load. The non-linearity is due
to the changes of geometry under increasing loading (caused
by initial deformations), and the changes of material pro-
perties (partial yielding, affected by residual stresses
(G28)).

Unlike a column, which loses its compressive rigidity
and strength very rapidly and completely when the critical
load is reached, the plate loses its rigidity gradually as
it squashes or bows out, and it still retains considerable
strength after reaching the maximum value. Very slender
plate panels may exhibit no characteristic strength peak at
all, and may reach a load many times greater than the theor-
etical elastic Euler critical load ("post-buckling strength"),
as is shown schematically by the heavy line in Fig. B-1l. One
factor in such behavior is transverse membrane action mobi-
lized in the buckled plate due to the rigid supports at its
unloaded edges. Typical stress-strain curves of a plate pan-~
el, based on computer generated results with consideration of
initial out-of-flatness and local yielding, are given in Fig.
B-2., Some plate strength curves, obtained similarly, are
shown in Fig. B-3.

Because, as discussed above, the plate generally does
not exhibit the “snappy" behavior at failure, the term
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"buckling", usually associated with sudden loss of strength,
is not quite appropriate in describing structural failure of
actual plate elements. For the same reason such occasional-
ly used terms as "non-linear buckling theory" or "second or-
der buckling theory" applied to stability investigations
with consideration of geometric and material imperfections
should be considered misnomers, since buckling by bifurca-
tion can occur only in perfect plates. Thus, in treatment
of actual plates used in construction it is more appropriate
to speak of "plate strength" rather than "plate buckling”.

Behavior of plate elements under pure shear, such as in
the webs of the plate and box girders, is also non-linear,
and shows even greater discrepancies between the strength
predicted by the classical buckling theory and actual test
results. This is due to the well known "tension field ac-
tion", which has been first treated by Wagner (W16), then
by Basler (Wl1l) and further refined by several other research-
ers (W5, W21, W27, W28, W29, W30, W3l). A web plate collapse
model in shear according to Rockey (W5) is shown in Fig. B-4.

The recognition that webs in shear are much stronger
than predicted by the elastic theory and that web®buckling”
entails no catastrophic consequences in properly designed
plate girders has been reflected in lower factors of safety
against theoretical elastic buckling for girder webs than
for other parts of structures in all design codes.

Provisions based upon tension field approach have been
incorporated into the AISC (G24), AASHTO (Gl), and permitted
by several European specifications.

As is seen from the above discussion, the classical
buckling theory is a poor guide to strength prediction of
strength of steel plate members in compression. To gquote
from the conclusions of the 8th Congress of IABSE in 1968:
"The linear theory of plate stability is not an adequate ba-
sis for the design of struts and girders consisting of thin-
walled sections" (G31).

Yet, the classical theory still remains a handy refer-
ence tool in engineering calculations because of its rela-
tively simple design formulas which are well familiar to en-
gineers. This is especially true in some European countries,
like Germany, where much painstaking work has been accomp-
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lished in the past on developing elastic plate buckling for-
mulas for various cases (G107, G108), and where such formu-
las have been incorporated for several decades in the design
specifications.

Therefore, in view of the fact that comprehensive ulti-
mate strength models are not yet fully developed, and the
proposed new design methods are still far from perfect (G31,
G67, Gl04), the reluctance in such countries to make a radi-
cal departure from the customary methods is understandable.
Instead, as a temporary expedient, provisions have been pro-
posed to correct the shortcomings of the design methods
based on elastic theory by means of correction coefficients,
or by empirical adjustment of the safety factors for the
various cases (G31, G99, G67, Glll).

These methods are further discussed in Sections B.5
and B.6 of this report.

In this country plate design by ultimate methods has
been already introduced for webs of plate girders (Gl, G24).
Therefore it would be in the interest of consistency to at-
tempt to formulate the design methods based on ultimate load
considerations also for other plate elements of the box gir-
ders.



B.3. AMERICAN BRIDGE DESIGN SPECIFICATIONS

The AASHTO Standard Specifications for Highway Bridges
(G1) contain specific provisions for steel box girders only
for steel-concrete composite multi-box girder bridges of
"moderate length", subject to certain geometric limitations.
In practice the spans of such bridges range from 60 up to
about 200 feet. No specific design rules are given for box
girder bridges of other types and longer spans, but the gen-
eral design approach stipulated in the AASHTO code, and some
design provisions pertaining to plate girder bridges can be
applied to the design of steel box girders, with appropriate
modifications as judged necessary by the bridge designers.
These provisions are briefly discussed in this section.

B.3.1. General Design Philosophy

Section 7 on "Structural Steel Design" of Division I of
the present AASHTO Code is, essentially, based on the design
in accordance with the classical theory, with the "allowable
stresses" based on a "factor of safety" against reaching cer-
tain limiting stress values. These are: yield stress, Fy .
for axial or flexural tension:; yield stress in shear, equal
to 0.58 F,, , for members in shear; buckling stress, computed
in accordance with classical theory and using the AASHTO col-
umn and plate buckling curves, for members in compression.
The values of the factors of safety, F.S., vary, and are as
follows:

Stress Condition F.S.
tension Fy/0'55Fy = 1.82
compression in columns

(Interim 7, 1974, Table 1.7.1) 2.12
compression, flg. of box girders

(Art. 1.7.105) 1.82
shear, girder webs, gross sect. 0.58Fy/0.35Fy = 1.76
web buckling, shear

(minimum value) 1.48
web buckling, bending

(minimum value) 1.18



To account for certain less frequent load combinations
of dead load, live load, wind earth pressure, longitudinal
forces, and other effects, increased allowable stresses,
ranging from 125% to 150% of the basic allowable stress val-
ues, are permitted as stipulated in Table 1.2.22 (Interim 3,
1975).

Alternatively, for simple and continuous beam and gir-
der structures of "moderate'length (Art. 1.7.117) the "load
factor design" is permitted. Under this method, the members
are proportioned for prescribed multiples of the design
loads. The strength of each member must be at least equal
to the sum of individual load effects times their respective
multipliers. Thus, according to Art. 1.2.22 (Interim 3,
1975),

= { + +
Strength Y (BDD + BL(L I) BoCF - - .)

where Y is called the "load factor", equal to 1.3 for the
most important load cases; D, L, I, CF, etc. are the effects
of dead load, live load, impact, centrifugal force, and oth-
er load cases, and B; are the "load coefficients" to be used
with the individual load cases.

This method results in a more logical design and a more
consistent margin of safety of the structure since it per-
mits better evaluation of the relative uncertainty of the
individual loads. Thus, a lower load coefficient is assigned
to the dead load than to the live load.

However, actual safety of the structure depends, in an
equal degree, on the correct evaluation of the left side of
the equation, the "strength”, which is the maximum value of
the axial load, the moment, the shear, or the combination of
these effects which the member is capable of carrying. If,
for example, the strength of a plate element is defined as
reaching a "critical buckling stress" computed by the clas-
sical buckling theory (as is done in Art. 1.7.129 of the
AASHTO specifications), the true safety of the member may be
under- or overestimated, as discussed in Section B.2 of this
report.

The "load factor design" becomes the "ultimate strength

design" only if the strength of the member is estimated cor-
rectly, with consideration of actual ultimate behavior, af-
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fected by such factors as geometric imperfections, residual
stresses, post-buckling strength, etc.

Generally, the design theory and assumptions stipulated
for the "load factor design" in Art. 1.7.120 and 1.7.121
(elastic behavior of the structure, strain in flexural mem-
bers directly proportional to the distance from the neutral
axis) are not consistent with the ultimate behavior of the
elements of steel box girders (carrying capacity of steel
orthotropic decks, ultimate strength of webs, stresses and
ultimate strength of bottom flanges of the boxes, and other
cases of non-linear behavior).

A detailed discussion of the problems of ultimate de-
sign, as applied to box girders, will be given in Part C of
this report.

B.3.2. Design of Webs

a) Provisions Based on Classical Theory

These provisions are contained in Section on "Plate
Girders" and are given in Art. 1.7.70 through 1.7.73.

Provisions for maximum web slenderness for the various
grades of steel (depth/thickness ratio, D/t) are based on
formulas for plate buckling under pure bending stress. Spac-
ing of transverse stiffeners is governed by the consideration
of web buckling under pure shear.

The web slenderness may be increased if a longitudinal
stiffener is used, placed at a distance of D/5 from the com-
pression flange. This corresponds to the optimum location
for the case of pure flexure in the web. There is no provi-
sion for more than one longitudinal stiffener.

The required rigidities of the transverse and the long-
itudinal stiffeners are given by formulas derived from the
classical theory of plate buckling.

In practical design based on these provisions the fac-
tors of safety against reaching the theoretical plate buck-
ling stress depend on the actual stresses in the web and the
spacing of the stiffeners, and may be as small as 1.18 for
pure bending and 1.48 for pure shear. Such relatively low
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values are justified by the inherent postbuckling strength
of the web.

A thorough discussion of the origin of these prov131ons
is given in (G35), Chapter 8.

The web design specifications in this section of the
AASHTO code, obviously intended for simple span girders, do
not contain any provisions for the interaction of the shear
and the longitudinal stresses. Thus, if these rules were
applied to continuous girders, the combination of flexural
compression and shear over supports, with the factor of
safety against flexural buckling alone already being low,
may cause a stress condition exceeding the theoretical buck-
ling value.

It should also be noted that these web design provi-
sions, particularly regarding longitudinal stiffeners, would
not be applicable to girders with strongly unsymmetrical
sections, such as composite girders, or girders with ortho-
tropic steel decks, where a large portion of the web depth
may be in tension (or in compression).

b) Provisions Based on Ultimate Load Principle

Rules for the design of webs by a "tension field" meth-
od are given in Section on "Load Factor Design", Art. 1.7.124
through 1.7.128. The method used is based on the theory de-
veloped by Basler (W1, W2, W26).

The web capacity for shear is made up of two parts: the
beam action strength, given by the web carrying capacity
prior to buckling, and the postbuckling strength, developed
by the action of a diagonal tension field. The equations
for the ultimate strength of the web in shear given in Art.
1.7.124 (E) are based on somewhat simplified expressions of
the original formulas by Basler (G105).

For the simultaneous action of shear and bending an in-
teraction formula is given which calls for appropriate re-
duction of the shear capacity if certain proportion of the
ultimate moment is reached.

In its post-buckled, bent-out condition the portion of
the web in axial compression will lose some of its capacity
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to carry longitudinal flexural stress. The resultant shift
of the neutral axis toward the tension flange results in an
increase of the stress in the compression flange. The ex-

tent of this loss of capacity depends primarily on the lat-
eral deflection of the web, which ordinarily is a function

of the web slenderness ratio.

The slenderness ratio for webs stiffened with trans-
verse stiffeners only has been limited in the specification
by the criterion of fatigue of the web subject to fluctua-
ting "flapping" (out-of-plane deflection) under repeated
loading. It has been found that for web slenderness values
governed by this criterion the loss of longitudinal stress
carrying capacity is very small and may be neglected (Gl05).

If a longitudinal stiffener is used, placed at a dis-
tance of D/5 from the compression flange, the allowable web
slenderness is twice that for the webs without longitudinal
stiffeners, since it has been found that an appropriately .
strong stiffener sufficiently controls the lateral deflec-
tion of the web to assure acceptably linear stress distri-
bution in the post-buckling range. Formulas for the strength
of the longitudinal stiffener are based on the requirement
that it should act as a column to carry its share of the
longitudinal compressive stress in the web.

Minor modifications of these rules are given for the
webs of unsymmetrical and composite girders, and short span
composite box girders.

These provisions were intended for plate girders and
composite box girders of moderate spans, and are not ade-
quate for long span plate girders requiring very deep webs,
and for longer span box girders.

Among the problems requiring consideration for such ca-
ses are: the question of axial load shedding from the web to
compression flange in cases of deep and slender webs, the de-
sign of deep webs with multiple longitudinal stiffeners, the
effect of direct loads on the webs from the wheels of the
vehicles over the webs in orthotropic steel plate deck brid-
ges.



B.3.3 Flanges

a} Bottom Flanges

The AASHTO specifications did not contain any provi-
sions for bottom flanges of steel box girders until 1967
when provisions for composite box girder bridges were intro-
duced in the Interim Specifications. These were based on
the recommendations of the ad hoc committee chaired by A.H.
Mattock (G37, G38).

These provisions apply only to multi box composite box
girders subject to the following limitations: the boxes
must be straight, the skew, if any, should be small, the top
width of the box should be approximately equal to the dis-
tance at the top between two adjacent boxes, the inclination
of the webs to the vertical shall not exceed 1 to 4. The
box span should be "moderate", which is generally interpret-
ed as not exceeding 150 to 200 ft.

The design of flanges is based on elastic theory of
plate buckling discussed in Section B.2. Unstiffened flang-
es are designed as plates simply supported by the webs and
subjected to axial stress only. The "critical buckling
stress" is determined by the plate buckling curve defined in
Art. 1.7.129 (E). The curve has been based upon the assumed
behavior of plates in compression; however, as is seen from
Fig. B~3, it does not adequately reflect the actual behavior
of welded plates as established by subsequent research.

The specification recommends consideration of longitud-
inal stiffeners when the b/t ratio of the panels exceeds 45.
The design formulas for longitudinally stiffened panels are
based upon the treatment of ribbed plates by Timoshenko
(G32). Derivation of the design formulas is given in (G37).
Expressions for the buckling of the deck plate are given in
terms of the stiffener spacing, w. The rigidity of the long
itudinal stiffeners is determined by the chosen buckling co-
efficient for the plate k. If k = 4 , the stiffener rigidi-
ty is obtained such that the plate buckles between the stif-
feners, which remain straight. For smaller values of k
lighter longitudinal stiffeners are obtained, and the stif-
feners bend with the plate at buckling. The required rigi-
dity of the longitudinal stiffeners is considerably smaller

if they are used in conjunction with transverse stiffeners
(G64) .
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Aside from the basic shortcomings of the classical de-~
sign approach, discussed under B.2., the design formulas do
not take into account the effects of the flexural and tor-
sional shear in the bottom flanges coincident with the axial
flexural stress over the supports of continuous box girders,
possibly combined with the effects of compression in the
transverse direction of the flange due to the reactions of
the sloping webs at girder supports. However, in practical
cases, such effects of combined stresses may not be very im-
portant in short span structures of this type.

Secondary flexural stresses in the webs and in the bot-
tom flanges will occur due to the local transverse bending
of the deck, the torsional distortion of the boxes, and also
due to the vibrations that may be induced in the bottom
flanges by passing loads. Such stresses were investigated
by the committee, and the conclusion was reached that, for
the boxes with geometric limitations described above, and
with bottom flanges not wider than 20% of the span, such ad--
ditional stresses may be disregarded (G37, G38, G1l05).

The effective width of flange, according to AASHTO, is

taken as the full flange width if the ratio of girder span
(or the equivalent simple span) to the width between the
webs exceeds five and shall be limited to one fifth of the

" span if this ratio is smaller than five. This provision may

be unconservative, especially over the supports of continu-

ous girders (F13, Fl6, G28).

The AASHTO provisions for short span multicell box gir-
ders should not be applied to large steel box girder struc¢-
tures for which they were not intended. However, it should
be noted that in the section on "Orthotropic Deck Bridges".
Art. 1.7.143 ("Thickness of Plate Elements"), Paragraph (B)
on "plate elements of box girders, plate girders and trans-
verse beams" contains a reference to Art. 1.7.105, which
specifies the design of bottom flanges for short span boxes,
as described above. This could possibly imply that the a-
bove method could be applicable to bottom flanges of box
girders in general. Such erroneous misinterpretation should
be prevented by proper clarification in the specification.

b) Top Flanges

Top flanges of steel box girders may be either concrete
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or orthotropic steel decks. The discussion of the former is
outside the scope of this report; however, the design of the
steel deck is more directly connected with the design prob-
lems of other elements of steel box girders, and will be dis-
cussed here briefly.

Provisions for orthotropic decks are given in Section
"Orthotropic~Deck Bridges", Art. 1.7.139 through 1.7.148.

The design provisions for the deck design, based on the
Pelikan-Esslinger method (G106), follow essentially the rec-
ommendations of the AISC "Design Manual for Orthotropic
Steel Plate Deck Bridges" (G27). Commentary on these provi-
sions is given in (G45).

The AASHTO provisions are based on the "allowable stress"
approach, with a 25% stress increase permitted for super-pos-
ition of the local and the overall longitudinal stress in the
deck. Since future provisions for steel box girders will be
based on "load factor design'", the steel deck provisions
should be also appropriately revised, for consistency.

The heavily stiffened decks generally do not present
stability problems when subjected to longitudinal stresses.
However the characteristic feature of the deck design is the
combined action of the stresses in the plane of the deck
acting as the box girder flange, and the flexural stresses
in the deck plate and the ribs due to the wheel loads acting
perpendicularly to the deck surface. Since the deck under
local loads behaves non-linearly and possesses a large over-
load capacity (G27), the definition of the "design strength"
and the formulation of the load factor design rules may pre-
sent some problems.

B.3.4. Design Details, Fabrication, Erection

Provisions pertaining to the minimum thickness of plate
material, the maximum permissible slenderness of outstanding
ribs, and other detail specifications that may be applicable
to the design of steel box girders and their elements are
contained in many articles of the AASHTO specifications, un-
der various sections of the code. It would be advisable to
select and summarize such provisions applicable to box gir-
ders in a new section on "Box Girders".



General fabrication tolerances for welded structures
(flatness of plate panels, straightness of compression mem-
bers) are given in the AASHTO Specifications, Art. 2.10.23
(A), by reference to the current AWS provisions for bridges
(G103). The AWS provisions give only the flatness require-
ments for girder webs. However, in AASHTO Art. 2.10.48 (B)
special tolerances are stipulated for flatness of plate mem-
bers of orthotropic plate bridges, and also for straightness
of stiffeners of such structures. Since large orthotropic
deck bridges are, in most cases, box girders, the tolerances
of Art. 2.10.48 (B) would apply to such structures, includ-
ing the decks, the webs and the bottom flanges. These tol-
erances are regarded to be consistent with "normal bridge
fabricating methods" (G45). They are considerably more lib-
eral than those specified in Britain under the "Merrison
Rules", yet are generally more restrictive than the AWS
specifications for bridge work. Since it is considered im-
practical and undesirable to relate the specified tolerances
to the design provisions of box girders (G45, G64), the ques-
tion arises whether it is necessary and justified to have
smaller tolerances for box girders than for plate girder
bridges.

The provisions for erection given in Art. 2.10.55 are
generally adequate; however, in view of special problems
and past mishaps during erection of box girders, additicnal
provisions delineating more clearly the engineer's and the
contractor's responsibilities might be considered.

B.3.5. Conclusions

The present American specifications are not adequate
for the design of large steel box girder bridges. The prov-
isions of the AASHTO specifications are limited to multi-
box composite girders of moderate spans. The railroad bridge
specifications of the AREA (G5) have no provisions for box
girders.

The necessary additions and modifications of the AASHTO
specifications for box girder bridges are:

--new provisions for design of wide flanges subjected
to compression (with consideration of the effect of
the flexural and torsional shear);



--adaptation of the web design specifications based on
ultimate design approach to suit the particular re-
quirements of large box girders.

Further, provisions may be needed for the design of the
intermediate and bearing diaphragms and their interaction
with the webs and the flanges.

The design rules for orthotropic steel decks as parts
of box girder bridges should be made consistent with other
provisions for box girders.

Present AASHTO specifications contain general instruc-
tions regarding design analysis of box girders (Art. 1.7.139).
Whether and to what degree these instructions should be ex-
panded remains to be decided.

Fabrication tolerances for box girders should be re-
viewed with the objective of making them similar to those
for plate girders.

All provisions pertaining to steel box girders (both
composite and steel deck) should preferably be grouped in
one new section of the code on "Box Girders". This may re-
quire major editorial revisions of the entire AASHTO speci-
fication for steel bridges. Suggestions regarding this will
be presented in Part D of this report.
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B.4. BRITISH SPECIFICATIONS

B.4.1. Historical Background

The current British design specification for bridges
BS 153 (G6, G7) has provisions for solid web girders and for
plates in compression, but contains no specific design rules
for steel box girders.

Attention was focused on box girder bridges following
tragic collapses during construction of the Milford Haven
bridge in Wales (June 1970, 4 dead, 6 injured) and the West
Gate bridge in Australia (October 1970, 35 dead, 16 injured),
preceded by a non-fatal erection failure of the bridge over
the Danube in Vienna (November 1969), and followed by the
erection collapse of the Koblenz bridge in Germany (November
1971, 13 dead). These collapses will be discussed in more
detail in Part C of this report.

An investigative committee was appointed by the British
government in December 1970 with the purpose of examining
the circumstances leading to the collapse of the two British
designed structures, and the need for specific design and
erection rules to prevent such catastrophes in the future.
The committee was chaired by A.W. Merrison, Vice Chancellor
of the University of Bristol, and hence the guidelines for
the design and construction of box girder bridges resulting
from the work of this committee became known as the "Merrison
Rules".

Under the general guidance of the committee, a very in-
tense research effort was conducted with the participation
of several universities and consulting firms. The first
"Interim Report" of the committee (G8) was issued in 1971.
The report included, as its "Appendix A", the "Interim Design
Appraisal Rules" (G9) which were to be used for the evalua-
tion of the safety of British bridges of this type, already
in service or under construction. This is a very voluminous
document, to which numerous "addenda" and "corrigenda" were
being continuously added, due to the rush nature of the com-
mittee's work and the desire to make the results of new re-
search immediately available. The "Appraisal Rules" were
meant to serve primarily for checking existing designs and
not as a guide to new designs. Because of the unfortunate
circumstances that prompted their formulation, the rules
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were quite conservative, and much additional stiffening
work on existing structures had to be done as a result of
their application.

The final report of the committee was issued in 1973
(G10). The report emphasizes the need to make the knowledge
of structural behavior of box girder structures and its com-
ponents more readily accessible to the engineers designing
them through appropriate guidelines. Several procedural and
contractual recommendations are included in the report, such
as an independent check of the engineer's design by another
engineering organization, and an increased participation and
responsibility of the design engineer for the erection of
the box girder structures (G41l).

The "Interim Design and Workmanship Rules" presented
by the Merrison Committee are given in Appendix 1 to the re-
port (Gll, Gl2, Gl3). The report recommendations and the
"Interim Rules" have been made mandatory in Britain, until
a new British Standard! for bridges is issued.

The general outlines of these rules, which resulted
from two years of very intense theoretical and experimental
research work in Britain, were first presented and publicly
discussed at the international Conference on Steel Box Girder
Bridges in London, 1973 (B19). It was recognized that the
rules cover all important aspects of steel box girder design
and fill a vital need. However, the suitability of the rules
for practical design needs was questioned, because of their
large bulk (a total of 377 large size pages of text, formu-
las and graphs) and mathematical complexity. Also, several
provisions were judged to be difficult to comprehend, or
impractical.

Therefore, the Merrison Rules were not incorporated in
the interim draft of the new British bridge specification
B/116 which will supersede the 0ld BS 153 specification and
will govern bridges of all types, including box girders; how-
ever much of the Merrison material was utilized.

The first draft of the new section on steel bridges,
B/116/3, was completed in 1975 (G1l5). 1In this draft the
treatment of box girder structures has been considerably
simplified, compared with the Merrison Rules, by using a dif-
ferent basis for the design of compression flanges, and by
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omitting or modifying several controversial provisions.
However, this draft has not been found completely satisfac-
tory to the code committee, which has been since reorganized.

Work on the final draft of the British B/l116 specifica-
tion is now underway and is scheduled to be complieted :In
1978. '

B.4.2. Interim Design and Workmanship Rules (Merrison Rules

a) General, Design Philosophy

The Interim Design and Workmanship Rules (IDWR) (Gll1,
Gl2, G13) consist of four parts:

Part I - Loading and General Design Requirements
Part II - Design Rules
Part III - Basis for the Design Rules and for the De-

sign of Special Structures not within the
scope of Part II

Part IV

Materials and Workmanship

Part II presents "simplified rules" which may be used,
provided that tolerances specified in Part IV are maintained.
Part III contains the more complex formulas on which the
rules of Part II are based, and it may be used fcr more ac-
curate analysis.

The design is based on the load factor method of limit
state design. Two "limit states" are considered: collapse
and unserviceability. The factors used in the calculations
are:

Y, = factors on load
Y, = factors on strength

The design of the members in accordance with IDWR may
be described by the general expression:

strength ]
Y, 2 (actions)x (v,)
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where "strength" is the capacity of the member at its limit
condition being used as a criterion, and "actions" are the
forces, moments, shears or their combinations in the members
caused by applied loads. Factors Y, and Y, vary, depending
on loads and their combinations. Different values of Y co-
efficients are given for the "collapse" and for the "unser-
viceability" conditions.

Evaluation of 'collapse strength" requires determination
of the ultimate load capacity of the member, while service-
ability investigation must be based on stresses determined
by the elastic theory. Fatigue, which is considered a "ser-
viceability" condition, also requires the knowledge of the
stresses under working loads. Thus, both "ultimate design"
and "working stress design" are necessary.

It should be noted that under the IDWR rules fatigue
considerations are not limited to fluctuating tensile stres-
ses or alternating tension and compression, but include fluc-
tuating compression as well, which is treated with equal sev-
erity. This, in practice, may lead to situations where the
design of the compression elements of box girders may be gov-
erned by fatigue considerations, especially if severe stress
range restrictions on common welded details are imposed.

This may result in a design for generally low stress levels.
In such cases, considering the usual requirements for mini-
mum practical plate thicknesses and slenderness ratios, the
ultimate strength of the panels in compression, calculated
by the very elaborate methods presented, could be hardly
utilized economically.

In Section 6 on "Analysis" the special stress conditions
are listed which are to be considered in the design of box
girders (such as the effects of the torsional and distortional
warping stresses, torsional shear stresses, etc.) and some
formulas are given for such calculations.

This section also contains provisions for the "effective
width" of box girder flanges, based on the paper by Moffatt
and Dowling (F7, Fl16). However, the tabular values given
are applicable only to simple span girders. In order to ob-~
tain the important values of effective widths over supports
of continuous girders fairly elaborate calculations are nec-
cessary.
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b) Design_of Flanges

The design of unstiffened flange plates in compression
is based on an elastic large-deflection analysis of initial-
ly imperfect plates presented by Falconer and Chapman (Fl).
The most unfavorable condition for out-of~plane deformation
of such a plate occurs when the initial imperfections have
a sinusoidal shape with a half-wave length equal to the
theoretical length of the buckling mode, b (Fig. B-5). For
plates with a random dishing only the local "ripple compo-
nent" of the out-of-flatness within the length "b" matters
in determining the elastic behavior of the plate. The ef-
fect of residual stresses is accounted for by assuming an
equivalent additional geometric imperfection.

An axial load applied to such a plate caused not only
axial but also local flexural stresses in the plate, due to
its initial imperfections. According to the IDWR rules the
limit of "serviceability" is reached when the combined axial
and local flexural stresses reach yield stress in the sur-
face of the plate.

Computation of "serviceability" is based on purely e-
lastic considerations, not involving plasticity. For
"strength" of a panel a semi-empirical formula is given,
based on an ultimate behavior model of the plate, with con-
sideration of combined action of axial stress and shear, if
shear is also present.

Design calculations based on this method are very labor-
ious, requiring the use of complex formulas, numerous graphs
and iteration procedures.

tion of the panel properties as an orthotropic plate. The
panel is then treated as a series of individual struts con-
sisting of the stiffening ribs and an appropriate width of
the deck plate. The participation of the deck plate is ob-
tained using the concept of "tangent stiffness", Kp , of the
plate, which changes with the level of the stress. The
stresses in the individual struts are magnified by the effect
of the assumed initial curvature of the strut and by the ef-
fect of residual stresses. The limiting condition is deemed
to be reached when the maximum "boundary stress" in the plat-
ing reaches the yield stress, or the maximum stress at the
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top of the stiffener reaches the torsional buckling stress
of the stiffener. Again, all calculations are within the
elastic theory only. Thus the plastic strength reserves
are not utilized.

- The design formulas and procedures for stiffened plate
calculations are exceedingly complex, and certainly too cum-
bersome to be adopted for engineering office use. Numerical
tables provided in Part II of IDWR, derived from these for-
mulas, partly alleviate this situation. '

It is interesting to note that the Merrison Rules,
which are otherwise so comprehensive in treatment of the
various components of box girders, do not contain any provi-
sions for orthotropic steel plate decks acting as top flanges
of box girder bridges.

c) Design of Webs

Webs may be designed for combined flexural and shear
stresses, or, alternatively, for shear stresses alone, in
which case the flexural stress from the web must be assumed
to be shed to the flanges. The design for an arbitrary pro-
portion of the longitudinal flexural stress in the web, from
zero to full flexural capacity of the web, is also permitted.

, Distinction is made between web panels unrestrained and
restrained against in-plane deformation, depending on the
panel location in the web and the relative rigidity of the
flange.

The strength check of the individual web panels in
Part II of the rules is based on parametric studies of plates
under combined action of axial stress and shear prepared for
the Merrison Committee by Richmond (W14, G53). Design charts
based on these criteria for the determination of the web
strength under various conditions of loading (combinations
of axial stress with shear), edge restraint of the panels
and stiffener arrangement are given in Part II, Section 9.
Comparison with the theoretical strengths based on conven-
tional elastic buckling design shows that the IDWR charts
give somewhat lower values for low slenderness ratios and
higher values for high slenderness ratios (b/t over about 70
for carbon steel), which indicates that post-buckling
strength has been given consideration.
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Web design in accordance with Part III is based on es-
sentially the same criteria as presented for the design of
the unstiffened flange panels.

The web panels are assumed to be incapable of carrying
the wheel loads or other loads causing direct compressive
stresses perpendicular to the longitudinal flexural stresses,
and, at the same time to participate in the tension field
action.

Therefore, the web sections at the web/flange junctions
must be specially reinforced in order to act as beams be-
tween the nearest deck cross frames, or else additional long-
itudinal deck members must be placed parallel to the web.

Special attention is paid to the design of the webs at
the web/diaphragm junctions at the supports of box girders.
Theoretical studies conducted in connection with the Merri-
son research program (G53, W14) have shown that the shear
distribution in the web at these locations is non-uniform,
and that the bottom portion of the web is subject to high
shear stress peaks. For this reason additional web stiffen-
ing over the supports is required by the specification.

The web design method used in the IDWR has been judged
to be conservative, in comparison with the results obtained
by the ultimate load methods (G53).

d) Design of Diaphragms

Because of the diaphragm failure which caused the col-
lapse of the Milford-Haven bridge during erection (G8, G1l0),
the design of diaphragms has received much attention in the ¢
research programs of the Merrison Committee. Many tests,
two- and three-dimensional finite element stress analyses
and parametric design studies have been conducted for the
unstiffened and the stiffened diaphragms to determine the
stress distribution and the interaction of the diaphragms
with the webs and the flanges of the girders. The rules
given in Part II and Part III of the IDWR are the result of
this research.

The formulas and design graphs given in Part II pertain

to rectangular or trapezoidal support diaphragms having edges
inclined not more than 30 to the vertical. Formulas and
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rules are given for the distribution of the vertical stress-
es due to the bearing reactions as a function of the height
of the diaphragm, the horizontal stresses in the diaphragm
acting as a deep beam, depending on the location of the
bearings, the irregular shear flow distribution along the
web/diaphragm intersection, the out-of-plane bending of the
diaphragm due to bearing eccentricities, etc. The rules

for the required minimum rigidities of the primary and sec-
ondary stiffeners are also given. The Part II rules result
in a generally conservative design.

Diaphragms with the sides inclined more than 30° to the
vertical (boxes of such shapes have been often used by Bri-
tish designers), and diaphragms of multi-cell boxes present
special problems and must be designed in accordance with the
general rules of Part III of the specifications. These rules
allow for plastic redistribution of stresses and permit more
economical design (Dé6).

As in most other parts of the Merrison Rules, the for-
mulas and expressions derived both from theoretical consid-
erations and empirical findings, are lengthy and involved,
and the rules are far from simple in their application.

Some clues to their interpretation are given in numerical
examples that were given at the CONSTRADO seminars on Merri-

(
son Rules (D2, D3).

A more detailed discussion of the design problems of
diaphragms will be given in Part C of this report.

e) Residual Stresses

Section 7 on "Residual Stresses due to Welding" gives
formulas for the calculation of the expected magnitude of
the residual stresses in compressive plate elements with
welded stiffeners, as a function of the weld size, number of
welding passes, the method of welding (continuous or inter-
mittent, one or both sides of stiffeners simultaneously),
etc. The designer should consider the effects of residual
stresses on the strength of the compression members and shall
fully specify on his drawings the weld dispositions, sizes
and details of all welds, or "shall require the fabricator
to demonstrate [in accordance with the provisions of Part V]~
that the welding arrangements to be used will not produce
calculated residual stresses in excess of those allowed for
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in the design".

In the design of compression elements in accordance
with Part II, the "characteristic strengths" of the panels
may be obtained from graphs and tables in which an allowance
for the residual stresses is already included, but correc-
tions are required if residual stresses exceed the assumed
values.

These provisions were strongly criticized at the 1973
steel box girder conference in London (G53, discussion). It
has been pointed out that the welding residual stresses, de-
pending on very many variables, cannot be reliably predicted
by theoretical formulas, that the designer has no knowledge
of the welding methods that may be emploved by the fabrica-
tor, and that the effect of the welding residual stresses
on the strength of the plating is altogether tooc little
known and too uncertain to be individually calculated for
each case.

f) Pabrication Tolerances

The tolerances for the flatness of plate pansls and the
straightness of stiffeners given in Part IV are very restric-
tive. For measuring plate flatness special scanning gages
must be used with a gage length dependent on the spacing of
the stiffeners, in order to assess the "ripple components"
of the imperfections, discussed under B.4.2.b., above. The
IDWR rules for tolerance implementation are quite elaborate.
Therefore, a direct comparison between the IDWR and the
AASHTO tolerances (as given in AASHTO Art. 2.10.48 B) is dif-
ficult to make because of different criteria used. However,
generally the IDWR plate tolerances are from 1.5 to 4 times
smaller than those of AASHTO.

For stiffener straightness the IDWR rules prescribe a
maximum deviation of L/900 or L/1200, for direction towards
the inside of the box, or away from it, respectively, as a-
gainst L/480 of AASHTO.

The Merrison tolerance provisions have been criticized
by fabricators as very costly and impractical. It should
also be kept in mind that there is a trade-off between the
geometric imperfections and the residual stresses, and that
any attempts to flatten or straighten the fabricated elements
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by spot heating or by mechanical bending will introduce ad-
ditional residual stresses whose magnitude and effects are
impossible to assess.

g)_General Evaluation and Conclusions

No design specification, its intent and the meaning
and origin of its formulas can be fully understood without
a properly detailed commentary. Such commentary to the
Merrison Rules was intended to be prepared, but, as it be-~
came clear that the rules, as given in the IDWR, could not
become the final specification for steel box girder bridges,
the project of writing the commentary was abandoned.

The closest clue to the design philosophy, the origin
of the rules and the research directly supporting them is
given in the basic paper by the two members of the Merrison
Committee who were the actual authors of the Rules, Dr. A.R.
Flint and Prof. M.R. Horne (G53). In this paper, which was
certainly the highlight of the 1973 Conference on Box Gir-
ders in London, the authors summarize the astonishingly
great amount of research done on the individual problems of
box girder design and indicate in a general way its applica-
tion in the IDWR to the design of the webs, flanges, dia-
phragms, etc.

Much explanatory information can also be found in the
lectures of the 5-day seminars organized one year later by
CONSTRADO to acquaint the engineers with the new and little
understood rules (see bibliography entries referring to the
Course on Merrison Rules, 1974); however, these lectures
dealt more with design applications of the Rules rather than
with explaining their background.

Thus, when the IDWR were first presented in 1973, they
were received with a mixture of admiration for the immensity
of the research work accomplished within a short period of
time, and bafflement at the complexity and general incompre-
hensibility of the rules. This attitude is best expressed
in the words of the official Reporter General (A.J. Harris)
of the 1973 Conference Session at which the Flint-Horne pa-
per was presented (G53, discussion, pg. 209-210), who sum-
marized his impressions as follows:

"How can I summarize a summary? Let me therefore say,
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not that I could not understand a word, which would be quite
wrong, for the words are eminently comprehensible, but that
these are a series of design rules, based on extensive re-
search and its analytical investigations, which I find re-
condite, arcane, if not hermetic. . . . The draft design
rules are first class. The tests have added immensely to
the understanding of box girder bridges. My only reserva-
tion is that the deeper one gets into the document the more
remote one seems to be from the realities; those expressions
do perhaps conceal rather than reveal."

The general significance of the Merrison research and
the Merrison Rules may be not as much in their practical
use for the engineering design purposes, as in the fact
that many characteristic features of the box girder struc-
tural behavior were first correctly identified, and an at-
tempt has been made to present and to treat these features
in a comprehensive manner, thus paving the way for further
development of more practical design specificatiomns.

B.4.3. B/116/3 Specification, 1975 Draft

a) General

This draft was completed on behalf of B/116 Specifica-
tion Committee in July 1975 (G1l5), and was discussed at the
committee meeting in December 1975. Because of the diver-
gence of opinions among the committee members on several ba-
sic questions, the draft was not approved, and work on a new
draft was started after the committee was reorganized. Nev-
ertheless, this draft is discussed here because it gives an
indication of the general design philosophy of the "post-
Merrison" period and illustrates the treatment of the vari-
ous specific problems.

Specification B/116/3 is for the "Design of Steel Brid-
ges" and includes all types of steel structures, not only
box girders. Some problems are treated in other Parts of
the general B/116 bridge specification (Part 2 - Loading,
Part 4 - Fatigue, Part 9 - Supplement to Part 3 for special
cases of steel bridges), and references are made to these
Parts in Part 3 which is discussed here.

Part 3 contains 15 sections, and only a brief Section 13
is devoted specifically to box girders. However, provisions
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relevant to box girder design problems are contained in sev-
eral other sections, and will be discussed briefly. The
draft does not present the specification in its proposed
final form; it is incomplete in several clauses, occasional-
ly inconsistent or unclear in its provisions (for example

in its treatment of tension field action in the design of the
webs), and contains many editorial remarks suggesting future
formulation or refinements to be added later.

The B/116/3 code is meant to cover "the bridges and
bridge components in common use". Clauses related to "less
common design problems" and alternative approaches to design
are contained in Part 9 (Special Cases).

b) Design Philosophy, General Provisions

These subjects are treated in Section 1 (Scope, Defini-
tions, and Limit State Philosophy) and 2 (Design, General).

states": the "ultimate limit state" and the "unserviceabili-
ty limit state”. However, the "unserviceability" condition
is downplayed in this draft; the proof of "serviceability"

is required in only a few cases. Clause 1.6.2. states: "in
most situations this {serviceabilityl limit state is automat-
ically satisfied when the prior requirements of the ultimate
limit state are met".

The basic design formula, which may be expressed as:
(factored strength) > (factored actions of loads)

is the same as in the Merrison Rules (see Section B.4.2.a.
of this report); however, the nomenclature and designations
are considerably more complex.

On the left ("strength") side of the equation distinc-
tion is being made between the "characteristic strength" and
the "design strength". Thus there is the "characteristic
yield strength”, oy , corresponding to F_, , or nominal yield
stress, such as 36 ksi (250 N/mmz) for Agé steel, and Oy
designated as "design yield strength", which is defined as
0y/Yme+ Yme being the "partial safety factor on steel
strength”. It is suggested that only the latter value be
used in all calculations, and that, to avoid confusion ,
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only the term "design yield strengt
code.

be used throughout the

On the right hand side of the equation the contribution
of each load has to be multiplied not by one (as in Merrison)
but by two "partial safety factors on loads", namely vy, which
accounts for the variability of loading, and Yf , to account
for "variability in analyzing the effects of the loads”
(2.7.1.2) (The numbers in brackets refer to clauses of
B/116/3.) This "analysis uncertainty factor" is suggested
to be not less than 1.1. -

The factors Y3 and Y, come in two varieties -- for
"strength" and for "serviceability" computations.

The right hand side of the equation is generally called
the "design stress" (1.4.10).

The semantics, although carefully explained, appears
to be rather confusing to the engineer, and the piling up
of the partial vy factors seems to be unwarranted and need-
lessly complicating the design calculations.

In an attempt at consistency, fatigue is also interpre-
ted as a limit state concept (1.6.3), and both the "ultimate"
and "serviceability" limits are expressed as percentages of
probability of failure. How this concept should be transla-
ted in terms of acceptable stress ranges is not explained.

In view of the generally vague and uncertain knowledge of
fatigue phenomena and even more cloudy forecasting of loads
likely to occur during the service life of a bridge, this
refined two-stage approach to fatigue design must be termed
academic.

dance with "elastic analysis methods" (2.6.1.1). In calcu-
lation of moments, axial forces and shears, the effects of
shear lag may be ignored (2.6.1.2).

tion, "a permanent set of up to 10% of the elastic deflec-
tion" should be assumed for welded structures to allow for
the relaxation of welding residual stresses during first

loading. This permanent set should also be allowed for in
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erection calculations" (2.6.1.4).

cation of specific methods of analysis are not given in this
code. (2.1.1)

implicitly, through the appropriate values of the y-factors.
Thus, unlike under Merrison Rules, no quantitative computa-
tions of these effects by the designer are required (2.4.5).

c) Effective Sections

In this code the reduction of the strength or stiffness
of an element due to a) local buckling, b) effect of shear
lag or c¢) bolt holes is accounted for by an appropriate "ef-

fective section" of the member (4.1). An "effective section"
for strength is always treated as such section that does not
have its capacity reduced by local buckling, so that its

strength equals to "effective cross section" times the yield
stress (5.1.4.2). Applied to plate panels, this corresponds

to a b/t ratio of about 22 for carbon steel (see Fig. B-3).

The reduced effective width of plate elements due to
of plate strength expressed in terms of "effective width"
(F19). Provisions of this clause make distinction between
two kinds of effective width: the "strength effective width",
Kgb , and the "secant effective width", Kib , the latter be-
ing in turn defined in terms of the "tangent effective width".
However, according to the note to these provisions, the dif-
ferentiation between Kg and K is not really essential. (To
the writer's knowledge only one kind of K for the purposes
of local buckling considerations has been used in subsequent
drafts.)

The end result for design purposes is a diagram (Fig.
4.1 of Clause 4) showing the relationship between the K-co-
efficients and the b/t ratio of the plate element. These are,
in effect, "plate strength curves", similar to those given in
Fig. B-3 of this report. In the draft reviewed here Fig. 4.1
is given only in a schematic way. The effect of coincident
shear (based on the Von Mises "equivalent stress" formula)
is considered by means of a correction diagram.
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Effective width due to shear lag (4.3) is based on the
tabular values given in the paper by Moffatt and Dowling
(F16). These tables are, indirectly, applicable to contin-
uous spans, and, in this sense, they constitute an improve-
ment over the procedures given in the Merrison Rules (see
‘B.4.2a of this report). Further simplification of the ef-
fective width data by means of curves has been suggested

(F13, Fl6-discussion).

The use of separate effective width values for the
stress and for the deflection calculations is proposed
(4.3.2).

d) Compression Flanges

These are treated under Section 5 on "Compression Ele-
ments"”.

pression, or compression with shear is given by:

Pp = Kgbto, (5.3.5),
where K is the effective width coefficient to be taken from
Fig. 4.1 (see above).

It should be noted that the concept of the plate
strength based on the maximum surface stress equal to yield,
as used in the Merrison Rules (see Sect. B.4.2.6)}, has been
abandoned.

ment of the panel as a series of struts, with the effective
width of plate acting with each stiffener determined in ac-
cordance with Fig. 4.1 of the specification. The struts are
designed by the modified Perry formula (F8, F19), which is
based on consideration of a column with an initial curvature.
The value of the coefficient a to be used in the Perry for-
mula applied to struts given in (5.4.5.1) is a function of
the strut geometry, length, and assumed geometrical out-of-
straightness,A . Because these parameters are subject to
wide variations, depending on the design case, a wide range
of the values of a is obtained, which is equivalent to as
many "column curves" to be used by the designer. Because of
the several over-conservative assumptions inherent in this
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method, the results obtained appear to be very much on the
safe side.

The effect of the non-uniform stress distribution a-
cross the flange due to shear lag is ignored if 'the peak
stress at the webs does not exceed the mean stress by more
than 20% (5.4.5.2). Where the peak stress exceeds the mean
stress by more than 20% "the design capacity { of the flange}
should be increased to carry an extra design load of 80% of
such excess". These rules are arbitrary, although there is
evidence that plastic redistribution of stresses in the
flange under ultimate load conditions may take place without
prior failure of the more highly stressed stiffeners (G44,
F25). However, the conditions under which such redistribu-
tion may be safely counted upon remain to be clarified.

posed as follows (5.1.2):
Element | Grade of Steel
43 50 55

(9,=215-280 N/mn?) (325-355) (400-450)

Plate panels, welded, b/t < 80 70 60

Plate panels, stress relieved b/t < 90 80 70

Stiffened panels as struts, 1/r< 85 75 70

Orthotropic deck ribs, incl. eff.

width of plate, 1l/r < 60 55 50
(11.2.4)

Open stiffener sections should be capable of reaching
yield stress without local torsional buckling (5.1.2.4).
Limiting values of the "effective slenderness" of such stif-
feners and formulas for the effective slenderness are given.

e) Tension Flanges

In determining the design capacity of box girder ten-
sion flanges two options are permitted:
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Method 1 (7.4.3.1) stipulates computation of the stress
and—tié_é;fgczs_dg ;ﬁt-of—plane loads. The design strength
is determined by a condition under which the maximum equiva-
lent stress, 0, , reaches the design yield stress.

be ignored).

It is interesting to note that the ultimate design
treatment of a tension flange is different from that of a
compression flange. In the design of a tension flange the
designer is given a choice (Method 1 or 2) whether to use
or not to use plastic redistribution of the stresses, while
in the treatment of a compression flange plastic redistribu-
tion is to be taken for granted. The reason for the more
cautious treatment of the tension flange is not explained;
however the clue may possibly be in (7.4.2.1) where it is
stipulated that "the yielding zone should be kept well-clear
of any bolted or riveted splice. Any splices in the neigh-
borhood of such a zone should be designed to have a design
capacity 20% in excess of the factored design load of the
splice". This may be due to a possible loss of the friction-
type splice efficiency caused by the thinning of the gripped
plate under the effects of the local yielding at the bolts
(Ge0).

stipulated as follows: 1/r < 120 for stiffeners, b/t< 120 for
plate panels (7.2.1, 7.2.3). This is based upon the "bend-
flange to avoid following the curvature of the beam by pul-
ling closer to the neutral axis of the box girder and adopt-
ing a greater radius of curvature away from the webs ("flange
curling"). '

excitation. should also be considered.
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f) Oxrthotropic Decks

Welded steel decks are treated in Section 11 of the
specification.

Similarly as in the AISC Manual (G27), distinction is
made between primary (girder flange action), secondary (rib
grillage bending) and tertiary stresses (local plate bend-
ing).

In the calculation of primary stresses shear lag should
be considered (11.3.2).

In combining the primary and secondary stresses in
stringers the following interaction formula should be used
(11.4):

Pp My ©

where Pa and M are actual load-factored axial force and mo-
ment in ribs, and Pp and Mp are the respective capacities.

The axial load capacity, Pp , shall be determined in
the same manner as prescribed for stiffened bottom flanges
(see B.4.3.4, above). The moment capacity, My , is defined
by reaching the yield stress in the deck plate or in the tip
of the stiffener.

It should be noted that for the combination of the pri-
mary and secondary stresses the AASHTO code permits a 25%
stress increase, to account for the small probability of such
stress combination and the large overload capacity of the
deck (G27).

No such attempt is visible here, unless lower load fac-
tors have been prescribed to be used in computing the values
of P, and M ; however, the intended Y-values are not avail-
able.

Similarly, in the design of the deck plate under com-
bined effects of all three stress systems it is stipulated
that the combined equivalent stress, o, should not exceed
o, - However, in calculating the stresses for fatigue as-
s&ssment, the effect of the wearing surface acting composite-
ly with the deck may be considered (11.6.2).
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The deck plate deflection between the ribs is limited
to 1/300 of the plate span, similarly as in the AASHTO spec-
ifications.

g) Webs

Compared with other sections of this draft of B/11l6
Code, Section 6 on "Design of Plate Webs" appears to be ra-
ther tentative and incomplete. It is understood that major
revisions will be made in the final version.

Similarly as in the Merrison Rules (see Section B.4.2.c
above), the designer has the option of designing the web for
combined flexure and shear, or for shear only, with the long-
itudinal stresses shed (fully or partially) to the flanges
(6.1c).

No distinction is made between '"plate girder” and "box
girder" webs.

Because the tension field strength is partially uti-
lized, the webs are considered to be incapable of carrying
direct transverse wheel loads, and special reinforcement for
such loads is required (6.2.2). However, in an editorial
note, the question is raised whether this provision should
be relaxed for stocky webs.

Design rules are given for unstiffened, transversely
stiffened, and transversely and longitudinally stiffened
webs.

For unstiffened webs (subject to slenderness limitations)

an interaction table 6.1 gives the allowable values of shear
with coincident axial stress.

"panels restrained against in-plane deformation" for which
strength curves for the various load combinations and slen-
derness ratios are given in interaction diagrams Fig. 6.5
through 6.8. These have been taken over directly from the
Merrison Rules Part II (see Section B.4.2.c of this report).
To satisfy the condition of web panel restraint the flanges
must have a certain minimum relative rigidity (6.5.1).
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have to be designed with the panels next to compression

- flanges to be "compact", i.e. they must reach yield in shear,
or combined compression and shear prior to reaching the the-
oretical buckling load (6.6.2a). This requires a very low
slenderness ratio of the outside panels in the web compres-
sion zones. The inside web panels are designed as "re-
strained" panels, in accordance with the rules discussed a-
bove.

_— T

sub-panel may develop its full individual strength. Thus,
both the transverse and the longitudinal stiffeners are to
be designed for the effects of destabilizing forces (given
by equivalent axial loads and bending moments on the stif-
feners). In addition, the longitudinal stiffeners are also
designed as compressive struts for the appropriate share of
the longitudinal force in the web, which is not subject to
shedding to the flange. The transverse stiffeners must also
be designed for the transverse components of the tension
field force. Formulas for the design values of these forces
are given.

h) Specific Provisions for Box Girders

These are contained in Section 13 on "Design of Box
Girders".

Attention is called to the special stress conditions in
box girders (torsional and distortional warping stresses,
torsional shear stresses, etc.); however, no formulas are
given.

In the design of transverse web stiffeners, attention
is called to the flexure due to transverse distortion of the
box (13.5).

In web-to-flange connections the membrane forces in the
webs due to tension field action have to be considered. For-
mulas for these forces are given (13.6).

The diaphragm design rules are given only for rectangu-
lar diaphragms; for other types the designer is directed to
Part 9 of the Code ("Special Cases"). In the design of the
web-to-diaphragm connections 'the shear may be assumed to be
uniformly distributed over the diaphragm-web boundary, pro-
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vided the webs are designed with "restrained boundaries"
(13.7.2.2).

are given in Section 8. This section contains rather ela-
borate rules, formulas and charts to establish the minimum
required rigidity of the frames to prevent:the overall buck-
ling of the compression flange and the distorticn of the
cross section.

B.4.4. B/116/3 Specification, Final Version (1978)

According to information received from Dr. O. Kerensky,
Chairman of the British B/116 Committee in a letter dated
July 25, 1977, the contents of the final specification have
been agreed upon, and the drafters are at work. However,
the specification B/116/3 on steel bridges is nct expected
to be completed before the middle of 1978.

The general design philosophy used in the new specifi-
cation is outlined in the paper by Dowling presented in May,
1977 in Washington, D.C. (G104).

girders will be based on the "strut approach"”, described un-
der Section B.4.3.d of this report, using the "effective
width" of flange plate concept to account for the local buck-
ling effects; however several simplifications will be used,
which will make the design less cumbersome. As in the origi-
nal draft (Gl5), the Perry strut formula will be used in
treatment of the stiffener-struts, with somewhat less conser-
vative assumptions regarding the design eccentricities used
in computing the parameter o« . Formulation of the design
provisions for flanges will be based, mainly, on the new re-
search done at the Imperial College in London (F20, F25, F44,
F45), in continuation of the earlier work done in the Merri-
son stage.

Since no comprehensive ultimate load theory has been
developed for the design of the webs which would cover all
practical cases of load combinations and stiffening systems,
the various ultimate behavior models available (including
tension field design) are used in the new specifications with
caution and to a limited extent. The basic approach is the
same as used for the web design in the Merrison Rules ard the
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1975 draft of the B/116/3 specifications; however, further
simplifications have been introduced, with the aid of the
inelastic studies recently completed on plate panels under
combined axial and shear loading (F48).

The general principle of the design of the web stiffen-
ers is the same as used in the 1975 draft.

In the design of diaphragms effort is being made to
produce simple rules for the more common cases of stiffened
diaphragms. The background to these rules is given by work
described in (D5, D6, D7, and F4l1).

Regarding other provisions, they will be, no doubt, si-
milar to the 1975 draft, with necessary streamlining and
simplifications.
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B.5. GERMAN SPECIFICATIONS

B.5.1. General Steel Highway Bridge Specification DIN 1073

a) General

The design of steel highway bridges is covered by the
specification DIN 1073 "Basis for Design of Highway Bridges
in Steel" which covers all types of steel highway bridges.
Until 1974 the 1941 edition of this code was in force (G109),
which has been superseded by a completely revised new ver-
sion dated July, 1274 (G110).

In this specification references are made to other
codes and DIN standards which refer to subjects not treated
in the DIN 1073 specification (such as bridge loading-DIN
1072, structural stability-DIN 4114, railway bridges, etc.).

The design is based on the "allowable stress'" approach,
with stresses computed in accordance with the elastic theory.
The prescribed factors of safety against reaching the nominal
yield stress of steel for the "principal loads" (dead and
live load) are 1.5 for tension and flexural tension and com-
pression where stability is not a problem and 1.7 for com-
pression where stability is a criterion (subject to further
qualification according to DIN 4114). For the case of "prin-
cipal and additional loads" the corresponding factors of
safety are 1.33 and 1.5, respectively.

It must be emphasized that comparisons of the values of
the safety factors, or load factors, used in bridge design
are meaningful only if made in conjunction with the live load
provisions (weight of the design vehicle, number and place-
ment of the vehicles on the bridge, uniformly distributed
load, etc.). Thus, a specification with a seemingly "low"
factor of safety, but with a conservatively heavy design
truck, may, in effect, result in a safety margin equivalent
to that of a specification with more conservative safety fac-
tors but with less severe live load assumptions.

The methods of analysis are left to the discretion of
the designer. Three significant figures are considered ade-

quate in all bridge design calculations (Clause 3.3).

It is worth noting that the introductory clause empha-
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sizes the need for "thorough professional knowledge" in the
design of bridges and requires that only properly qualified
engineers and firms should be entrusted with the design of
bridge structures. (Similar reminders are also found in
the Merrison Rules and in the introduction to the new B/116
British code.)

b) Provisions Applicable to Box Girders

the box girders (3.6.1) is given by means of three curves
showing the effective width ratio of the flange as a func-
tion of its width-to-effective span ratio, for a) midspan
portions of girders; b) portions near simple supports; and

c) portions near supports of continuous girders. The pre-
sentation and treatment is essentially similar to that pro-
posed by the writer to the ASCE sub-committee on Box Girders
(F13), which was based on the Moffatt-Dowling paper (F16):
however, the effective width values given in DIN 1073 are
less conservative. The stress distribution across the flange
of a girder in the shear lag zone is stipulated to be linear,
from maximum at the web to minimum at the mid-width of the
box girder flange, which is a welcome simplification, com-
pared with a curved distribution suggested in (F13) and (F16).

Effective width ratios are also given for the design of
the orthotropic deck ribs (3.6.2). These values are more
conservative than those recommended in the AISC Manual (G27).

In the design of orthotropic decks (6.3) the case of com-
bined stresses due to the overall girder action and the lo-
cal rib flexure may be treated as that of "principal and ad-
ditional loading", with a correspondingly reduced factor of
safety. This is similar to the current AASHTO provision.

Local flexural stresses in the plate and the rib walls of
orthotropic plate decks may be disregarded. In the design
of the deck plate only the "equivalent stress" (by the Von
Mises formula) in the middle surface of the plate has to be

considered.

with the DIN 4114 code.
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B.5.2. Design of Plating in Compression According to DIN
4114 Specifications

a) DIN 4114, 1952-53 Edition

The latest complete revision of this general stability
specification has been issued in 1952-53. It consists of
two parts: Blatt 1 (G1l6), which contains the specifications
for the design of members in compression, and Blatt 2 (Gl17),
which gives general commentary, derivation of some formulas
and formulas for additional cases not treated in Blatt 1.
DIN 4114 specification covers the entire range of members
in compression including concentrically and eccentrically
loaded columns, frame members, arches, beams subject to tor-
sional buckling of flanges and plates. The treatment of the
latter is given in the last three sections of the specifica-
tion, 16 through 18, devoted to "Buckling of the Webs of
Plate Girders".

The general approach is based strictly on the classical
linear theory of elastic stability, discussed in Section
B.2 of this report. Inelastic behavior of stocky members
under stresses close to yield is accounted for by a transi-
tion curve based on the "reduced modulus of elasticity",
T <E (the "Engesser's buckling modulus", see Art. Ri. 7.42
in (Gl17)). The transition curves, given in Table 7 of (Gl16)
and Fig. 9 of (Gl7) depart from the Euler hyperbola at the
value of stress ¢ = 0.80, , which is deemed to be the "pro-
portionality limit" for elastic computations. This curve
of "Engesser's buckling stresses" is used for all stability
computations, including both columns and plate structures.
The values of these stresses lie above the "transition curves"
used for columns in other countries. For the design of col-
umns the actual compressive stress is multiplied by a factor
"w'" , based on the Euler's (or Engesser's) critical stress,
with consideration of certain eccentricities of loading (Ri.
7.22 of (G17)) and a safety factor ranging from 1.7 to 2.5.

Rules for stability computations of plates are limited
to the considerations of plate girder webs, since at the
time when the DIN Specifications were first compiled these
were the only plate elements thought to be in need of a sep-
arate stability investigation. Wide box girder flanges were
not yet used, and thin container and silo walls were consi-
dered to be subject to special design rules, outside the
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scope of specifications for ordinary structures. The stabi-
lity of thin elements of compression members (in columns,
trusses or arches) is dealt with briefly in Section 9 of
(G1l6) by a table limiting the width~to-thickness ratios of
the plate elements.

For unstiffened web panels formulas for critical buckling
stresses are given in Table 6 (Gl6) for the cases of pure
compression, pure bending or pure shear. For combined axial
and shear stresses the "equivalent critical stress" is com-
puted by means of the interaction formulas given. The re-
quired factors of safety against the critical (Engesser's
or Euler's) stress in webs are prescribed to be 1.35 for the
"principal loads" and 1.25 for the "principal plus addition-
al loads" (compare with Section B.5.2a, above).

In the design of "stiffened web panels" (Section 18 of
(G16)) the designer may use either "rigid" or "flexible"
stiffeners, see Section B.2 of this report. References are
made in (Glé) to the formulas for the required rigidities
and the buckling coefficients "k" given in Tables 9 and 10
of (G17), and to the much more extensive charts for stif-
fened panels by Kl&ppel, Scheer and Mbller (G107, G108).

These specifications, meant for the webs, give no clear
guidance for the design of the wide box girder flanges. The
low factors of safety, quite adequate for webs (see Sect.
B.2) were clearly inadequate for the flanges, for which they
were not intended. This, combined with a faulty detail and
a faulty design calculation, contributed to the collapse dur-
ing erection of the Koblenz bridge in November, 1971 (B13,
Blé6, G67).

b) Interim DIN 4114 Provisions of 1973

Prompted by the Koblenz disaster new complementary regula-
tions were added to the DIN 4114 specifications by the West
German Ministry of Transportation in November, 1973 (G101,
G102).

The minimum factors of safety for flanges of box girders
were given as 1.7 or 1.5 (for "principal" or "principal plus
secondary" load cases, respectively). The factors of safety
for the webs were similarly raised, with the provision that
0ld values could be used if shedding of longitudinal stresses
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from the webs to flanges is properly considered.

Attention is called to the "column behavior" of longitu-
dinally stiffened plate panels in compression. (See Section
B.2 of this report.) For such cases the design of the:
flange as a series of struts is stipulated, with considera-
tion of the appropriate effective width of the flange plate.
In addition, such flanges must be fabricated with rib imper-
fection tolerances not exceeding the load eccentricities as-
sumed for columns under Clause Ri. 7.22 of DIN 4114 (G17)..
This clause stipulates that the load in a compression strut
acts at a distance from its center of gravity,u=i/20 + s/500,
where "i" is the radius of gyration and "s" is the length of
the column.

Further, special attention is called to proper details
at splices and the effects of common fabrication and erec-
tion imperfections on the local stresses at the splices.

These 1973 interim provisions remain in force until the
new revised DIN 4114 specification is issued.

B.5.3. Proposed New Provisions for Plate Buckling Calculations
(DASt Richtlinie 12)

a) General

The proposed new provisions for the design of plates in
compression are contained in the "DASt Richtlinie (12)" on
"Calculations of the Buckling Safety for Plates" (Glll), is-
sued by the German Committee for Steel Structures, Working
Group "Plate Buckling"” under the chairmanship of Prof. J.
Scheer of the Technical University Braunschweig. The date
of the first draft of this document is June 1977. It will
supersede the sections of DIN 4114 related to plate buckling
only; other parts of DIN 4114, including column buckling,
remain valid. The new "Richtlinie" also supersedes the 1973
Interim Provisions (G10l).

The general design philosophy and commentary to the new
provisions is given in the paper by Scheer and N&lke on "The
Background to the Future German Plate Buckling Design Rules"
presented at the 1976 Conference on Steel Plated Structures
in London (G67). The rules, which are considered to be pro-
visional, are based on the classical linear buckling theory.
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The authors state that in Germany "confidence in the methods
of bridge design based on the linear theory has not been di-
minished" and that the DIN 4114 Specifications cannot be
blamed for the construction failures which were due to mis-
application of the rules, calculation errors and mistakenly
applied low safety factors.

The authors feel that for the time being, the discrepan-
cies between the actual and the theoretical load carrying
capacities of steel plating in compression can be sufficient-
ly accounted for by a proper choice of the factors of safety.
Regarding the required rigidities, Y* , of the stiffeners,
the authors agree that using increased values of the rigidi-
ties, m¥ * , will increase the carrying capacity of the pan-
els; however, they consider such rules uneconomical and un-
necessary.

In view of the Committee, while considerable progress has
been made in developing ultimate design methods, they are
not yet comprehensive and simple enough for immediate prac-
tical use. Therefore, until such rules are adequately im-
proved, the use of the design based on the classical approach
must suffice for engineering needs.

b) Specific Provisions

The "interaction formulas" given in the original DIN 4114
specifications for combined axial stress and shear have been
expanded to include simultaneous effects of biaxial compres-
sion with shear.

width, b' , of a plate in compression was introduced as a
function of the panel slenderness, » , of the panel between
the stiffeners. The effective width of plate diagram, which
is also considered to be the "plate strength curve" is given
in Fig. 6 and Table 2 of (Glll), and is also shown in Fig.
B-3 of this report. 1In its original version (G67) the "tran-
sition curve" was given by a parabola, virtually identical
with the AASHTO plate strength curve (Fig. B-3). In the fi-
nal draft this curve has been replaced by a straight line
intersecting the yield stress level at a slenderness A = 0.7
and joining the Euler curve at a point where O,p = 0.60 .
As can be seen from Fig. B-3, this simplified version o% the
transition curve lowers the plate strength somewhat in the
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imperfection sensitive area. This new curve replaces the
"Engesser" transition curve of the DIN 4114 specification
only for plate calculations.

In connection with the new subjects introduced in (Gl1ll)

No distinction is being made between the "web" and the
"flange" panels, both being treated as panels under combined
action of axial stresses and shear. However, the prescribed
factors of safety vary as functions of the type of stress
(compression, shear) and the stress distribution across the
panel (Table 6 of (Glll)). Thus, for panels under uniform
compression (which may correspond to a flange case) F.S.=1.7,
while for a panel under pure shear F.S. = 1.32. For combined
stress cases intermediate values of the factors of safety are
obtained from formulas that are rather complex.

For longitudinally stiffened panels approaching "column
behavior" (see B.5.2, above) provisions for "column buckling"
are implemented in Section 4.3. Column behavior has to be
considered when the ratio "r" of the "column critical stress"”
(panel with longitudinal edges unsupported) to the "plate
critical stress" (panel supported all around) is greater
than 0.5.

The required factor of safety varies from a minimum of a-
bout 1.7 for the ratio of r = 0.5 to a maximum, prescribed
for columns (about 2.5) for a full column behavior.

In the original proposal it was suggested to treat the in-
teraction of the local and the overall buckling of a "stif-
fener column" by using the "effective width of plate" (Fig. 6
of (Glll)) and designing the column by the European column
curve "b" (G67). However, the rules given in the final draft
call for computing the "stiffener column" slenderness with
undiminished cross-section values of the plate anéd then using
the interaction diagram given in Fig. 9 of (Glll) to deter-
mine the critical stress for the plating assembly. The in-
teraction diagram, reproduced in this report as Fig. B-6,
makes use of both the "plate strength curve" described above
(on the vertical axis) and the European column curve "b" (on
the horizontal axis) and distinguished between four interac-
tion zones. This is certainly a very interesting attempt to
present the complex interrelationships in a compact manner.
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The validity of this concept (which was originally meant for
thin gage members, (G67)) remains to be verified by compari-
son with other design methods (F18, F19, F20) proposed for
handling of the stiffened plate problem.

The specification also contains general provisions for
the design of plate panels with elastically supported or
unsupported edges, and for curved plates with a large radi-
us of curvature.

plate surface (such as water pressure), such loading may be
ignored in elastic stability calculations; however, it must
be considered in calculations of safety against reaching
yield under the combined effects of all (in-and-out-of-plane)
loads.

viation from flatness = 1/250 of the shorter dimension of
the unstiffened panel; stiffener out-of-straightness = 1/500
of the stiffener length.

fened plates. Longitudinal stiffeners can be counted upon

to carry longitudinal stress only if they are continuous,
properly spliced, and connected to cross frames. Cutouts

in stiffeners shall be considered in all local strength cal-
culations. Maximum permissible cutout openings for the long-
itudinal stiffeners crossing the transverse stiffeners are
given.

B.5.4. Summary and Conclusions

At the present time German specifications applicable to
steel box girder bridges are firmly based on elastic design
methods and the classical linear buckling theory.

However, in treatment of the stiffened flange panels,
the "column design" approach, with the use of plate and col-
umn strength curves partially reflecting the effects of
structural imperfections, is essentially similar to that pro-
posed in the new British specification draft.

The future revision of the DIN 4114 buckling specifica-
tions will be based on the plate buckling test program, now

B-51



underway at five German universities. This work is expected
to take several more years.

It is worth noting that in the recent editions of the
codes discussed above all units are expressed in the SI sys-
tem, mandatory in Germany as of January, 1978. The transi-
tion from the old metric to the new SI system is remarkably
smooth, due to the quite sensible and enviable simplifica-
tion of setting 1 kg~force (= 1 kilopond = 1 kp) equal to
10 Newtons, rather than 9.80665 Newtons (theoretically cor-
rect at the sea leyel). The stresses_are converted as
10 kp/cm? = 1 N/mm?® (G109) or 1 kp/mm® = 1kN/cm2 (G11ll).

A similar conversion using a factor of 10 rather than 9.81
was adopted in 1965 in France (G21). Thus, in spite of the
good intentions of having one international system of mea-
surements, we now have two Newtons, differing by 2% -- the
"heavy" one, now used in the United Kingdom and in Austalia
and the "light" variety now in force in France and in Germany.
It is likely that all countries of continental Europe and all
other countries of the world now using the metric units will
eventually adopt the conversion based on the factor of 10.
The choice for the U.S., whether to join the minority or the
likely majority of the rest of the world is still open.
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B.6. ECCS DESIGN RULES

The design recommendations for plate and box girders of
the European Convention for Constructional Steelwork (ECCS)
are described in Section 6 on Plate and Box Girders of the
"Manual on the Stability of Steel Structures" (G31l).

The "Manual" is a collection of comprehensive reports on
the various problems of the stability of structures and their
components, and includes brief reviews of the currently a-
vailable design methods for simple compression members,
built-up members, beam~-columns, thin-walled members and pla-
ted structures. The Manual has been compiled by the members
of Committee 8 "Stability" of the ECCS.

Section 6 has been prepared by Working Group 8/3 (Plate
Buckling) under the chairmanship of Prof. C. Massonnet
(Belgium). This section contains reviews of the recently
proposed methods for the design of the compression flanges
of box girders and of the webs of plate and box girders,
and gives the background of the suggested ECCS design rules
for steel plate elements in compression. The design rules
are presented in Section R.6.2.15 "Buckling of Plates" of
the "ECCS Recommendations for the Design and Construction of
Steel Structures" (G98) and its "Appendix 4 -- Conventional
Design Rules Based on the Linear Buckling Theory" (G99).

As is indicated by the title of "Appendix 4", the rules
are based on the classical elastic design approach. In the
report of Working Group 8/3 (G31l) the need for such rules,
considered to be "provisional", is justified by stating that
"it will take a long time to develop completely comprehensive
ultimate strength models”. It is proposed that, for the
time being, the rules based on elastic theory should be used
for the design, modified by correction coefficients which
should account for the discrepancies between the theory and
the actual behavior of the plating. Such correction coeffi-
cients, c* , by which the computed critical buckling stresses
are to be multiplied, should be greater than 1.0 where post-
buckling strength reserves exist, and smaller than 1.0 where
this reserve is small and where imperfections and residual
stresses have deleterious effect.

However the "correction factor" approach has not been
practically implemented in the draft of the Rules (99), where
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the suggested values of the correction coefficients, c* ,
are given as constants for different cases of loading, but
do not reflect the effect of such parameters influencing
the deviation from the theoretical strength as the b/t ra-
tio, imperfections, etc. '

In the design of stiffened plate panels it is suggested
that the theoretically required minimum rigidity of the
stiffeners, Y* , be increased in order to assure that the
stiffeners remain straight under ultimate loading conditions,
thus making it possible to utilize the post-buckling strength
reserve of the plating between the stiffeners. Therefore
the minimum rigidity of the stiffeners should be my* , with
the value of the Massonnet coefficient, m, suggested to be 4
for open stiffeners and 2.5 for closed stiffeners.

The design with the lower values of y is also admissible,
but in such cases the correction coefficients c* should have
lower values, corresponding to smaller strength reserves.
However, this is not reflected in the values of c¢* given in
the draft.

The rules consider the Euler buckling curve for plates to
be valid up to the critical stress o,, = 0.8, , above which
value a "transition curve" is used. This appfoach corres-
ponds to the old DIN 4114 specification (see Section B.5.2.a).

In the design of stiffened plating the use of effective
width given by the Von Karman formula, expressing the effec-
tive width as a function of the plate thickness and the yield
strength, is considered sufficient. This results in be = 54t
for steel with o, = 36 Ksi (250 N/mm2) and b_ = 46t for
oy = 50 Ksi (34§JN/mm2) (Section 3 of (G99)?.

The rules contain interaction formulas for critical buck-
ling stresses for various cases of combined axial and shear
stresses. These formulas are also included in the latest
German provisions (Gl1ll), see B.5.3.b.

Attention is called to the "column-like" behavior of stif-
fened plate panels, discussed in Section B.2 of this report.
Higher safety factors are recommended as column behavior is
approached; however, no specific instructions are given on
the design of such panels.
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The rules also contain suggestions regarding details
of stiffened plating and a table of fabrication tolerances.
The latter is virtually the same as the table in the German
Specifications (G1lll).
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B.7. SUMMARY AND CONCLUSIONS

The most important design problem of steel box girder
bridges is the stability and strength of thin plate elements
subject to compression and shear. Traditionally, this prob-
lem has been treated by the methods of the classical elastic
theory of plate buckling.

New research has established that the classical theory
of plate buckling, even with the modifications used to ac-
count for inelastic behavior at low slenderness ratios, is
not satisfactory in predicting the actual strength of plat-
ing. This aproach underestimates the strength of plating
in cases where post-buckling strength reserves are present
(web panels in shear, or shear combined with compression;
compressed flange panels with high slenderness ratio), and
overestimates the strength of panels in compression in the
practical design range of medium slenderness, where the de-
leterious effects of geometric imperfections and residual
stresses are important.

The new proposed design methods attempt to take into
account the actual ultimate strength of the plating. How-
ever, because of the complexity of the interrelation between
the individual components of box girders, a comprehensive
model of the ultimate behavior of a box girder is difficult
to establish, and even partial ultimate strength models (for
webs, flanges) are far from simple, and sometimes do not
cover all practical loading cases (webs under simultaneous
action of longitudinal stresses and direct transverse loads).
Yet, such methods while subject to further improvement and
simplification can serve the purposes of engineering design.

This is the approach taken in the drafts of proposed
specifications in Britain, where most of the recent research
on the problems of steel box girders has been conducted.

A different viewpoint prevails in Germany, where much
work has been done in the past on developing plate buckling
formulas based on the classical theory, which had been in-
corporated for decades in the DIN 4114 buckling specifica-~
tions. While the progress in developing ultimate strength
methods is recognized, these methods are considered still
not sufficiently developed and verified. Therefore, before
the new methods are perfected, the new draft of the German
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plate buckling specifications, to be used in the interim
period, is still based on the classical approach, with ad-
justable factors of safety partially compensating for the
discrepancies between the actual and the theoretical plate
behavior.

The design rules of the ECCS, similarly based on the
classical theory, suggest using empirical coefficients to
correct the theoretical results; however, this idea has not
been adequately implemented.

The steel box girder provisions of the American highway
“bridge specifications (AASHTO) are limited to multi-box com-
posite girders of moderate spans and are not adequate for
the design of large steel box girder bridges. New provisions
are needed for the effective width of the box girder flanges;
design of the unstiffened and stiffened wide flanges in com-
pression; design of deep box girder webs and webs subject to
simultaneous flexural and local transverse loads; diaphragms
and their interaction with the webs and the flanges. A re-
view of the fabrication tolerances would be desirable. All
provisions pertaining to steel box girders should preferably
be contained in one new section on "Box Girders".

The present AASHTO design provisions for the flanges of
composite box girders are based on the classical approach,
However, in the design of the webs the ultimate strength de-
sign based on research at Lehigh University is already per-
mitted. Furthermore, the "allowable stress" method is being
gradually replaced in this country by the "load factor de-
sign". Therefore it would be appropriate to base all new
provisions for the design of box girders on the ultimate
strength methods, in line with the current developments.
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FIG.B-6. INTERACTION BETWEEN LOCAL (FLANGE PLATE) AND OVERALL (COLUMN) STRENGTH OF

STIFFENED PLATING
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