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FOREWORD

The Implementation Package provides practical quidelines for the seismic
design and retrofit of highway bridges. The manual should be useful to both
beginners and experts in seismic design. It emphasizes short and medium span
bridges that are typical of current oractice throughout the United States.
The manual is appropriate for a wide range of common bridge types in all
seismic zones across the country.

Copies of the manual are being distributed to FHWA Region and Division offices
and to each State highway agency. Additional copies of the manual can be
obtained from the National Technical Information Service, Soringfield,
Virginia 22161.

onald E. Heinz > R. 2. Betsold
Director, Office of Director, Office of

Engineering Implementation

NOTICE

This document is disseminated under the sponsorship of the Department of
Transportation in the interest of information exchange. The United States
Government assumes no 1ifability for its contents or use thereof.

The contents of this reoort reflect the views of the authors who are
responsible for the facts and the accuracy of the data presented herein. The
contents do not necessarily reflect the policy of the Department of
Transportation,

This report does not constitute a standard, specification, or requlation.
The United States Government does not endorse products or manufacturers.
Trade or manufacturers' names appear herein only because they are considered
essential to the objective of this document.
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CONVERSION FACTORS TO Sl METRIC UNITS

Multiply by to obtain

inches (in) 0.0254 meters (m)

inches (in) 2.54 centimeters (cm)

inches (in) 25.4 millimeters (mm)

feet (ft 0.3048 meters (m)

yards (yd) 0.9144 meters (m)

miles (mi) 1.609 kilometers (km)

degrees (°) 0.01745 radians (rad)

acres (acre) 0.4047 hectares (ha)

acre—feet (acre-ft) 1233. cubic meters (m3)
gallons (gab 3.785 x 107° cubic meters (m3)
gallons (gab 3.785 liters ()

pounds (b) 0.4536 kilograms (kg)

tons (2000 Ib) 907.2 kilograms (kg)

pounds force (lbf) 4.448 newtons (N)

pounds per sq in (psi) 6895. newtons per sq m (N/m2)
pounds per sq ft (psf) 47.88 newtons per sq m (N/m2)
foot-pounds (ft-ib) 1.356 joules (N

horsepowers (hp) 746. watt (W)

British thermal units (Btuw) 1055. joules (D)

Some Definitions

newton - force that will accelerate a 1 kg mass at 1 m/s?

joulte - work done by a force of 1 N moving through a displacement of 1 m
newton per sq m (N/m2) = 1 pascal (Pa)

kiltogram force (kgf) = 9.807 N

gravity acceleration (g) = 9.807 m/s2

hectare (ha) = 10,000 m2

kip (k0 = 1000 Ib = 4448 N = 4536 kgf = 0.5 ton

— ot ——d emd



CHAPTER 1 INTRODUCTION . . . . . . . . . . . . e

TABLE OF CONTENTS

CHAPTER 2 BASIC SEISMOLOGY . . . . . . . . . ..

2.1
2.2
2.3

2.4

2.5

Terms used in Seilsmology . . . . . . . . . . . . . . ...

Earthquake Activity . . . . . . . . . . . . . . .
Nature of Earthquake Motions . . . . . . . . . .
2.3.1 Prevalent Directions . . . . . . . . ‘ o
2.3.2 Frequencies and Spectra . . . . . . . ..
2.3.3 Llong Period Waves . . . . . . . . . . ..
Earthquake Probability Studies . . . . . . . . . .
2.4.1 Magnitude-Frequency Relationships . . . .
2.42 Peak Ground Motions . . . . . . . . . ..
2.43 Frequency Content . . . . . . . . . . ..
Design Earthquake . . . . . . . . . . . . . . ..
2.5.1 Local Geology and Soil Conditions . . . .

CHAPTER 3 BASIC DYNAMICS . . . . . . . . . . ..

3.1

3.2

3.3
3.4

3.5
3.6

Bridge Modelling . . . . . . . . . . . . .. . ..
3.1.1 Example Briogge . . . . . . . . . ..

3.1.2 Longitudinal Model
3.1.3 Transverse Model . . . . . . . . . . . ..
Equations of Motion . . . . . . . . . . . .. ..
3.2.1 Undamped. Free Vibration . . . . . . . .
3.2.2 Damped. Free and Forced Vibration . . .
Period of Vibration . . . . . . . . . . . . . . ..
Response Spectra . . . . . . . . . . . . . . ..
3.4.1 Response Spectra for Harmonic Excitation
3.42 Response Spectra for Earthquake Excitation
Limitations on Single Mode Modelling . . . . . .
Ductile Response and Force Reductions . . . .

il

11
13
13
13
14
14
15
15
18
18
19

. 20

.21

21
21
24

. 25

25

. 25

30
32
32
34

. 43



CHAPTER 4 DESIGN PHILOSOPHY . . . . . . . . . . . . . . . . . . ... .. 47

4.1 Basis for Bridge Seismic Design Philosophy . . . . . . . . . . . . . .. .. 47
4.2 Past Performance in Earthquakes . . . . . . . . . . . . . . . .. ... ... 51
4,21 Superstructure . . . . . . . L L L e s 51
422 Substructure . . . . . . . L L L L 51
423 Foundations . . . . . . . . . Lo 58
424 Abutments . . . . . . L L oL e 58
4.3 Current Bridge Design Criteria . . . . . . . . . . . . . .. ... .. 58
44 Economic Considerations . . . . . . . . . . . ... L. 63
441 Acceptable Damage . . . . . . . . . . ... Lo 64
442 Unacceptable Damage . . . . . . . . . . . . ... 64
45 Ductilty Demand . . . . . . . . . . . .. L0 65
46 Capacity Design . . . . . . . . . ... Lo 68
46.1 Example . . . . . . . . L e e e 71
4.7 Seismic isolation Design Concepts . . . . . . . . . . . .. ... ... ... 72
4.7.1 Design Principles . . . . . . . . .. Lo 77
CHAPTER 5 DESIGN CONCEPTS . . . . . . . . . . . . . . . i bt 79
5.1 Structural Form . . . . . . . . . .. oL 79
5.1.1 Basic Requirements . . . . . . . . . . ..o 80
5.1.2 Lateral Stiffness . . . . . . . . . . Lo 82
5.1.3 Influence of Relative Stiffness on Load Distribution . . . . . . . . . . 82
5.1.4 Load Distribution . . . . . . .. .00 90
5.1.5 Examples of Acceptable Structural Form . . . . . . . . . . . . .. .. 91
5.1.6 Examples of Structural Form to be Avoided . . . . . . . . . . . . .. 98
52 Unusual Bridges . . . . . . . . . . L 98
5.2.1 Bridges of Unusual Geometry . . . . . . . . . . . . .. . ... .. .. 98
5.2.2 Bridges of Unusual Type . . . . . . . . . . . . .. .0 107
5.2.3 Bridges in Difficult Sites . . . . . . . . . . ..o 108
53 Structural Details . . . . . . . . . . . ..o 110
5.3.1 Superstructures . . . . . . . . .. L e e e 110
5.3.2 Bearings, Joints, Shear Keys. Restrainers . . . . . . . . . . . . .. 1M
5.3.3 Substructures . . . . . . . . L e m
5.3.4 Foundation Structures . . . . . . . . . . . Lo oo 1



CHAPTER 6 DESIGN LOADS . . . . . . . . . . . . . . . o 115

6.1 Zoning Maps and Acceleration Coefficient . . . . . . . . . . . . ... ... 115
6.1.7 Design Earthquake Ground Motion . . . . . . . . . .. .. .. ... 17
6.1.2 Risks Assoclated with the Contour Map . . . . . . . . . . . . . . .. 117

6.2 Influence of Soil Conditions on Ground Motion . . . . . . . . . . . . . .. 120

6.3 Design Coefficients and Design Spectra . . . . . . . . . . . . . ... ... 122

6.4 Response Modification Factors . . . . . . . . . . . . ... ... ... 124

6.5 Seismic Performance Categories . . . . . . . . . . . . . . . .. ... 127

6.6 Importance Classification . . . . . . . . . . .. ..o 128

CHAPTER 7 DESIGN FORCES AND DISPLACEMENTS . . . . . . . . . .. ... 129

7.1 Analysis Procedures . . . . . . . . . . . . ... 129
7.1.1 Applicability of Various Methods . . . . . . . . . . . ... ... ... 129
7.1.2 Single Mode Analysis . . . . . . . . . Lo 130
7.1.3 Multi-Mode Analysis . . . . . . . . ..o Lo 136
7.1.4 Time History Analysis . . . . . . . . . . e 136

7.2 Practical Modelling Guidelines . . . . . . . . . . . .. .. ... ... ... 137
7.2.1 Structural Geometry . . . . . . . L Lo Lo 137
7.2.2 Mass Distribution . . . . . .. 000000 138
7.2.3 Material and Section Properties . . . . . . . . . ... 138
7.2.4 Foundation Modelling . . . . . . . . . ..o 140

7.24A Footings . . . . . . . . . .o 140
7.23B Piles . . . . .. L e 142
7.2.4C Drilled Shafts (Piers) . . . . . . . . . .. .. ... 151
7.24D Abutments . . . . . . . . ..o 151

7.3 Combination of Results from Orthogonal Analyses . . . . . . . . . . . . .. 154

7.4 Special Requirements for Seismic Performance Category A . . . . . . . . 154
7.41 Design FOrces . . . . . . . . . . e e e e 156
7.4.2 Design Displacements . . . . . . . . . . ..o 156

7.5 Special Requirements for Seismic Performance Category B . . . . . . . . 158
7.5.1 Design Forces for Structural Members and Connections . . . . . . . 158
7.5.2 Design Forces for Foundations . . . . . . . . . .. . .. ... ... 158
7.5.3 Design Forces for Abutments and Retaining Walls . . . . . . . . . . 159
7.56.4 Design Displacements . . . . . . . . . . . . ... 159

7.6 Special Requirements for Seismic Performance Categories C & D . . . . . 159
7.6.1 Moditied Design Forces . . . . . . . . . . ... Lo 159
7.6.2 Forces Resulting from Plastic Hinging . . . . . . . . . . . .. ... 159
7.6.3 Design Forces for Column Bents and Pile Bents . . . . . . . . .. 162



7.6.4
7.5.5
7.6.6
7.6.7
7.6.8

7.7 Exemptions for Single Span Bridges . . . . . . . . . . .
7.8 Computer Programs . . . . . . . . . . . . . ..

7.8.1
7.8.2
7.8.3
7.8.4

Design Forces for Wall Piers . . . . . . . . . . . ...

Design Forces for Abutments and Retaining Walls
Design Displacements . . . . . . . . . . ..

SAP IV . . oo Coe
STRUDL/DYNAL . . . . . . . . . . . . . .. ..
EAC/EASE2 . . . . . . .
SEISAB . . . . . ..

CHAPTER 8 DESIGN EXAMPLES . . . . . . . . . ... .. .. ..

8.1 Effect
8.1.1
8.1.2
8.1.3
8.1.4
8.1.5
8.1.6
8.1.7
8.1.8

8.1.9
8.1.10

8.1.1
8.2 Effect
8.3 Effect
8.4 Effect

of Seismic Zone: Example 1 and 2 . . . . . . . . . . ..
Acceleration Coefficient . . . . . . . . . . . . ..
Importance Classification . . . . . . . . . . .. . .. ...
Seismic Pertormance Category . . . . . . . . . . ..

Site Effects . . . . . . . .. L

Response Modification Factor . . . . . . . . . ..
Analysis Procedure

Single Mode Spectral Analysis Method . . . . . . . . . . . ..
8.1.8A Longitudinal Earthquake Loading . . . . . . . . ..
8.1.88 Transverse Earthquake Loading . . . . .
Combination of Orthogonal Seismic Forces
Design Forces . . . . . . . . . . . . . .. ...

8.1.108 Design Forces for Structural Members and Connections

8.1.10C Column Requirements . . . . . . . . . .. e e
8.1.10D Forces Resulting from Plastic Hinges in Columns . . . .

8.1.10E Column Design . . . . . . . . . . . . . . .. ...

vi

Design Forces for Connections . . . . . . . . . . . . . ... ...
Design Forces for Foundations . . . . . . . . . . . . .. .. ...

Determination of Elastic Forces and Displacements C e

8.1.10A Modified Deslgn Forces . . . . . . . . . . .. ...

8.1.10F Connection Design Forces . . . . . . . . . . . . .. ...
8.1.10G Foundation Design Forces . . . . . . . . e
8.1.10H Abutment and Retaining Wall Design Force . . . . . . .
Design Displacements . . . . . . . . . . . ...
of Superstructure Weight on Seismic Analysis . . . . . . . . . ..
of Bearing Configuration on Transverse Response . . . . . . . . .
of Bearing Configuration on Longitudinal Response . . . . . . . .



CHAPTER 9 RETROFITTING . . . . . . . . . . . ... ..

9.1

9.2

9.3

9.4

9.5

Overview of the Process
9.1.1 Applicability C e
9.1.2 The Retrofitting Process . . . . . . . . . . ..
Preliminary Screening Methodology
9.2.1 Seismic Inventory of Bridges . . . . . . .. S
9.2.2 Seismic Rating System . . . . . . . . . .. . ...
9.2.2A Vulnerability Rating
9.2.2B Seismicity Rating

9.2.2C Importance Rating . . . . . . . . . . ...

9.2.3 Other Factors for Consideration e
Detalled Evaluation Procedure . . . . . . e
9.3.1 Review of Bridge Records
9.3.2 Site Inspection .
9.3.3 Quantitative Eva]uation of Br1dge Components _ ,
9.3.4 Identification and Assessment of Potential Retrofit Measures
Capacity/Demand Ratios C
9.4.1 Bearings and Expansion Joints .

9.4.1A Displacement Capacity/Demand Ratlo

9.4.18 Force Capacity/Demand Ratio e
9.4.2 Capacity/Demand Ratios for Reinforced Concrete Columns,

Piers and Footings

9.4.2A Shear Failure .

9.42B Anchorage Failure . . .

9.4.2C Flexural Failure o .
9.43 Capacity/Demand Ratios for Abutments e
9.4.4 Capacity/Demand Ratios for Liquefaction . . . . . . .
Seismic Retrofitting Concepts
9.5.1 Bearing and Expansion Joints

9.5.1A Longitudinal Joint Restrainers

9.5.1B Transverse Bearing Restrainers . .

9.5.1C Vertical Motion Restrainers . . . . . . . .

9.5.1D Bearing Seat Extension

9.5.1E Replacement of Bearings

9.5.1F Special Earthquake Resistant Bearings and Devices . . .

9.5.2 Columns. Piers and Footings
9.5.2A Force Limiting Devices .
9.5.2B Increased Transverse Confinement
9.5.2C Reduced Flexural Reinforcement
9.52D Increased Flexural Reinforcement

vii

. 200

. 200
. 200
. 202
. 204
. 204
. 204
. 207
. 207
. 207
. 208
. 210
. 210
. 212
. 212
. 214
. 215
. 215
. 218
. 217

. 217
. 221
. 221
. 221
. 222
. 222
. 223
. 223
. 224
. 228
. 230
. 230
. 235
. 235
. 238
. 238
. 240
. 242
. 242



9.5.2E Infill Shear Wall .
9.5.2F Strengthening of Footings . .

96 Abutments . . . . . . . . ..o

9.7

9.6.1 Settiement Slabs
9.6.2 Soill Anchors

Liquefaction and Soill Movement . . . . . . . . . . . . . . .

9.7.1 Site Stabilization

9.7.2 Increased Superstructure Contlnuuty and Substructure Ductility . .

CHAPTER 10 COMPARATIVE ANALYSES . . . . . . . .

10.1 Straight Bridge Example

10.1.1 Geometry . . . . . e e e
10.1.2 Load Cases . . . . . . . . . . . . . ...

10.1.3 Analysis Methods C e e

1014 Input Data . . . . . . ... ... ...,
10.1.5 Results . . . . . . . . . ...

10.1.6 Discussion of Results . . . . . . . . . .. e
10.2 Curved Bridge Example . . . . . . . . . . .

10.2.1 Geometry . . . . . . . e e .
10.2.2 Load Cases . . . . . . . . . ..o

10.2.3 Analysis Methods . . . . . . . . . . . . . ...

10.2.4 Input Data . . . . . . e e
10.2.5 Results . . . . . . . . .. e
10.2.6 Discussion of Results . . . . . . . . . . . . . ...

APPENDIX A: Modifled Mercalli intensity Scale .

APPENDIX B: Abutment Design . . . . . . . . . . ..

8.1 Abutment Stiffness . . . . . . . . . . . . ...

B.2 Initial Abutment Stiffness Calculation . . . . . . . . .
B.2.1 Longitudinal Stiftness . . . . . . . . . . . ...

B.2.2 Transverse Stiffness . . . . . . . . . .

B.3 Abutment Forces and Displacements . . . . . . . . .
B8.3.1 Example: Abutment Design for Longitudinal Earthquake

B.3.2 General . . . . . . . . . . ... ...

GLOSSARY . . . . . . . .

REFERENCES . . . . . . . . . . . . . . . . .. .

vili

. 242
. 246
. 246
. 246
. 249

. 249
. 249
. 250

. 253

. 253
. 253
. 253
. 256
. 256

256

. . 256
. 261

. 261
. 261

. 261
. 267

. 267
. 267

. 268

. 270
. 270

. 270
.27
2N
. 273
. 273
. 277



UST OF FIGURES

FIGURE
NUMBER TITLE PAGE
1 Damaged Overcrossing. Golden State Freeway and Foothill

Freeway Interchange. San Fernando Earthquake. 1971 2
2 Isoseismals for the 1811 New Madrid Missourl Earthquake 7
3 Definition of Fault Types 9
4 Ground Motion due to Various Types of Earthquake Waves 10
5 Eftective Peak Accelerations (as a fraction of gravity)

for the United States of America 12
6 Average Values of Maximum Accelerations in Rock 17
7 Predominant Periods (Tp) for Maximum Accelerations

in Rock 17
8 Basic Bridge Dynamics. Bridge Example 22
8 Basic Bridge Dynamics. Bridge Example (continued) 23
9a Equations of Motion for Free Vibration of a Single Mass 26
9b Equations of Motion for Forced Vibration of a Single Mass 27
10 Solutions to Equations of Motion for Single Masses 28
10 Solutions to Equations of Motion for Single Masses

(continued) 29
n Periods of Vibration for Different Bridges 31
12 Displacement Response Spectra for Sinusoidal Base Motion 33
13 Development of the Displacement Response Spectrum

for the ElI Centro (1940 NS) Earthquake 35
14 Acceleration Spectra (lLateral Force Coefficients) for

the ElI Centro (1940 NS) Earthquake 37
15 Tripartite Plot of the Acceleration, Velocity and

Displacement Spectra for the EI Centro (1940 NS)

Earthquake 39
16 Calculation of Period of Vibration for Rotation

about Vertical Axis

40



FIGURE

NUMBER TITLE PAGE
16 Calculation of Period of Vibration for Rotation 41

about Vertical Axis (continued)
17 idealized Response of a Single Column Pier 44
18 Comparative Response of Elastic and Elasto—plastic

Bridgge Columns 45
19 Simplitied Model for Calculation of Transverse

Period of Vibration 48
20 Comparison of Realistic and Design Earthquake Forces 49
21 Southern portion San Fernando Road Overhead 52
22 Damage to the Showa Bridge 52
23 Agrial View of Collapsed Fields Landing Overhead 53
24 Flexural Damage in Column of San Fernando Road Overhead 54
25 Fiexural Damage in Column of San Fernando Road Overhead 54
26 Flexural Damage in Column of San Fernando Road Overhead 55
27 Shear Failure in Column of San Fernando Road Overhead 57
28 Foothill Boulevard Undercrossing at Foothill Freeway

Looking in a Westerly Direction 56
29 Shear Failure of Column - Foothill Boulevard Undercrossing

at Foothill Freeway 56
30 Failure at Base of Column Supported on a Single Six Foot

Diameter Cast-in-drilled~hole Pile —- Golden State

Freeway and Foothill Freeway Interchange 57
3 Failure at Base of Column Supported on Spread Footing

Golden State Freeway and Foothill Freeway Interchange 57
32 Modes o! Failure tor Spread Footings 59
33 Modes of Failure for Pile Footings 60
34 Damaged Wing Wall of Abutment --

Roxford Street Undercrossing at Foothill Freeway 61
35 Differential Settlement of Backfill at Abutment

Roxford Street Undercrossing at Foothill Boulevard 62



FIGURE

NUMBER TITLE PAGE
36 Ditferential Settlement of Backfill at Abutment

Roxford Street Undercrossing at Foothill Boulevard 62
37 Definition of Elastic and Inelastic Deformations

for a Bridge Column 66
38 Idealized Displacement (Structure) Ductility 66
39 idealized Curvature (Section) ODuctility 67
40 Realistic Force-Displacement Curve

Showing Structure Ductility 67
41 Idealized Force Response Curve 73
42 Idealized Displacement Response Curve 73
43 Response Curves for increasing Damping 74
44 Idealized Hysteresis Loop 75
45 Earthquake Forces 76
46 Bridge Components and their Relative Stiffnesses 83
47 Approximate Lateral Stiffnesses for Different

Bridge Components 84
48 Lateral Load Distribution in a Symmetric Bridge 86
48 Lateral Load Distribution in a Symmetric Bridge

(continued) 87
49 Lateral Load Distribution in an Asymmetric Bridge 88
49 Lateral Load Distribution in an Asymmetric Bridge

(continued) 89
50 Effect of Elastomeric Bearings on Pier Lateral

Stiffness 92
50 Effect of Elastomeric Bearings on Pier Lateral

Stiffness (continued) 93
5la Examples of Acceptable Structural Form for Single

Span Bridges 94
51b Examples of Acceptable Structural Form for 2-Span Bridges 95

xi



FIGURE
NUMBER

TTLE

51c

51d

52a

52b

52¢

S2d

52e

52t

53

54

55

56

57

58
59

60

61

62

63

Examples of Acceptable Structural Form for 3-Span Bridges

Examples of Acceptable Structural Form for Muitiple
Span Bridges

Examples of Structural Form to be Avoided for
Longitudinal Response of Bridges

Examples of Structural Form to be Avoided for
Longitudinal Response of Bridges (continued)

Examples of Structural Forms to be Avoided for
Transverse Response of Highway Bridges

Examples of Structural Forms to be Avoided for
Transverse Response of Highway Bridges (continued)

Examples of Structural Forms to be Avoided for
Bridge Plers

Examples of Structural Forms to be Avoided for
Bridge Piers (continued)

Typical Bridge Abutments

Design Process

Acceleration Coetficient — Continental United States
Seismic Risk Map of the United States

Average Acceleration Spectra for Different Site
Conditions

Normalized Response Spectira
Ground Motion Spectra for A = 0.4

Representative Design Coefficent and Spectra Curves
for Four Different Locations

Comparison of Free Field Ground Motion Spectra
and Lateral Design Force Coefficients

Regular and Irregular Bridges

Single Mode Method of Analysis

xhi

96

97

99

100

101

102

103

104

112

116

118

119

119

121

121

125

125

131

133



FIGURE

TTLE

64

65

66

67

68a

680

69

70

n

72

73

74

75

76

77

78

79

80

81

82

83

Equivalent Radii for Rectangular Footings
Shape Factors for Rectangular Footings
Embedment Factors for Footings

Methods of Representing Pile Foundation Stiffness

Depth to Point of Effective Fixity for Drilled Shafts in Sand

Depth to Point of Effective Fixity for Drilled Shafts in Clay

Equivalent Cantilever Method using Relative Stiffness
Factors

Representation of Axially Loaded Pile Behavior and
Soll Reaction

Abutment Modeis

iterative Procedure for the Determination of
Abutment-Soil Interaction

Dimensions for Minimum Support Length Requirements

Caiculation of Shear Force for Ditferent Plastic Hinge
Locations

Dimensions of Example Bridge

Structural ldealization and Application of Assumed
Uniform Loading for Longitudinal Mode of Vibration

Displacements and Seismic Loading Intensity
Longitudinal Loading

Pian View of Three Span Bridge Subjected
to Assumed Transverse Loading

Plan View of Three Span Bridge Subjected
to Equivalent Static Seismic Loading

Column Interaction Diagram for Example 1
Column Interaction Diagram for Example 2
Seismic Retrofitting Process

Preliminary Screening Process

xii

141

143

144

145

148

149

150

152

153

155

157

161

169

173

173

178

178

187

189

203

205



FIQGURE

NUMBER TITLE PAGE
84 Bridge Seismic Inventory Form 206
85 Bridges in Series 209
86 Bridges in Parallel 209
87 Procedure for Evaluating a Bridge for Seismic

Retrofitting 211
88 Procedures for Determining Capacity/Demand Ratios for

Columns, Plers and Footings 219
89 Restrainer Orlentation - Transversely Rigid Supports 226
90 Restrainer Orientation - Transversely Flexible Supports 226
91 Restrainer at Pier - Positive Tie to Pler 226
92 Restrainer at Pier - No Positive Tie to Pler 226
93 Longitudinal Joint Restrainer for Concrete Box Girder 227
94 Expansion Joint Retrofit Detail tor Concrete T Beam 227
95 Expansion Joint Restrainers Tied to the Concrete Deck 229
96 Restrainer Retrofit of a Suspended Span 229
97 Transverse Restrainer Retrofit for Concrete Bridge 231
98 Vertical Motion Restrainer Retrofit 231
99 Bearing Seat Extension at Abutment 232
100 Seismically Vulnerable Bearings 232
101 Replacement of Rocker Bearings - Steel Extension 233
102 Replacement of Rocker Bearings - Concrete Cap 233
103 "Fixed" Bearing Retrofit by Embedment in Concrete 234
104 An "ldeal" Bearing Device 234
105 New Zealand Energy Dissipation Devices 237
106 Elastomeric Bearing Pad with a Lead Core 237
107 Japanese "“Earthquake Stopper” Device used on the

Ohtogawa Railway Bridge 239

xiv



FIGURE

NUMBER JITLE PAGE
108 Viscous Shearing Type Damping 239
109 Viscous Damping Devices used on the New Dumbarton
Bridge 239
110 Sliding Elastomeric Bearing Pad 239
IR Column Retrofit to Increase Confinement with Steel Hoops 241
112 Column Retrofit to Increase Confinement with Prestress
Wire 247
113 Column Retrofit to Increase Confinement with Steel
Shell 243
114 Column Retrofitting by Cutting Main Reinforcement 243
115 Column Strengthening by Concrete Overlays 244
116 Column Strengthening by Steel Plates 244
117 Column Strengthening by Steel Angles 245
118 Infill Shear Wait Retrofit 245
19 Footing Retrofit by Adding Concrete Cap 247
120 Settiement Slab - California Style 247
121 Settiement Slab - New Zeatand Style 248
122 Retrofit of Abutment with Soil Anchors 248
123 Gravel Drain System 251
124 Eftects of Restrainers at Bent During Liquefaction
Failure 251
125 Three Span. Straight Bridge Example 254
126 Six Span., Curved Bridge Example 262
127 Preliminary Abutment Stiffness - Equivalent Spring
Models 272
128 Example Abutment 274
129 Abutment Trial Designs 276

XV



UST OF TABLES

TABLE
NUMBER TITLE PAGE
] Worldwide Earthquakes Per Year 15
2 Redistribution of Forces due to Changes in Abutment

Stiffness 90
3 Recommended Maximum Bridge Lengths (feeD

for Monolithic Abutments 114
4 Site Coefficient (S) 123
5 Response Modification Factors (R) 126
6 Seismic Performance Categories (SPC) 128
7 Analysis Method Recommendations 130
8 Notation Changes 132
9 Suggested Soil Stiffness Parameters for

Preliminary Seismic Analysis 139
10 Stiffness Coefficlents for a Circular Surface Footing 142
N Elastic For(ies Due to Longitudinal Earthquake Motion: 176

Example
12 Displacements and Seismic Loading

Intensity for Transverse Loading: Example 1 179
13 Elastic Forces Due to Transverse Earthquake Motion: 181

Example 1
14 Maximum Eiastic Seismic Forces and Moments

for Load Cases 1 and 2 - Example 1 183
15 Dead Load Forces: Examples 1 and 2 184
16 Maximum Elastic Seismic Forces and Moments

for Load Cases 1 and 2 - Example 2 184
17 Calculation of Forces Resulting from Plastic

Hinging in Columns 190
18 Resuits of Vvariations in Superstructure Weight 197
19 Results of Variations in Bearing Fixity 197

xvi



TABLE
NUMBER

TITLE

20

21

22

23

24

25

26

27

28

28

29

30

K|

Importance Rating

Components for which Seismic Capacity/Demand Ratios
Must be Caiculated

Form for Comparison of Capacity/Demand Ratios
Straight Bridge Example
SEISAB Input Data - Example 1

Comparison of Transverse and Longlitudinal Periods
Straight Bridge

Comparison of Absolute Column Displacements for
Column 2 of Bent 2 - Straight Bridge

Comparison of Maximum Column Forces and Moments
for Bottom of Column 2., Bent 2 - Straight Bridge

SEISAB Input Data - Example 2
SEISAB Input Data - Example 2 (continued)

Comparison of Transverse and Longitudinal Periods
Curved Bridge

Comparison of Absolute Column Displacements and
Hinge Openings for Bent 4 - Curved Bridge

Comparison of Maximum Column Forces and Moments
for Bottom of Bent 4 - Curved Bridge

xvii

208

213

213

255

257

258

259

260

263

264

265

265

266



O

O O OO0

EQF
EQM

LIST OF SYMBOLS

acceleration coefficient

wave amplitude

maximum ground acceleration
bonded area of elastomer
effective shear areas
acceleration

ground acceleration
components of acceleration

buoyancy load

selsmic coefficlent, lateral load coefficient

damping coefficient

dead load

maximum displacement, initial displacement

response magnification factor
maximum ground displacement
dead load reaction

displacement

displacement as a function of time
components of displacement

earth pressure

modulus of elasticity

earthquake load on foundations
earthquake load on structural members
exponential constant (2.7183)

force. maximum value of f(D
damping force

inertia force

components of inertia force
spring force

shear force

dependable shear strength
ideal shear strength
required shear strength
components of force

xviil



KL‘ KT

UST OF SYMBOLS

maximum force

force as a function of time
unit friction load on pile
maximum unit friction on pile

shear modulus of soil
shear modulus of elastomer
gravity acceleration

pier or abutment height
horizontal force

moments of inertia

stiffness

bearing stiffness

modulus of horizontal subgrade reaction

components of stiffness in horizontal and vertical directions
components of stiffness in longitudinal and transverse directions
pler stiffness

components of stiffness in (x.y.8) directions

stiffness coefficient for circular footing

spring stiffness

effective stiffness

span length, total bridge length

column height

pile length to fixity for equivalient moment
ptle length to fixity for equivalent stiffness

Richter magnitude for earthquakes

mass

components of mass (translational and rotational mass inertia)
dependable flexural strength

ldeal flexural strength

required flexural strength

overstrength flexural capacity

maximum bending moment

top and bottom flexural moments in a column

xix



UST OF SYMBOLS

N number of blows per foot, standard penetration index
N number of earthquakes of given magnitude
N seat width

n damping ratio

n number of columns in a bent

np constant of horizontal subgrade reaction
P. Py load

p natural frequency

p load as a function of time

Po maximum value of p(v

Po: Pe® load intensity (force per unit length)

Q axial load on plle

Q vertical seismic force

Q torque

6Q elemental torque

q plle tip resistance

Imax maximum tip resistance

R focal distance

R force reduction factor, response modification factor
R radius of circular footing

Rg- Ry. Ro. Rg equivalent radii for rectangular footings

r frequency ratio

fab capacity/demand ratio

S site coefficient

Sa- Sy Sy spectral acceleration, velocity and displacement
SF stream flow pressure

Sq dependable strength

S; ideal strength

So overstrength

T, Tp period of vibration

Tmax maximum kinetic energy

T, total thickness of elastomer

t time



a,. By

UST OF SYMBOLS

potential energy

shear force

velocity

displacement as a function of time

ground acceleration

maximum ground acceleration

displacement as a function of distance along span

width

weight

work done by external load
load per unit length
weight per unit length

Cartesian coordinates

axial displacement of pile
critical axial displacement of pile

constant in beam stiffness formula

foundation shape correction factor for footings

area (integral) under lateral deflected shape of superstructure.
is proportional to effective lateral stitffness

constant in cantilever stiffness formula

embedment factor for footings

area (integral) under weighted lateral deflected shape of
superstructure

frequency ratio

area (integral) under the square of the lateral deflected shape
weighted by the weight per unit length of the superstructure:

is proportional to effective mass

deflection
maximum and yield deflections of a single column pier.

phase angle

xxi



UST OF SYMBOLS

6 rotation
u ductility tactor = 4, / Ay
v Poisson’s ratio for soil
¢ damping ratio
3.141593
o] maximum displacement
o strength reduction factor
®, overstrength factor
Dy Qy maximum and yield curvatures of member section
Q' effective soil internal angle of friction
w frequency. natural or forced
w frequency. forced

wp damped natural frequency

LIST OF ABBREVIATIONS

AASHTO American Association of State Highway
and Transportation Officials

ATC Applied Technology Council

Caltrans California Department of Transportation

C/D Capacity/Demand Ratio

FHWA Federal Highway Administration

IC Importance Classification

SPC Seismic Performance Category

xxii



CHAPTER 1 INTRODUCTION

Earthquakes damage civil engineering structures every year and bridges are no exception.
Historically. bridges have proven to be vuinerable to earthquakes. sustaining damage
to substructures and foundations and in some cases being totally destroyed as
superstructures collapse from their supporting elements (figure 1). In 1964 nearly every
bridge along the partially completed Copper River Highway in Alaska was seriously
damaged or destroyed. Seven years later, the San Fernando earthquake damaged more
than sixty bridges on the Golden State Freeway in California. This 1971 earthquake
is estimated to have cost the State approximately $100 million (1984 dollars) to repair
and replace these bridges. including the indirect costs due to bridge closures. Both
Japan and Chile have also experienced seismic damage to modern bridges in recent
years.

The poor seismic performance of bridge structures is surprising in view of the substantial
advances made in design and construction for vehicular (vertical) loads. For more
than a century. bridge spans have been pushed further than before, alignment has
become increasingly complex and aesthetic requirements have become more demanding.
Nevertheless. these demands have been satisfied by use of innovative materials and.
more recently. computer based analysis and design methods. However. similar advances
have not been made for the seismic performance of bridges as evidenced by the
Anchorage and San Fernando earthquakes.

The reason for this apparent paradox is that for live load. the critical element in a
bridge is the superstructure whereas for selsmic loads, the critical elements are the
substructures and foundations and their connections to the superstructure. The advances
in the state—of-the-art have been related 10 the superstructure with little or no attention
being given to the substructures and their performance under high lateral load.
Fortunately this situation has changed In the last ten years.

Following the defective performance of bridges in the San Fernando earthquake, the
Federal Highway Administration (FHWA) and the California Department of Transportation
(CALTRANS) began exhaustive studies into the seismic performance of bridges. This
intense effort has resulted In a series of publications. interim specifications and seismic
design guidelines for both new and existing bridges.

CALTRANS adopted new seismic design criteria in 1973, and the American Association
of State Highway and Transportation Officials (AASHTO) published a modified version
of these criteria as interim specifications in 1975. These have since been incorporated
in subsequent editions of the Standard Specitications for Highway Bridges (reference
1] and are the basis of seismic criteria for bridges nationwide. CALTRANS has refined
and updated its criteria continuously over the last decade [reference 2). They are
now more rigorous than the AASHTO Standard Specifications and reflect the higher
seismic risk Iin the State of Calitornia. In addition the FHWA funded the Applied
Technology Council (ATC) of California t0 prepare a synthesis report on seismic bridge
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Figure 1: Damaged Overcrossing. Golden State Freeway and
Foothill Freeway Interchange. San Fernando Earthquake. 1971




design based on the results of research recently undertaken within the United States
and in several foreign countries (principally New Zealand and Japan). Published in
1981 as set of Seismic Design Guidelines for Highway Bridges [reference 3}). this report,
widely known as ATC-6, is a state-of-the-art document which includes the most recent
developments and design practices for the seismic design of bridges. Written in a
code format, with an extensive commentary, it was adopted by AASHTO in 1983 as
an approved alternate Guide Specification for seismic design [reference 4] in all fifty
states.

Following the successful completion of ATC-6. the FHWA subsequently funded two further
projects In this area. The first of these was for the preparation of a companion set
of guldelines for the seismic retrofit of existing bridges. These were published in 1983
by the Applied Technotogy Councii under project ATC 6-2 [reference 5) and are unique
in that they are thought to be the only set of retrofit guidelines in print. The second
FHWA contract was for the preparation of a seismic design manual for bridge
foundations. Recently completed by the Earth Technoiogy Corporation. this publication
Is another state-otf-the-art reference work for bridge designers [reference 6).

In view of this weaith of literature. it is not surprising that bridge designers feel
overwhelmed by these rapid changes in design procedures and engineering practices.
Aware of this situation. FHWA funded the Engineering Computer Corporation in 1980
to prepare a Workshop Manual on the Seismic Design of Bridges. and to follow through
with a series of workshops to help bridge engineers assimilate and become familiar
with these new design procedures. However, at that time., the ATC Guidelines and
the Foundation Manual [references 4. 5 and 6] were not compiete and a revision to
the Workshop manual was considered necessary in the light of these subsequent
publications.

This present manual is the resuit of this revision. However, rather than a ‘“revision”,
this manual is a completely new document. It might be thought of as a beginner’s
guide to seismic bridge design but it is hoped that the expert will also find something
of interest in these pages. The emphasis of this work is on short- and medium-span
bridges that are typical of current design practice throughout the United States. As
will be seen. the superstructure type (girder or truss) Is less important than the
continuity of the superstructure. its connection to the substructures. and the design
of the substructures and foundations. Therefore. this manual Is appropriate to a wide
range of common bridge types in all seismic zones across the United States.

After a brief survey of relevant seismology in chapter 2, basic bridge dynamics
are Introduced in chapter 3. Some background is assumed In engineering mathematics
at this point, but the explanations of dynamic behavior are deliberately non-mathematical
in the hope of developing a “feel* for bridge response to dynamic loads. Even the
notation is simplified to minimize the number of road-blocks to understanding the basics
of bridge dynamics.

Chapter 4 explains the design philosophy currently adopted in the AASHTO Gulde
Specifications for seismic design and gives some historical background to this philosophy.
Accordingly. the past performance of bridges in earthquakes is reviewed and typical
damage and fallure mechanisms are discussed. Structural form as it affects bridge
selsmic performance Is discussed in detail in chapter 5 under the heading design
concepts. Good form |is lllustrated and the importance of simplicity, symmetry. and
integrity in a bridge Is highlighted. Structural form to be avoided is also lllustrated.



Design loads and their background are presented in chapter 6. especially in the context
of the AASHTO Guide Specifications. Of particular note here is the introduction of
explicit Response Modification Factors for reducing elastic forces to obtain design loads.
Chapter 7 overviews the calculation of member forces and displacements. given the
design loads. These design forces and displacements are found from recommended
methods of analysis (simplified where possible into a single mode procedure) and used
to proportion the columns. connections, footings and foundations of the bridge. Several
design examples are given in chapter 8 to illustrate the procedures outlined in the
earlier chapters.

Guidelines for the retrofit of existing bridges are summarized in chapter 9. It is an
attempt to consolidate the main points of the ATC 6-2 report [reference 5] into one
chapter to give an overview of the philosophy and some of the options avatlable to
the engineer engaged in retrofit. It is not possibie to condense all the relevant facts
into one chapter and the designer needing greater detail is referred to the source
document.

Chapter 10 presents some comparative analyses performed with the computer program
SEISAB. These analyses lllustrate the usefulness of SEISAB and the limitations of singie—
mode modelling for bridge seismic response.



CHAPTER 2 BASIC SEISMOLOGY

The level of seismic force that a bridge will be subjected to depends on the seismicity
of the region where the structure is to be built. Seismoiogy is the science of
earthquakes and related phenomena and it is through this science that seismic activity
and thus the seismic design loads for a bridge may be quantified.

in this chapter some basic concepts of seismology are introduced. Definitions of terms
commonly used in seismology are provided In a glossary at the back of this manual.
Explanations of the more important concepts are, however, given in this chapter. The
source of earthquake activity is then discussed and the nature of the motions during
an earthquake described. Features of these motions which are especially pertinent to
a bridge designer are emphasized, in particular the prevalent directions. frequency
content of the motions and the possibility of long period waves which may influence
the design of large bridge structures.

In addition to the effects of earthquakes. probabllity information concerning their
magnitude and occurrence Is required to develop design forces. The consideration of
motions from all possible events plus the probabilities of their occurrences Is then
the basis for determining the design earthquake for a particular site. The design
earthquake will aiso depend on local conditions (geology and soil profile) at the proposed
site. The importance of these items Is discussed.

This chapter is not intended to provide an in-depth knowledge of seismology and in
fact such detalled knowledge is not generally required of the bridge designer. The
end product of the magnitude and risk studies is generally available in code form
as a seismic design coefficient or a design spectrum. However, a basic understanding
of the mechanisms and effects of earthquakes will be helpful in assessing whether
code specifications are sufficient for a particular site and in deciding how to account
for unusual conditions which may exist at a site. When necessary. further information
can be found in references 7. 8. 9. 10 and 11.

2.1 TERMS USED IN SEISMOLOGY

Several terms commonly used in seismology are explained in a glossary appended
to this manual. Amplification of some of the more important terms Is given below.

Intensity

The intensity of an earthquake is a subjective measure of the effects of an earthquake
at a given location. It refers to the level of shaking at a specified place and therefore
a single earthquake will have a series of intensities, depending on where it is measured.
Various intensity scales have been proposed to date. with perhaps the two most popular



being those of Rossi and Forel (Europe. 1880°s) and Mercaili (taly, 1902). The former
scale (with ten numerical divisions) tailed to distinguish between “strong” events over
a certain intensity. The later scale in modified form is widely used today. It has twelve
numerical divisions, and is listed in detall in appendix A.

Curves drawn on a map which pass through areas of equal observed Iintensity are
called isoseismals. They are usually used to define the boundaries between regions
with successive intensity ratings. A typical Isoseismal map is shown in figure 2.

Magnitude

Magnitude is an instrumental measure of the size of an earthquake. independent of
the site of observation. The measurement is based on the principle that the amplitudes
of ground motions produced by earthquakes are a measure of the energy released
by the earthquake. Although this is difficult to quantity in practice. it Is the basis
of the most commonly used magnitude scale. the Richter magnitude. denoted by M.
Richter defined the magnitude of a local earthquake as the logarithm to the base 10
of the maximum seismic wave amplitude (in thousandths of a millimeter) recorded on
a standard seismograph at a distance of 100 kilometers from the earthquake epicenter.

l.e. M = logigA 4))
where A is the wave amplitude expressed in microns.

For instruments not located 100 km from the epicenter, a correction for distance is
applied. Other corrections may also be applied to account for differences in instrument
properties. and the type of seismic wave used to determine A. Despite these
corrections, varlations in the estimation of magnitude for the same earthquake are
still possible. The Richter magnitude most frequently used by the media. when reporting
a major earthquake. Is based on surface wave amplitudes measured a thousand or
more kilometers from the source.

Because of the logarithmic nature of the Richter scale, a unit change in magnitude
corresponds to a tenfold change in wave amplitude (ground movement. Since the energy
released In an earthquake is also logarithmically related to magnitude. a unit change
In magnitude corresponds to a thirtyfold change in released energy. This fact can
be lllustrated by the observation that. in general. bridge structures are not usually
damaged in earthquakes less than 5.5 in magnitude. However. a magnitude 6.5
earthquake can be devastating as demonstrated by the 1971 San Fernando earthquake
(which was a 6.5 event) in which 66 highway bridges were damaged or destroyed.
it is worth noting that it is now unlikely that a magnitude 6.5 event would damage
new bridges to the same extent. This is because seismic design procedures for
California bridges were substantially improved following this 1971 earthquake and bridges
constructed since the mid-70‘'s are expected to perform significantly better than pre-~
1971 structures.

Hypocenter. Epicenter and Focus

The hypocenter is that underground point where the initial rupture of rock occurs during
an earthquake. The epicenter is a point on the earth’s surface verticaily above the
hypocenter. Focus is a synonym for hypocenter. It is important to recognize that the
epicenter and hypocenter do not indicate the center of energy release.
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Fauiting

Faulting refers to planes of weakness in the earth’s crust. generally accompanied by
relative movement of material on either side of the fault. Faults may be active (at
least one movement within the last 35.000 years or two within the last 500.000 years)
or inactive.

The fault cuts the ground (horizontal) plane along a line whose direction from north
is called the strike of the fault. The fault plane Itself may not necessarily be vertical
and the inclination from the horizontal is called the dip of the tfault (measured
perpendicular to the strike). Three basic types of faults can thus be identified. based
on the nature of the relative movement between material on either side of the fault
plane.

When the rock on that side of the fault hanging over the fracture. slips downward
relative to the other side. the fault is said to be normal. Conversely. when the
overhanging side moves upwards the fault is called a reverse faulit. Both normal and
reverse faults produce vertical displacements seen at the surface as fault scarps. and
are called dip-siip faults. In contrast, faults producing horizontal displacements are
called strike—slip faults. If the motion of the far side of the fault is from right to left
the faulting ts left lateral; if it is from left to right the faulting is right lateral.
Most faults produce a combination of horizontal and vertical motion. and are called
oblique faults. These fault types are illustrated in figure 3.

Body and Surface Waves

When rupture along a fault occurs. the sudden release of energy sets off vibrations
in the earth’s crust. These vibrations can travel both within the earth’s material (body
waves) and on the earth’s surface (surface waves). Figure 4 gives a visual interpretation
of the varlous types of waves.

There are two major types of body waves - longitudinal or P waves and transverse
or S waves. The longitudinal waves travel by compressions and dliations in the direction
of propagation, and have the fastest speeds. They are denoted P for primary waves
and travel at speeds of several miles per second. These waves can travel through
both solid and liquld material. The transverse waves travel by shear distortions normal
to the direction of propagation. Although they are denoted S for secondary waves. they
transmit more energy than the P waves. S waves may also be plane-polarized. Those
that cause motion in a vertical plane containing the direction of propagation are called
SV waves (these are illustrated in figure 4): horizontally polarized waves are called
SH waves. S waves cannot travel through liquids.

Surface waves are so0 called because their motion Is restricted to close to the ground
surface. As the depth below the ground surface increases. the wave amplitudes become
less and less. There are two types of surface waves during earthquakes. The first is
called a Love wave., whose motion is similar to that of an S wave horizontally polarized,
except that its effects die out as depth increases. The second is called a Rayleigh
wave, similar to a rolling ocean wave. Material disturbed by a Rayleigh wave moves
In an elliptical path in the vertical plane containing the direction of propagation. Surface
waves travel more slowly than body waves. with Love waves being generaily faster than
Rayleigh waves.
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The amplitude of surface waves Is generally insignitficant compared to that of P and
S waves at distances as much as five times the depth of the focus. However. at greater
epicentral distances. the Rayleigh waves become very prominent.

2.2 EARTHQUAKE ACTIVITY

If the locations of the epicenters of ail earthquakes are plotted on a map of the worid
over a period of a decade or two, the resulting pattern will not be random. Clear
"belts” of seismic activity will separate large areas where aimost no earthquake centers
are located. Some of these belts are located along the edges of continents, while
others occur in the middie of major oceans. Still other belts coincide with arcs of
small islands. such as those In the Pacific. and the Aleutian chain swinging westward
from Alaska. These belts of earthquake activity are dramatic evidence that the earth
is not a solild. immoveable body. Rather, the theory used to explain this occurrence
(backed up by clear geological evidence) Is that the earth’s crust consists of a number
of large plates. slowly but surely grinding past each other. it is this relative movement
at the plate boundaries that is the major cause of earthquakes. However, there are
known occurrences of catastrophic earthquakes in regions away from plate boundaries.
in the United States. the New Madrid earthquakes (1811-1812) in Missouri and the
Charleston. South Carolina (1886) earthquake are dramatic examples of exceptions to
the general trend.

The plates are typically 30 to 60 mlles thick. and in tfact, most of the damaging
earthquakes have focal depths well within this range. In California, for example. all
the known earthquakes 10 date have been shallow-focus. and in central California, almost
all events have focal depths less than 10 miles.

The constant "grinding" of the edge of one tectonic plate past its neighbor is not
in itself sufficient to explain the sudden release of energy during an earthquake. The
theory coupling the relative movement between plates with the sporadic release of large
amounts of energy in the form of earthquakes is known as the elastic rebound
theory. The theory holds that an initially straight line perpendicular to the strike of
the fauit when the material Is in an unstrained state. siowly warps as the plates move
relative to sach other. This warping causes & gradual buildup of strains in the material
in the fauit zone. This straining cannot continue indefinitely. for eventually the weakest
rocks or those in the area of greatest strain will fracture. This fracture wili be followed
by an elastic rebound of strained material on either side of the fault, to its unstrained
state. It Is this rupture and subsequent rebound which is the Immediate cause of
earthquakes. On normal or reverse faults, this straining occurs in the vertical direction.
After the earthquake. the two sides of the fault lock up again and further straining
occurs.

The majority of earthquakes are not accompanied by visible fault displacements. and
the rupture and rebound occurs below the earth’s surface. When the earth’'s surface
does rupture. relative displacements up to 20 feet can occur.

Seismically active regions in a global sense are apparent from the plot of earthquake
epicenters. For the United States. a recent seismic risk map has been developed based
on the distribution of these regions. This map (figure 5) gives the expected intensity
of ground shaking in terms of effective peak acceleration. This can be thought of as

1M



Contours indicate effective peak acceleration (expressed as a decimal
fraction of gravity) that might be expected (with odds of 1 in 10
to be exceeded during a 50-year period. Linear interpolation
between contours is intended.

Figure 5: Effective Peak Accelerations (as a fraction of gravity)
for the United States of America (atter Reference 3)
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the maximum acceleration on firm ground that affects the behavior of sizeable bridges.
Thus the effective peak acceleration ignores accelerations resulting from high frequency
ground motion that have no impact on bridge response. The contours on the map
indicate acceleration levels that are expected to be exceeded during a fifty year period
with a probability of 10 percent.

2.3 NATURE OF EARTHQUAKE MOTIONS

The various types of waves that travel both within the earth and around its surface
were described In Section 2.1. However, the Interaction among these waves and the
geologic strata were not discussed. It Is this interaction. combined with the refiection
and refraction of these waves by subsurface strata. that gives rise to the ground motion
at a particular bridge site.

The actual speed of travel for all waves depends on the density and elastic properties
of the material through which they pass. For granite. P waves travel at about 3.5
miles/second, and S waves at about 2 miles/second. In most earthquakes. the P waves
are felt first. Some seconds later. the S waves arrive with their vertical and horizontal
motions. It is this wave motion that is particularly damaging to bridge structures.

When body waves travel through layers of rock in the earth’s crust, they are reflected
and refracted at layer iInterfaces. When reflection or refraction occurs., some of the
energy of one type of body wave is converted into waves of the other type. Thus the
motion at a distance from the epicenter Is a complicated mixture of the various types
of waves.

There Is considerable evidence that earthquake waves are affected by both soil conditions
and topography. For exampie. in weathered surface rocks. In alluvium and saturated
soils, the amplitude of seismic waves may be either decreased or increased as they
pass to the surface trom more rigid basement rocks. Also. at the top or bottom of
a ridge. shaking may intensity. depending on wave incident direction and wavelength.

2.3.1 Prevalent Directions

The total motion at a site during an earthquake is highly Irregular. Two horizontal
components and one vertical component are present in varying amounts depending
on the site. Studies have indicated that “principal® axes exist for the horizontal motion,
accelerations being largest when measured in the direction of the major principal axis.
This axis Is directed approximately towards the epicenter and Is approximately constant
In direction during the duration of strong shaking. Generally, vertical motions are less
than horizontal motions and the time of occurrence of the maximum vertical movement
does not necessarily coincide with that of the maximum horizontal movement.

2.3.2 Frequencies and Spectra

A recorded earthquake acceleration history may be decomposed into a series of
sinusoldal waves each with a gifferent amplitude and frequency. A plot of these
amplitudes against the corresponding frequencies is known as a Fourler spectrum. High
Fourier amplitudes in a particular frequency range indicate large amounts of energy
in the earthquake within that frequency range. Typical earthquakes are rich in frequencies
tfrom less than 0.5 Hz to about 20 Hz. Vertical motions have higher (requency
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components than do horizontal motions.

An alternate method of characterizing the energy content of an earthquake Is to use
the earthquake’s effect on a range of simple structures (called oscillators) with different
natural frequencies of vibration. If the maximum response for each oscillator is plotted
against its frequency. the resulting curve Is a response spectrum. This curve is
also a measure of the distribution of energy with frequency for a given earthquake.
Response spectra are used extensively in seismic design and are further discussed
in Section 3.4. The response spectrum for acceleration for the EI Centro (1940)
earthquake is shown in figures 14 and 15.

The amplitude of ground acceleration decreases with distance from the causative fauit.
The higher frequency components die out more rapidly than the lower frequency ones.,
sO that frequency content is a function of distance from the fauit.

2.3.3 Long Period Waves

At large distances (greater than 300 miles) from major earthquakes, very long period
(10 10 20 seconds) surface waves may be experienced. The possibility for such waves
should be evaiuated on a case by case basis for sites where long structures on many
supports are proposed. Long period waves could pose problems for this type of structure.
Different input motions at each pier may give rise to large relative deformations in
the superstructure and various substructures. Bridges on tall plers may also be
adversely affected by long period waves.

An example of the damage that can be caused by unexpected long period waves is
the destruction of an area of Mexico City by the Guerrero-Michoacan earthquake (1985)
which occurred 250 miles from the city. off the coast of Mexico. The damaged area
of the city was built on a drained lake bed that comprised very large deposits of soft
muds. The dominant period of these deposits was about 2 seconds and these were
excited by the arrival of the long period 2 second waves from the distant earthquake.
Resonance effects occurred which caused large ground movements (16 ins peak-to-
peakl and which in turn caused substantial damage to buildings with fundamental periods
of vibration near 2 seconds (e.g. those In the 8-20 story range).

2.4 EARTHQUAKE PROBABILITY STUDIES

In order to develop appropriate seismic design forces. information concerning the
probabilities of occurrence of earthquakes with varying magnitudes in the region of
the site must be examined. For most sites, this information Is adequately contained
in codes or related documents. However, for major structures or for sites with unusual
geological features. site specific studies may be warranted.

For seismically active regions, information on the frequency of occurrence of earthquakes
with various magnitudes Is avallable from historical records. So too is information
concerning likely maximum motions. and their frequency content. In areas with Ilimited
seismic data. the use of sound engineering judgement by experts in seismology and
geotechnical engineering Is required.

A general warning concerning the use of results of probability studies must be made.
Such results are only as good as the data upon which they were based. Reliable resuits
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can be obtained from probability studies if the data base contains quality data in
sufficient quantity. If such results are interpreted by experts. in light of general historical
selsmicity, meaningful conclusions can be reached.

2.4.1 Magnitude-Frequency Relationships

One of the most valuable studies is to determine the largest earthquake likely to occur
near the site during the life of the structure being designed.

To provide an answer, plots of frequency of occurrence versus magnitude can be
constructed from historical data near the site. Several investigators have done precisely
this. both for localized areas of high seismicity and for the world as a whole.
Gutenberg and Richter [reference 12) proposed an empirical relationship between
frequency of occurrence and magnitude which takes the form:

log N=a-Db M (2

where N is the number of shocks of magnitude M or greater per unit time, and a
and b are seismic constants that vary depending on the region’s seismicity. These
constants are derived by methods of statistics applying curve fitting techniques 1o
observed data.

Table 1 summarizes the frequency of occurrence of earthquakes of a particular magnitude
on a woridwide basis. It is seen that more than a hundred thousand earthquakes
of magnitude 3 or greater occur every year throughout the world.

Table 1: Worldwide Earthquakes Per Year
(from Reference 7)

MAGNITUDE AVERAGE NUMBER
M ABOVE M

2

20

100

3.000

15.000

More than 100.000

Wdboo~N®D

2.4.2 Peak Ground Motions

When determining peak ground motions at a given site for a given return period. the
attenuation or decay of motion with distance from the fault is of prime importance.
it is common to express the peak ground acceieration and velocity in terms of magnitude
and epicentral distance or focal distance. The tocal depth should be estimated from
other earthquakes on the same fault or in the same region. and the epicentral distance
should be measured perpendicular to the fauit. There exist a great number of decay
expressions, based on different amounts of data of different quality, from measurements
all over the world. As might be expected, there is a very large scatter in the predictions
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of such relationships. and only the more recent ones. which give statistical evaluations
of the scatter of the data. should be used with confidence.

In fact. large scatters in peak acceleration as a function of epicentral distance are
apparent from different sites In the same earthquake.

Perhaps the most broadly based relationship between magnitude, distance and peak
acceleration is that from the work of Donovan [reference 13]):

1080 e9-5M
(R + 25)132

(€)]

where a is the mean peak acceleration in cm/sec/sec, R is the focal distance in km,
and e is the exponential constant (2.7183). The equation is for the mean of 678
acceleration values of the Western USA, Japan and Papua New Guinea. and represents
a conservative estimate of acceleration for sites with 20 feet or more of soill overlying
rock.

Another attenuation relationship based on recent data is that of Esteva [reference 14),
who glves the following expressions for peak ground acceleration. a in cm/sec/sec
and velocity, v in cm/sec as:

_ 5600 e0%8M v 32 eM

(R + 4002 SR+ 2517 @

where e. M and R are as defined for equation (3).

These two expressions are based on Calitornila data and are valid for focal distances
greater than 10 miles. it should be noted that attenuation relationships are generally
inappropriate for small epicentral distances (less than 10 miles). Sites In this region
require special consideration. because the state-of-the-art is still rather limited.

If equations (3) and (4) are plotted. families of curves are obtained for various
earthquake magnitudes which relate peak acceleration to focal distance. An example
of such a set of curves is shown in figure 6.

The prediction of peak ground displacement is not as reliable as that for acceleration
or velocity. This is because displacements are usually calculated from a double
integration of the acceleration trace and are subject to numerical errors. However.
a rough estimate of ground displacement may be made from the empirical relationship
of Newmark and Rosenblueth ([reference 15I:

s <2 < s (5
v

where d is the required displacement (units must be consistent with those used for
acceleration. a and velocity, v). The lower bound for this non-dimensional ratio (5)
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is appropriate for large epicentral distances (greater than 60 miles) and the upper
bound (15) Is appropriate for smaill distances.

243 Frequency Content

In addition to peak ground motion parameters. the frequency content of the motion
is vital in the study of bridge response to earthquakes. It is thought that frequency
content. especially close to the epicenter, is a function of the type of rupture initiating
motion. It is also a function of magnitude.

There is a distinct tendency for the predominant period of the motion to lengthen with
distance from the epicenter. This Is caused by shorter period motions decaying more
rapidly with distance than long period motions. This effect is shown graphically in figure
7.

While the predominant period is a function of distance from the fault. the frequency
content in general is also a function of the geologic structure of the site. Generally.
sites with softer materials will have motions containing more long period components
than will sites with stiffer materials.

2.5 DESIGN EARTHQUAKE

The design earthquake is usually defined in terms of a design spectrum. This can
be estimated from the maximum ground motion parameters. together with some knowledge
of the local soil conditions. However, it is important to reaiize that the amount of
detalled knowledge of future earthquakes implicit in a design spectrum is limited. and
not to be misled about the current state of understanding of earthquakes.

As discussed In detail in section 3.4, design spectra consist of a set of curves, each
a function of structural period or frequency. with one curve for each indicated value
of structural damping. It Is important to recognize the distinction between a response
spectrum and a design spectrum. A response spectrum is a set of jagged curves.
one for each specified value of damping. giving some maximum response as a function
of period for a given ground motion. The design spectrum on the other hand. is used
to specify the level of seismic design force or displacement as a function of period
and damping. it represents response to a range oOf possible earthquakes at a particular
bridge site. It does not represent structural response to a single earthquake.

The shapes of design spectra are sometimes determined by smoothing a response
spectrum of a recorded event, or by averaging the response spectra of several similar
recorded events. In other cases, the determination of the shape of the design spectrum
is more complex, for the design spectrum may have to reflect the shaking potential
from different types of earthquakes. For example. in an area with one major fault and
several lesser ones. the short period portion of the spectra may be governed by close
earthquakes with lower magnitudes. while the long period end would be controlled by
a major event on the (more distant) major fauit
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2.5.1 Local Geology and Soil Conditions

In order to specify consistent levels of structural capacity for structures having different
natural periods, the design spectra should reflect the relative intensities of ground motion
expected at different frequencies. Several sets of standard spectral shapes have emerged
over the years, as a result of many different studies. Typically. only the overall amplitude
is changed from site to site. the spectrai shape remaining constant.

The foliowing local geological features can affect site response.

dimensions of soil deposit overlying bedrock

slope of bedding planes and of sedimentary deposits
changes of soil types horizontaily across a site
topography of both soil and bedrock

ridges

potential for liquefaction

soil types and conditions of deposit

The effect of soil type on acceleration spectra Is discussed In further detail in chapter
6. Figure 57 of section 6.2 shows that higher accelerations are generated in medium
period structures on softer solls. For example. a bridge with a fundamental period
of 1.0 sec will experience a four-fold Increase In acceleration If moved from a rock
site to one on soft clay.

One problem that frequently arises is how to adjust the design spectra to take account
of possible influences of local geology and soill conditions. The most important point
to remember Is that it is not generally justified to spend a large effort in tailoring
the shape of the design spectra to fit a given site. Where this effort Is warranted.
standard shapes are generally used as the starting point and minor deviations from
these yield site-specific spectra.

Usually. detalled fleild data concerning the effects of local conditions are not generally
available. and in these circumstances. ground motions at some depth (bedrock or firm
soil) are estimated and then propagated up to the surface using computer modelling
techniques. However, results from such analyses should be used with caution for they
can be very sensitive to the assumed soil properties and the motion at depth. Generally,
they should be used as secondary guides to support observations made in recorded
accelerograms from similar geologic and seismologic conditions. The observed behavior
should be used as a primary guide in reshaping spectra for a site-specific application.
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CHAPTER 3 BASIC DYNAMICS

Dynamic loads are loads that vary with time. Structural dynamics is the study of
structural rgsponse to these loads. Bridges are subject to several kinds of dynamic
loads ranging from wind and vehicle effects to earthquakes. Response to these loads
can be markedly dlfferent to that under static loads and indeed Dbridges that have
repeatedly withstood static loads have collapsed under dynamic loading of simlar or
l@ss magnitude.

The essential difference between static and dynamic loads is the time varying nature
of the dynamic loads. |If the frequency content of the applied load is close to the
frequency of vibration of the bridge. the structure will amplity the loading and large
and potentially destructive forces will be generated within the bridge. Essentially,
problems arise when frequency matching occurs. This is the basis of all resonance
phenomena. Load which Is applied very slowly causes response which is virtually
identical to static loading. On the other hand. cyclic load which is applied very rapidly
(i.,e. with high frequency) has negligible effect on a structure. Amplification of load
(sometimes also known as response magnification) only occurs when the rate of
apptication (frequency) of load is near one of the natural frequencles of one of the
modes of vibration for the bridge. Difterent bridges will therefore respond ditferently
to the same load because their natural frequencies wiil be different. Since typical
highway bridges vibrate with trequencles In the range 0.5 to 20 Hz and typical
earthquakes have the same frequency content (section 2.3.2), there is a very real
possibility that frequency matching will occur between a bridge and the ground during
an earthquake.

it is clearly important to be able to analyze a bridge for dynamic loads and the intent
of this chapter is to outline basic principles of bridge dynamics. Rigorous treatment
of the subject rapidly becomes mathematically compiex and today there are several
computer programs which take care of these complexities. However, a physical
appreciation of bridge dynamic behavior cannot be obtained from the use of computer
software or from the pages of an applied mathematics text on differential equations.
instead. the study of simple models. which approximate the behavior of actual bridges.
is recommended. Equilibrium equations become equations of motion from which natural
frequencies may be calculated and member forces and deflections may be estimated.
The primary factors influencing response (weight. stiffness and damping) are more
easily identified from these models but their limitation must also be clearly understood.
Consequently. some background in engineering mathematics Is necessary and. in fact,
it is assumed in the treatment given below.

If more detail is required in these areas. several good textbooks are available. for
example, references 17, 18 and 19.
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3.1 BRIDGE MODELLING

Bridges are assumed to respond to earthquake loads in one of two horizontal directions:
transverse and longitudinal (span-wise) respectively. Response in the vertical direction
is usually ignored for simple bridges provided restraint against relative vertical movement
is considered at the detail design stage. Actual seismic response will probably be in
a direction somewhere between these two principal horizontal directions and to account
for this possibility, combination of response from each direction is recommended.
For the present, it is sufficient to consider behavior in one or the other direction
assuming no interaction.

The simplest of all bridge modeis is the single mass model restrained by an elastic
spring. In this model. the mass is assumed to have one degree of freedom. i.e.,
it can move in only one direction. This assumption is reasonably accurate for the
longitudinal response of straight continuous bridges. However, its reliability for transverse
behavior is conditional on several factors and it may not be satisfactory for compiex
bridges. Nevertheless. for typical highway structures, the single degree of freedom
(sdof) model is sufticiently accurate for design purposes. especially if care is taken
with the selection of the equivalent mass and stitfness parameters. The limitations
on this sdof model and the analysis of complex bridges is discussed in section 3.5.

3.1.1 Example Bridge

To illustrate the spring-mass model a bridge exampie is shown In figure 8a. The
two-span bridge has seat-type abutments with sliding bearings to permit longitudinal
movement but the superstructure Is monolithic with a multi-column bent. Transverse
shear keys are provided at each abutment to prevent transverse movements across
the abutments and to lock the superstructure to the abutments in this direction. The
abutments and the foundation structure below the pier are all assumed to be rigid
in both directions.

3.1.2 Longitudinal Model
Figure 8b shows an elevation of this bridge and Iits equivalent spring-mass system.

The mass. M. represents the total mass of the superstructure and perhaps a portion
(one-third) of the mass of each column.

Usually the superstructure is the heaviest component in a bridge. by a wide margin,
and for the purpose of these simplified models it Is common to neglect the mass
contributions from other components.

The longitudinal movement of the superstructure mass. d. becomes the displacement
degree-of-freedom of the spring-mass system.

The spring constant (stiffness. K;) is given by the sum of the stiffnesses of all the
structural components effective in this direction. Since free sliding is presumed to
occur at the abutments. only the columns contribute to K. Expressions for column
stiffness for different end conditions are summarized in figure 47.
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span lengths (both)
dual column bent height
lc. moment of inertia
(each column, both directions)
dead load (superstructure)
ls. moment of inertia (superstructure)
E. elastic modulus

(a) Geometry and Properties

30

120 ft
30 ft

25 fté
7K/t
4000 fté
432,000 Ksf

l

Figure 8. Basic Bridge Dynamics. Bridge Example
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KL stiffness in longitudinal direction
= stiffness of bent (only)
ML = total mass of superstructure

9600 K/ft
1680/32.2 Ksec?/ft

2012)EI/h3
7(240)/g

() Equivaient Model for Longitudinal Response

equivalent stiffness in transverse direction
equivalent mass in transverse direction

x
—
nou

() Equivaient Model for Transverse Response

Figure 8: Basic Bridge Dynamics, Bridge Example (continued)
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3.1.3 Transverse Model
Figure 8c shows a plan view of the bridge and its equivalent spring—-mass system.

The effective mass. My. appropriate to this model needs to be calculated according
to the method of analysis used. It can range from the total superstructure mass to

the tributary mass appropriate to each pler as discussed below for each of the methods
of analysis.

The transverse movement of this effective mass. d. becomes the displacement degree-—
of-freedom of the spring—-mass system.

Since the abutments are both assumed to be perfectly rigid (infinite lateral stitfness)
the superstructure does not displace as a rigid body (as in the longitudinal case) but
rather deflects as a beam spanning from one fixed abutment to the other.

The lateral stiffness. Ky. is then a combination of the In-plane flexural stiffness of
the superstructure and the laterai stiffness of the columns. Various means are used
to determine this effective stiftness and some of these are described below.

The first and simplest is to neglect the continuity in the superstructure aitogether and
assume each bent and each abutment acts independently of each other. The total mass
of the superstructure is then divided up Iinto discrete concentrated masses lumped
above each pier or abutment according to the tributary length of the superstructure.
This Idealization gives the model the appearance of a number of lollipops standing
in line (large concentrated masses supported on fiexible plers) and is the basis of
the so-called lollipop method. In this case Mt Is given by the tributary mass and
Kt is just the lateral stiffness of the bent acting alone. This model will clearly
underestimate the lateral stiffness of the bridge because It neglects the inplane bending
stiffness of the deck. It therefore has limited application. The method was
recommended in the earller editions of the AASHTQO Standard Specifications but it has
now been replaced by the more realistic uniform load method.

The uniform load method calculates a value for Ky by applying a uniform lateral load
(w) to the bridge and finding the maximum deflection (4).

Then: Kt = wi/A (6)
where L is total length of bridge.

The analysis for this load case includes all structural members contributing to the
lateral stiffness and foundation effects when these are known. Such a calculation may
require a computer program for solution, especially if the structure is at ail complex.
But for the above bridge exampie it is possible to perform the analysis by hand using
the superposition of load cases to obtain the desired result. The equivalent mass,
Mt. to be used in the uniform load method is assumed equal to the total
superstructure mass as in the longitudinal direction. This method is recommended
in both the AASHTO and CalTrans Standard Specifications [references 1 and 2).

In one refinement to the uniform load method. the transverse mode shape is used

to obtain the equivalent lateral stiffness. In the so-called generalized coordinate
method. this mode shape is assumed to be given by a half sine wave and the mass
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distribution is again approximated by lumped values at each bent position. The validity
of the assumed mode shape is dependent on the ratio of stiffnesses between the
substructures and superstructure (defined as a stifiness Index). If the superstructure
dominates the stiffness, the method can give better results than the uniform load method.

Probably the most accurate of the equivalent static force methods is the single
mode spectral analysis method recommended in the AASHTO Guide Specifications for
seismic design [reference 4]. It uses the uniform load technique to generate an
approximate mode shape and Is therefore not as dependent on the stiffness index for
accuracy. The actual mass distribution is also used in this method which generates
a more realistic value for the equivalent mass, MT. It ensures more accurate values
for member forces which are calculated from the seismic coefficient and period of
vibration. This method Is described in detall in chapters 7. 8 and 10.

3.2 EQUATIONS OF MOTION
3.2.1 Undamped. Free Vibration

Given an equivalent model for the bridge structure, it now remains to write the equation
of motion and solve for displacement and frequency. As figure 9a illustrates. equilibrium
Is used to obtain the desired equation which takes the form of a second-order
gifferential equation in displacement. This may not be obvious from the boxed equations
in figure 9a because of the notation used for acceleration and displacement. However,
if x Is substituted for d. then velocity (which is the rate of change of displacement
with time) is given by dx/dt and acceleration (which is the rate of change of velocity
with time) is given by d2x/dt2. If these first and second order derivatives are
expressed as x and X respectively. the equilibrium equation in figure %a becomes

MX + kx = 0 )]
which is clearly an equation in x, the displacement variable.

To complete the solution, initial boungdary conditions must be specified. giving a harmonic
expression for displacement. The period of vibration is then shown to be:

T = 2m VM/K (8)
3.2.2 Damped. Free and Forced Vibration

So tfar in this discussion, damping has not been considered. However ail structural
systems exhibit damping to varying degrees and its effect on dynamic response is
generally beneficial. Structural damping is assumed to be viscous by nature. which
means that damping forces are directly proportional to velocity. |If the damping
coetficient, which relates force to velocity, Is sufficiently large. it is possible to totally
suppress the oscillation of a spring-mass system. The minimum value of this coefficient
that just prevents oscillatory motion. is called the critical value. A convenient measure
of damping Is then possible by comparing actual values of the damping coefficient
with this critical value. This ratio is frequently expressed as a percentage and typical
values for bridge structures fall in the range 2 to 10 percent. Although these might
appear to be small values. they are nevertheless very important in controlling peak
displacements and forces. especially near resonance and for Dbringing a bridge to resit
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K
SPRING-MASS SYSTEM FREE-BODY DIAGRAM FOR MASS
EQUILIBRIUM REQUIRES Fy + FS =0
where F = Inertia force (reluctance of mass to accelerate

and acts to oppose motion)
= mass x acceleration

z M.a
and Fg = spring force
= stiffness x displacement
= K.d
Substitution gives Ma + Kd = 0

Initial conditions must now be specitied
For example, it at time t = 0, d = D (initial displacement

then solution to equation of motion will be:

d = Dcospt
wheare p = natural frequency of vibration (in radians/sec.)
- Jim
THEREFORE
1. period of motion is given by T=2n /MW(—
2. velocity v = -pDsinpt and acceleration a = -p2Dcospt
3. maximuym velocity = p x maximum displacement
maximum acceleration = p? x maximum displacement

Figure 9a: Equations of Motion for Free Vibration of a Single Mass
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Fo 1
SPRING-MASS DASHPOT SYSTEM FREE-BODY DIAGRAM FOR MASS
EQUILIBRIUM REQUIRES Fi+ Fp + Fg = 10

where F|
Fo
Fg

Substitution gives

= Inertia force = Ma
= damping force = damping coefficient * velocity = cv

= spring force = Kd

Ma + cv + Kd = (©

Initial conditions and the forcing tunction must now be specitied

FOR EXAMPLE:

(o

or ()

or [144]

may be a harmonic load applied directly to the mass
then () = Fsinwt

where F is the amplitude (maximum value) of the force
and w is the frequency of the forcing function (radians/sec.)

may be a harmonic load induced by harmonic base excitation

then (v = -Mag = -MAgslnwi
where a is the base (ground) acceleration
A° is the amplitude of base acceleration
w is the frequency of ground movement (rads/sec.)

may be any other periodic or random function of time

Figure 9b: Equations of Motion for Forced Vibration of a Single Mass
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UNDAMPED

FREE VIBRATION

release conditions

e(t) = pcos (wr - 0)
T = 27 M/K

where p and 8 are given by initial

FORCED VIBRATION

(a) harmonic load applied assume *at rest® initial conditions
directly 10 mass then solution is
_ P in ot < B si
ot) = 2 ——— (sin @ — fisin wi)
ie. pU = pgysinwt k1 —-p
(o) harmonic base excitation assume "at rest” initial conditions
then solution is
ie. p = -MV vl
= ~MVggsinit ot) = — 5 (sin @t — fsin wt)
1 - f
(c) nonperiodic load assume "al rest® initial conditions

p = p(7) at time t

=7

then solution is (Duhamel’s integral):

1
o(t) = LJ‘ p(0) sin ot — 1) dt
mw J,

NOTATION

The notation used in the above Table is that of Clough and Penzien:

(McGraw—-Hill. 1975).

Dynamics of Structures

The equivalent notation used in this Manual is as follows:

Above Table Definition This Manual
B frequency ratio r
2] phase angle not used
£ damping ratio n
fol maximum displacement D
w natural frequency of bridge p
wp damped natural frequency of bridge not used
w frequency of forcing function w
() Undamped Systems
Figure 10: Solutions to Equations of Motion for Single Masses
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DAMPED
FREE VIBRATION o) = pe=t* cos (wpt — 0)
where p and 6 are given by initial
release conditions
FORCED VIBRATION
(a) harmonic i(oad applied assume Initial transient terms have
directly 10 mass been damped out
then steady state solution Is
le. p® = pgsinbit o(t) = p sin (@t — 0)
p =L - B + B
2
0 =tan"' th 5
1 -8
(o) harmonic base excitation assume  initial transient terms have
been damped oul
ie.. pl0 = —-MV then steady state solution is
= -MVgosinlit o(t) = psin (@t — 0)
—2
= MY Y0 p o~y D
k
D=L =0 -p) + @]
polk
© nonperiodic load assume “at rest” initial conditions
then solution is (Duhamel’'s integral):
pWw = p(7) at time t = 7
¢
1) = L p(0)e” 9 sin wp(t — 1) dt
Dp Jo
NOTATION
Above Table Definition This Manuatl
D Response Magnification Factor not used
k spring stiffness Kt or K
m mass M
p( force as a function of time 17w
Po maximum value of p( Fo
vt displtacement as a function of time au
Vg ground acceleration ag
Vgo maximum value of vo Ag
(b) Damped Systems
Figure 10: Solutions to Equations of Motion for Single Masses

(continued)
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at the end of an earthquake. Since the frequency of vibration of a damped system
Is only slightly difterent from an undamped system. it is usual to neglect damping
in frequency and period caiculations unless it exceeds about 20 percent.

Equilibrium is again used to analyze the response of a damped structure by the
introduction of the damping force into the equllibrium equation. This Is illustrated in
figure 9b.

if. instead of vibrating freely, the spring-mass system is forced to vibrate by a time
varying external force, this force may aiso be included in the equilibrium equation,
as shown In figure 9b. The forcing function may be applied directly to the mass
itself or be generated by base excitation (the earthquake situation) but in either case
the formulation of the equation of motion is the same.

Soiutions to the equation now depend on the nature of the external force. I(f harmonic,
then rigorous closed-form solutions are available [reference 17) and these are
summarized in figure 10.

Before leaving this section on equations of motion it is worth noting that solutions
for nonharmonic loads exist and are described in numerous textbooks such as reference
17. The most common formulation is called Duhamel’s integral and this solution is
also given In figure 10. Evaluation of the integral is rarely possible in a closed form,
but numerous computer aigorithms have been deveioped to perform this calculation.

3.3 PERIOD OF VIBRATION

The term natural frequency is used 10 mean the frequency at which a bridge will vibrate
freely. without being forced in any way. Free vibrations, as they are often called.
are most commonly measured or calculated by initially deflecting the structure. releasing
it 10 vibrate without interference. and recording the time it takes for the bridge to
complete a given number of cycles. The number of cycles per unit time is then a
measure of the natural frequency. The reciprocal of frequency is the time the bridge
takes to complete one cycle of vibration. Called the period of vibration, this interval
of time Is used more commonly than frequency to describe a vibratory motion or a
bridge's response to excitation. Equation (8) may be used to calculate this period for
any vibrating system. including a bridge structure.

Figure 11 summarizes the periods of vibration for the exampie bridge. These have
been calculated using equation (8) and substituting appropriate values for mass and
stiffness. It is seen that the period in the longitudinal direction is longer than the
transverse period because of the lack of abutment restraint in this direction. It will
also be seen that. for this example. there Is negligible ditference in the various
estimates for transverse period. Each method glves a similar value for the period
but this is not generally true for all bridges since. as noted earlier, the relative
contributions of stiffness (from the superstructure and substructure) affect the accuracy
of the various methods.

The influence of pier height and superstructure weight on the period is also illustrated
in figure 11. It Is seen that as the pier height increases from 30 ft to 60 ft the period
increases by almost a factor of 3. This is because the taller piers are considerably
more flexible and these bridges have longer periods due to their inherent fiexibility.
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DIRECTION AND METHOD M K PERIOD ]

longitudinal 1680/g | 9600%/1t | 2n /1680/(32.2)(3600) = 0.46 secs
transverse

1. lollipop method 840/ 9600 | 27 /840/(32.2)(9600) = 0.33 secs
2. uniform load method 1680/g | 24.960 | 27 /1680/(32.2)(24960) = 0.29 secs

3. generalized coordinate method | 840/g 15.600 27 /840/(32.2)(156000) = 0.26 secs

(@ Results for Example Bridge in Figure 8

\ STIFFNESS, Ky
oo
MASS. My 9600 4050 1200
&Ksec2/t0 th = 30 th = 40) th = 60)
13.045 232 .as7 655
26.090 .328 504 926
52.180 463 713 1310

Units: Perlod in seconds. Pler height (h) in feet

() Results for Different Column Heights and Superstructure Mass

Figure 11: Periods of Vibration for Different Bridges
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Flexibility may be increased. and the stiffness reduced. by a variety of means which
include (in addition to increasing the height). reducing the pier cross section and
changing the structural type (from a bent to a single column for example). Conversely.
bridges with stiff piers will have shorter periods. as will be the case for short-to-medium
pler heights. heavy column cross sections and for wall and multicolumn bent piers.

A heavier superstructure also responds with a longer period as shown in figure 11.
It is seen that a fourfold increase In weight will increase the period by a factor of
two.

One inescapable conclusion from figure 11 is that light, stiff bridges have short (iow)
periods of vibration and respond to excitation swiftly with high frequency vibration.
On the other hand. heavy. flexible bridges have long periods of vibration and respond
to excitation sluggishly with low frequency vibration.

3.4 RESPONSE SPECTRA

Earthquakes subject structures 1o time-varying forces which, in turn, produce time-varying
displacements and stresses within these structures.

From a design viewpoint. only the maximum value of displacement and stress is of
interest--the variation with time of these quantities is of littte consequence. For survival
the structure must withstand the peak value whenever that may occur. Therefore an
engineer need only know this one magnitude to successfully design a bridge and this
Information is made avallable in the form of response spectra.

it was observed in section 2.3.2 that it is possibie to generate curves which give peak
displacements for any structure subject to a given earthquake. These curves are called
response spectra because they give the response (e.g.. maximum displacement) of a
wide spectrum of structures as defined by their frequency (or period) and damping
ratio.

A useful introduction to this concept and to the immense value of these spectra can
be obtained by first considering response spectra for bridges subject to simple harmonic
motion.

3.4.1 Response Spectra for Harmonic Excitation

Although real earthquakes are not harmonic or even periodic. a very important concept
can be developed from the results for harmonic base excitation (figure 10). For
example, if the expression: p = vgoﬁzo (figure 10) is rewritten in the notation of
this Manual and slightly rearranged. it becomes:

D/ Dg=r2y/ J-r2)2 + (2nn?2 (9)

where r is the frequency ratio (=w/p) and n is the damping ratio. Then it D/Dg
is plotted against r. figure 12 is the result.

The vertical axis of this figure gives the peak displacement D of a single degree-of-
freedom system (when subject to a sinusoidal earthquake of peak displacement Dg
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Consider the example bridge (Figure 8) to be subjected to a harmonic base motion of amplitude

0.75 inches and frequency 3.5 Hz.

The above Response curves can be used to caiculate the maximum displacement in the Dbridge.

STEP 1: Assume period of bridge is 0.3 seconds and
caiculate trequency ratio. r.

Natural frequency of bridge (p) = 2mw/T = 20.94 rads/sec
Natural frequency of ground W) = 27 (3.5 = 21.99 rads/sec
therefore r = w/p = 21.99/20.94 = 1.05

STEP 2: Assume 10% equivalent viscous damping In the brigge.

then for r = 1.05 and n = 0.10.

the Response Magnification

STEP 3: Maximum displacement. D

= 4.72 09

= 472 (0.75)
= 3.54 inches

Factor D/D0 = 4.72

For comparison of performance. the Table below summarizes the responses of € bridges subject
to the same sinusoidal motion. The bridges have periods of 0.3, 0.5 and 0.9 seconds and damping
ratios of 2% and 10%. The sinusoidal motion is that used above (0.75 inches amplitude at 3.5

H2).
Oamping Ratio (n) 0.02 0.10
Period (M seconds 3 | s 9 3 .5 9

Frequency (p) rads/sec 20.94 12.57 6.98 20.94 12.57 6.98
Frequency ratio (r) = 21.99/p 1.05 1.75 3.15 1.05 1.78 3.15
Magniflcation factor (D/DQ) 9.95 1.48 1. 472 1.46 .1
Spectral displacement (D = Sy) ins 7.46 1.1 .83 3.54 1.10 .83
Spectral velocity (S, = p.Sq) ins/sec 156.3 13.95 581 74.13 13.76 5.81
Spectral acceleration (S5 = p2.Sy ins/sec? 3272 175.4 40.56 16552 173.0 | 40.56
Spectral acceieration (Sy) 8.47g .45g .10g 4.029g 459 10g

Figure 12: Displacement Response Spectra for Sinusoidal Base Motion




and frequency (W) in terms of its natural frequency p for a range of damping ratios.
Therefore this figure can be used in one of two ways:

either it will give the response (D)of arange of different single degree—of-freedom
systems to the same sinusoldal earthquake (Dg, w fixed)

or it will give the response (D) of one single degree-of-freedom system (p. n
fixed) to a range of different sinusoidal earthquakes.

Note that to use these curves, the only information required to describe the structure
Is its frequency (or perlod) and its damping ratio (n). Actual values of mass. stiffness
and damping coefficient are not required. Furthermore. these artificlal sinusoidal
earthquakes are completely described by peak ground displacement and frequency.

Figure 12 gives an example of the use of these response curves to predict the behavior
of six bridges (including the example bridge of section 3.1.1) to sinusoidal ground motion.
These bridges have periods of 0.3, 0.5 and 0.9 seconds and damping ratios of 2
percent and 10 percent.

it Is seen that damping always reduces the response but that its effect is greatest
when the frequency ratio is close to unity. For the 0.3 second bridge, this ratio is
1.05 and an increase in damping from 2 to 10 percent. reduces the maximum
displacement by more than a factor of two--from almost 10 inches to about 4-3/4
inches.

Also demonstrated in this table is the reduction in response as the period of the bridge
moves away from the period of the ground motion (0.29 seconds). i.e. as the frequencCy
ratio increases above 1.0. Resonance effects are evident when the frequencles (periods)
are matched. or nearly so. This Is also graphically demonstrated in the response
curves at the top of figure 12.

Since both of the above uses of the same set of curves involve the determination
of response for a range or spectrum of different circumstances, it now becomes clear
why these curves are called “response spectra.” They would be extremely useful in
design If sinusoidal earthquakes of constant amplitude and frequency. were encountered.
However, the value of these spectra for predicting maximum dynamic response led
to the development of simliar curves for real earthquakes, as described below., and
these have become the basis of modern seismic design.

Figure 12 is In fact a displacement spectrum for a sinusoidal earthquake. It is aiso
possible to generate similar curves which give peak accelerations and peak velocities
for sinusoidal earthquakes and these are called acceleration and velocity response
spectra. respectively. However. these other spectra have not been plotted here because
of the limited interest in sinusoidal earthquakes.

3.42 Response Spectra for Earthquake Excitation

To generate spectra for real earthquake time histories, Duhamel’'s integral is commonly
used and maxima values recorded and later piotted against frequency (or period) and
damping ratio. Because there is no closed-form solution to the integral equation each
point oan each curve in the spectra is computed numerically. A very large number
of calculations are required for this process and the first spectra were calculated using
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analog computers. Today the digital computer is routinely used to generate these
curves.

The numerical process by which these spectra are caliculated Is illustrated in figure
13. A single degree-of-freedom structure with period. T. and damping ratio. n, is
subjected (numerically) to a glven earthquake time history. In figure 13 the NS
component of the 1940 El Centro earthquake is used to excite a bridge with a period
of 0.5 sec and 2 percent damping ratio. Duhamel’s integral is evaluated at. say. one-
hundredth-of-a-second (ntervals throughout the duration of the earthquake. giving a
complete time history of displacement. velocity and acceleration of the mass. These
time histories are scanned and the maximum values saved (2.48in in figure 13). The
remainder of each record Is discarded. These maximum values ot displacement,
acceleration and velocity are then plotted against period and damping ratio, giving
one point on each of the three spectra. The whole process is then repeated for
a new structure (period and damping ratio) and another point piotted on each spectra.
In figure 13 the analysis of two further bridges Is lIllustrated. These have periods
of 1.0 sec and 2.0 sec respectively. The damping ratio Is maintained at 2 percent.
Maximum displacements of 6.61 ins and 8.84 ins are obtained and plotted against
the corresponding periods. The procedure is continued until there are sufficlent points
to construct the required curves. To obtain accurate spectral curves several hundred
structures may need to be analyzed in this way. which implies a substantial amount
of calculation. Furthermore, new spectra need to be produced for each earthquake
of interest.

No two displacement (or velocity or acceleration) response spectra are identical since
each earthquake is itself slightly ditferent in amplitude and frequency content.

However, there are certain trends which have been observed as follows:

acceleration spectra tend to reach a maximum at about a period of 0.5
sec.. then steadily reduce with increasing period

veloclty spectra also tend to reach a maximum at about a period of 0.5
sec.. but then remain constant with increasing period

displacement spectra show steady increases up to periods of 3 seconds.
but then are expected to remain constant. retlable experimental confirmation
In the long period range is not yet available.

Figure 14 shows the acceleration response spectra for the 1940 ElI Centro earthquake.
From this spectra it is possible to determine the maximum acceleration that the exampie
bridge In section 3.1.1 wouid have had to withstand to survive the El Centro earthquake.

Assuming 2 percent damping and a period of 0.5 secs. the peak acceleration is a
little under 1g. This means that at some point In time during the earthquake the
bridge would have been subjected to a horizontal acceleration of 1g. This is equivalent
to its full weight acting horizontally. Since It Is generally uneconomic to design a
bridge to withstand a horizontal force equal to its selt weight, damage to the
substructure is t0 be expected. However, as soon as the structure starts to deteriorate,
Its stifftness drops. Its natural period lengthens and possibly its damping increases due
to inelastic deformation.
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Because of the general trend of acceleration spectra to decrease with increasing period,
this longer period is beneficlal to the structure because less load is now induced.
For example. If the period should shift to 1.5 secs.. it can be seen from figure 14
that the peak acceleration reduces to about one-quarter (0.25g) of its previous value.
The total collapse potential of the structure is therefore reduced. but it will be damaged
as a result of the initial. very short period.

Figure 14 also shows the response of two bridges with periods of 1.0 and 2.0 seconds.
Peak accelerations are 0.6g and 0.2g respectively (assuming 2 percent damping)
showing the general trend for reduced accelerations with Increasing period. Because
the spectra are comprised of jagged lines and not smooth curves. apparent anomalles
are possible in the results from these curves. For example, a bridge with a period
of 0.75 secs and 2 percent damping will aiso experlence 0.6g peak acceleration whereas
at 0.9 sec the acceleration is higher at 0.89. This Is due to a local “valley” in the
2 percent spectra at just this period. Consequently response spectra for design
purposes are smoothed to remove these local discrepancies. so that slight changes
in period do not give overly favorable or unduly conservative estimates for acceleration.

A careful study of Duhamel’s integral will show that the acceleration, velocity and
displacement spectra are not independent for a given earthquake. Rather. they are
linked by the natural frequency. p. of the vibrating system.

If Sg. Sy and Sy are defined as the maximum value of acceleration, velocity and
displacement. respectively, for a given structure and a given earthquake. it can be
shown [reference 17) that:

and Sy = pSyg ao
These three quantities are called spectral acceleration. spectral velocity and
spectral displacement respectively and if the frequency term p is replaced by 2n/T,
these equations take the alternative form:

Sa = 47384/T2 and Sy = 2mSy/T. an

This interrelationship permits all three spectra to be plotted on the same graph using
tripartite axes and logarithmic scales. as shown for the El Centro earthquake In figure
15. It is now possible to also determine the maximum displacement for the example
bridge (section 3.1.1) and its maximum velocity, If subjected to the El Centro earthquake.
Assuming elastic behavior (no damage) and a period of 0.3 secs.. the peak
displacement (spectral displacement) is 1 inch. The peak velocity is just over 20
inches/sec. As the period lengthens (because of damage and reductions in stiffness)
to 1.5 sec.. the displacement increases 10 more than 5 inches, which confirms the
above expectation of excessive deformations (l.e. damage) somewhere in the structure.

Figure 15 also tabulates the reponses of the same family of bridges used in figures
12 and 14. Similar trends are again evident. Damping always reduces response and
in some cases quite dramatically. Bridges with longer periods experience lower
accelerations and therefore lower seismic forces than those with shorter periods of
the same damping ratio. However. one very important consequence for bridges with
long periods is the higher displacements that must be accommodated in the piers.
As illustrated in figure 15. there can be a sixfold increase in displacement for a
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For comparison of performance. the above table summarizes the responses of € bridges subject
10 the same EI Centro earthquake. These bridges have periods of 0.3. 0.5 and 0.9 seconds
and damping ratios of 2% and 10%.

The results for the 0.5 second period bridge with 2% damping are llustrated in the above
Spectra. All remaining results have been read from the same figure in llke manner.

Figure 15: Tripartite Plot of the Acceleration. Velocity and
Displacement Spectra for the El Centro (1840 NS) Earthquake
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ASSUME: ¢ individual column elements have negligible torsional stittness
e bridge superstructure acts as a diaphragm rigid in its own plane
e mass of dlaphragm Is uniformily distributed
diaphragm interconnects all eiements contributing to torsionat stiftness
e diaphragm rotates about center of stiffness

/

NOTATION:  a,. ay. ag accelerations in the x. y and @ directions

dy. dy displacements in the x and y directions

Fy. Fy shear forces in x and y directions

Flx. Fiy Inertlal forces In x and y directions

K. Ky lateral stiftness In x and y direction

Ko torsional stiffness

L total length of bridge

6Q. Q elemental torque and total torque acting about an axis
normal to the bridge deck

om, M elemental mass and total (translational) mass of bridge deck

Mg rotational mass inertia

T period of vibration

X,y cartesian coordinate axes for deck

w total width of bridge deck

] rotation about axis normal to bridge deck

STEP 1 CALCULATE TORSIONAL STIFFNESS

Consider one element (e.g.. a columm forced by the diaphragm rotation to
deflect (d,. dy). Then the torque required at the center of rotation is:

06Q = Fyy - Fyx

but Fyx = K.y and Fy = Kydy
where Ky = column lateral stitfness in x direction
Ky = column lateral stiffness in y direction
but dy = vy8 and dy = ~x@
where (x.y} = column coordinates with respect to center of
stiffness
and e = diaphragm rotation
substitution gives 0Q = [y3K, + x2K 16

The total torque (Q) Is given by the summation over all the columns
supporting the diaphragm.

Therefore Kg = Q/6 = [ [y3Ky + x’Kyl

This is the required torsional stifiness.

Figure 16: Caiculation of Period of Vibration for Rotation about Vertical Axis
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STEP 2

STEP 3

Ll— =
7~ Foa
/'// =~ TT"Ncolumn or
//\/ other pler elemant:
/ X, dx

8Q o
CALCULATE ROTATIONAL MASS INERTIA

Consider a small etement of the dlaphragm mass, 6m to move (dx.dy) as a
result of the dlaphragm rotation. 6.
Then Inertia lorces acting on the element are

Fix =
ay

-Oma, and F,y = -0may

where yag and By = -x.8g

Therefore the eiemental torque feit at the center of stiffness due to the mass
inertial forces is:

0Q = Fpy - Flyx
-0mx? + ylag

"

and total inertial torque. Q is given by

Therefore

Q =

Mg = -Q/ag

and for a rectangular deck

- ‘/-(x2 + yhamag
-/'(x2 + y2)am

of dimensions (L.W) and total mass M. rotating about

its center,

Mg = M (2 + w?) / 12

CALCULATE PERIOD OF TORSIONAL VIBRATION

2n MO/KG

For bridge in Figure 8: L = 240. W = 30. M =
and center of stiffness is at center of brigge.

Torsional period is given by T =

$2.17 Ksec2/tt

Therefore rotational mass inertia, Mg = 254,348 K.t.sec?
Also for same bridge:
abutment lateral stiffness =

2x bent laterai stiffness = 2(9600)K/H

therelore

19.200012002 + 0 + 19,200(120)2
552,960 x 10% K fyradian

Ke

Therelore on substitution. T = 0.13 secs.
e

Figure 16:

Calculation of Period of Vibration for Rotation about Vertical Axis
(continued)
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threefold increase In period. Unless the substructures (piers and bearings) are
specifically detailed to withstand these displacements elasticaily. high ductility demands
will be imposed which, as noted above. implies structural damage in the piers.

3.5 UMITATIONS ON SINGLE MODE MODELLING

Whereas the single degree-of-freedom model is extremely valuabie. because response
spectra are available to predict its behavior., not all bridges and certainly not all
bulldings can be accurately analyzed in this way.

This is because these bridges can vibrate in other mode shapes besides the fundamental
or basic shape and still satisty equilibrium. Whether these additional modes are
important or not is determined by their frequency of vibration and the direction of
the inertial forces required to excite each mode. In general. each mode vibrates at
a different frequency. and its contribution to the overall response will only be significant
if the frequency content of the earthquake Includes this particular modal frequency.
Also. it the direction of ground shaking is not coincident with the principal direction
of the mode. it will not participate in the bridge response. This may not be true
for complex bridges with coupled modes. but it is a reasonable assumption to make
for regular structures.

Since the frequency content of a typical earthquake is in the range of 0.5 to 20 Hz,
modes that fall outside this range may usually be safely ignored. In practice. however.
a much narrower frequency range may be used to filter out unnecessary modes. Since
the degree of modal participation is affected by the energy content of modes comprising
the ground motion, those with the highest energy are the maost significant. For typical
U.S. earthquakes. the frequency content of these modes appears to be in the range
0.5 to 10 Hz which means that structural modes outside this range may aiso be ignored.

Irregular or unusual bridges are more likely to have higher modes which will need
to be considered. To calculate these, a computer program should be used which
will find the shapes and frequencies for all those modes judged to be important by
the designer. In the absence of other information to guide the designer. 3 modes
for each span might be chosen for preliminary study., up to a maximum of 20-25 modes.
Many computer codes now exist which perform these so-called eigen-solutions for
elastic space frames. and some are specifically oriented towards bridge analysis.
General purposes programs may. however, use different terminology. but the basic
purpose is the same. For example. “"eigenvector” may be used for mode shape and
*eigenvalue” may be used for the square of the natural frequency (p;) of mode |.
These same programs will also determine the importance of each mode and combine
the modal responses by one of several approved techniques. More information about
these procedures and programs is given In chapters 7 and 10.

As an example of a second mode which will exist in the example bridge of section
3.1.1, consider the torsion mode in which the bridge rotates about an axis normal
to the deck. If the lateral stiffness of the abutment structures is not infinite (as
assumed earlier) but equal to twice the pler lateral stitfness. the period of this torsional
mode is shown In figure 16 to be 0.13 secs. This is about one-half of the transverse
transiational period (figure 11) and will be important if there is any eccentricity in
the as-built bridge between the center of mass and center of translational stiffness.
Torsional response Is further discussed In chapter 5.
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3.6 DUCTILE RESPONSE AND FORCE REDUCTIONS

it was demonstrated in section 3.4.2 that the example bridge In section 3.1.1 would
be damaged by the EI Centro earthquake. To strengthen the bridge to remain elastic
(undamaged) wouid be uneconomical and difficuit to justify for such an infrequent load
case. Instead. it is a common design principle to accept some selsmic damage in
a bridge provided it does not lead to the collapse of the structure. If the structural
components, which are expected to resist these extreme forces, are designed to behave
in a ductile manner, collapse can be avoided. However. a clear understanding of
the Implications of nonlinear behavior is required and the demand such response places
on the substructures needs to be calculated.

To gain insight into this design approach it is helpful to first consider the behavior
of a single degree-of-freedom system responding elastically to an earthquake. It will
exhibit a load-deflection relationship of the kind illustrated In figure 17a. Here. b
represents the maximum response of the system and the area abc is a measure Of
the potential energy stored In the system at the time of maximum deflection. As the
mass returns to the initial "at rest® position. this energy is converted into kinetic energy.

Now if the column is not strong enough to withstand the full elastic load Implied by
b. a plastic hinge will develop and the load-deflection curve will be as shown in figure
17b. When the limiting moment capacity Is reached in the hinge. deflection proceeds
along the path de and e now represents maximum displacement response. The potential
energy stored in the system Is given by “a-d-e-f" but not all of this energy is
recoverable. Only area "e-f-g" is avallable and is converted to kinetic energy as the
mass returns to zero. The remainder “a-d-e-g" is dissipated in plastic deformation
(mainly as heat) and Is therefore irrecoverable. Hence. although the strength is less
and plastic deformation implies a large deflection for negligible additional load. the
maximum deflection of an elasto—plastic system is not significantly different to that of
a purely elastic one. This is because less energy Is being fed back into the system
on each return cycle. However, it plastic deformation is accompanied by strength and
stiffness deterioration. these deflections will not necessarily be equal or even close.
This possibility is discussed later in this section but for the moment equal deflections

are assumed and the two previous load-deflection curves are redrawn as In figure
18a.

Now if ductility is expressed in displacement terms, a ductility factor 4 may be
defined Dby:

L= Ay / by a2
where b8, is the maximum lateral deflection at the end of plastic deformation
and Ay is the lateral defiection when yield in the column is tirst reached.

The reduction in force which always accompanies elasto-plastic action can now be
expressed In terms of 4. Geometry of similar triangles in figure 18a gives:

0B = OA/u

That Is; maximum force for design = maximum force from an elastic
response analysis / u
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Hence a force reduction factor (R) can be defined and shown to be given by:
R =u a3

it is well established that columns and plers can be designed to give structure ductility
factors In the range of 2 to 5.

This. in turn, means that design forces can be one-half to one-fifth of the elastic
response forces. provided the structural components have the capacity for the implied

plastic deformations, i.e.. provided they can undergo these inelastic deformations
without coliapse.

It iIs to be remembered that the above development for R is based on the assumption
of equal displacements during elastic and inelastic response. However, recent dynamic
studies have now shown that the equal-deflection criterion used in figure 18a may
not be conservative. especlaily if the plastic deformation causes a progressive degradation
in stiffness from cycle to cycle (as for example in reinforced concrete columns). In
these situations an equal energy criterion has been shown to be more appropriate
and this is lllustrated in figure 18b. Equating the areas "O-C-D" and "O-E-F-G" gives
the following expression for R (the force reduction factor):

R = 2 - 1 a4

Considerable judgment is therefore required to obtain suitable reduction factors and
both the AASHTO Guide Specifications and the Caltrans criteria make recommendations
on appropriate factors to use [references 2 and 4). Accordingly. R Factors should
be selected on a component-by-component basis and take into consideration the
importance of the component to seismic performance (e.g. substructure member or
a connection detall), structural type (e.g. wall type pier or a multicolumn bent) and
material (e.g. steel or concrete). More detailed discussion on ductility and its
importance in the seismic design of bridges is given in chapters 4 and 6.
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CHAPTER 4 DESIGN PHILOSOPHY

The basic aim of seismic design. as in any engineering design. Is to ensure that
the resistance of the structure is greater than the loads applied to it. This Is
complicated in seismic design by the fact that earthquake loads are not deterministic.
l.e. they cannot be determined in an explicit manner in the same way that dead loads.
vehicle loads and other environmental loads may be computed.

The resistance of a bridge is assessed differently for earthquakes than for other more
permanent or frequent loads such as dead and live loads. The magnitude of the most
extreme event in a seismically active reglon will generally be several times as severe
as the loads arising from other causes. To design a bridge to remain elastic and
undamaged for such infrequent extreme loads is generally uneconomic and in fact
not always possible. Therefore the philosophies developed for earthquake resistant design
differ from those adopted for other load types.

This chapter presents a seismic design philosophy for bridges and the rationale behind
this philosophy. Accordingly. the past performance of bridge structures in earthquakes
is reviewed, past and present design criteria are examined and the concept of acceptable
damage is introduced. Designh concepts for ductile behavior are aiso reviewed. Finally,
a brief outline of seismic isolation for bridges is presented.

4.1 BASIS FOR BRIDGE SEISMIC DESIGN PHILOSOPHY

For permanent ioads (dead loads). or frequently occurring loads (live loads). engineering
design is based on elastic principles so that the capacity of the structure is sufficient
10 resist all loads with a speciftied margin of safety. The magnitude of earthquake ioads
is such that this principle would be unrealistic for most bridges. Accordingly. a
commonly accepted seismic design philosophy for bridges Is as follows:

1. For low 0 moderate earthquakes, which may be expected to occur several
times throughout the life of a bridge. the structure is designed to resist
these loads with only minor damage.

2. For severe earthquakes which may occur once in the lifetime of a bridge.
some structural damage is accepted but controlled so as to prevent collapse
and preserve public safety. Where possible. damage that does occur should
be readily detectable and accessible for inspection and. if feasible, repair.

These concepts can be lllustrated by means of the simple bridge example shown in
figure 19, and the two response spectra given in figure 20. The lower level spectrum
in figure 20 is representative of a low to moderate earthquake whereas the higher
level spectrum is representative of a more severe event at the same site which is
assumed to be in a high seismic zone.

47



W
T =2n gT Kz-——3

Tributary Weight = W

Note: Lollipop model is used for illustrative purposes
only. See restrictions on use in Section 3.1.3.

Figure 19: Simplified Model for Calculation of Transverse
Period of Vibration
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Suppose the period of this bridge. with single column piers. is 0.3 sec.

Then if it is to remain elastic during the severe earthquake for the site, it will need
to be designed for a lateral seismic shear force of 1.0W.

However. as stated previously (section 3.4.2). it is uneconomic to design a bridge to
remain elastic under such a high lateral load. and a reduced value is used Instead.
The consequential damage is accepted provided total collapse is prevented and public
safety is preserved (see (2) above).

The permitted reduction depends on the ability of the substructures to withstand this
damage without collapse. For single column plers of the type tllustrated in figure 19,
a response reduction factor of 3 is judged appropriate. See. for example. table 5 in
section 6.4. Therefore the design force spectrum for the column Is one-third of the
elastic spectrum as shown In figure 20. The peak design force is now 0.33W. Also
shown on figure 20 is an elastic spectrum for a low-to-moderate earthquake for the
same site. it falls below the design curve for the column and therefore, the column
will not be damaged (but will remain elastic) during this low-to-moderate event--as
required by (1) above.

The seismic design philosophies that are currently used in the design of civil engineering
structures in the United States are summarized in the following subsections.

A. Nuclear Power Plants
Nuclear power piants are designed for two levels of earthquake excitation. The
first is called the Operating Basis Earthquake (OBE) and the second and higher
level is called the Safte Shutdown Earthquake (SSE). Site specific studies are
generally performed to determine the appropriate sizes of these two earthquakes.
The design philosophy Is such that for the OBE the stress levels in all structures
and equipment are of the order of two-thirds the ultimate strength design values.
For the SSE the stress levels are permitted to reach the ultimate strength design
values. Thus, for nuclear plants, there Is a two-level design approach and in both
cases. stresses due to seismic loads are less than or equal to the ultimate strength
(capacity). Design forces are not permitted to exceed the ultimate strength and
therefore no ductility or inelastic demand (damage) is expected In these structures.

B. Buildings and Bridges

Seismic design criteria for buildings and bridges throughout the world are generally
based on a single level of design earthquake. The design philosophy generally
adopted or inherent in building and bridge codes is such that structures are
designed to remain elastic and undamaged for small to moderate earthquakes.
These are those earthquakes which will occur more than once in the lifetime of
the structure. For more severe earthquakes. the Intent of these codes is to avoid
collapse but to accept that structural damage will occur. some of which may be
so severe that repair will not be feasible and demoalition. followed by reconstruction,
will be necessary. This means that in a severe earthquake. the stresses due to
seismic loads will exceed the ultimate strength and inelastic deformations (e.g.
plastic hinges) will be Imposed. It is however the express intent of these same
codes that catastrophic failure of those structural members which are subject to
inelastic deformations, be prevented by good detailing practice.
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In many of the early bridge and building design codes the lateral design force
(F) was expressed as a fraction of the weight (W) of the structure. This fraction
was frequently called a design coefficient (C) which had values in the range of
0.03 to 0.15. depending on the period of the bridge and soil conditions of the
site. A comparison of this design coefficient against realistic force coefficients
for the highest seismic zone of the AASHTO Guide Specification [reference 4) Is
shown in figure 20. It is evident that the forces given by these coefficients are
significantly lower than those that can now be realistically expected.

Following the catastrophic collapse of many bridges on the Golden State Freeway
during the 1971 San Fernando earthquake near Los Angeles. the California
Department of Transportation (Caltrans) made major revisions 1o the lateral force
coefficient method. The most important change was to use realistic design forces
and displacements. For comparative purposes. the forces and displacements In
the new Caltrans design criteria [reference 2] are now similar to the higher level
response spectra shown in figure 20. This change resulted in significant increases
in forces and displacements for the design of all bridgge components. For example.
the lateral force coefficient for a typical bridge was raised from 0.12 to above
1.0. However, reductions in these forces are permitted according to the importance.
function and type of each component. A theoretical basis for these force reduction
factors is given in section 3.6. They are further discussed in section 6.4 under
the titlte "Response Modification Factors”.

4.2 PAST PERFORMANCE IN EARTHQUAKES

An excelient literature survey [reference 21] chronicles earthquake damage to bridges
up until 1971. Reports on bridge damage in later earthquakes are given in references
22, 23 and 24. Damage to bridge structures may occur in the superstructure. the
substructure or the approaches. Typical types of damage are discussed below and
illustrated. where possible. by means of photographs from past earthquakes. It will be
seen that most fallures occur from horizontal rather- than vertical ground motion.

4.2.1 Superstructure

Loss of support for the girders is the most severe form of superstructure damage,
and this may be caused by a lack of continuity in the superstructure. inadequate support
lengths for the girders. skew supports which encourage rotation of the superstructure
about a vertical axis., or gross movements at the superstructure supports due to some
form of soll failure under the piers or abutments. Typical superstructure collapses are
shown in figures 21, 22 and 23. Reduction of this type of failure has been the principal
aim of the Californian seismic retrofit program in recent years.

4.2.2 Substructure

Substructure damage generally manifests itself in the form of damage to columns,
abutments and foundations (piles. footings). Column damage can be caused by flexural
failure (figures 24. 25 and 26)., shear failure. (figures 27. 28 and 29). and anchorage
failure of longitudinal reinforcement (figures 30 and 31). These types of fallure modes
may also cause collapse of the superstructure by removal of support for the
superstructure.
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Figure 21: Southern portion San Fernando Road Overhead

Figure 22: Damage to the Showa bridge
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Figure 23: Aerial View of Collapsed Fields Landing Overhead
(Photo - Times Standards. Eureka)
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Figure 24: Flexural damage in column of San Fernando Road Overhead

Figure 25: Flexural damage in column of San Fernando Road Overhead
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Figure 30: Failure at base of column supported on a single 6-foot diameter
cast-in—drilled-hole pile—Golden State Freeway and Foothill Freeway interchange

Figure 31: Fallure at base of column supported on spread footing
Golden State Freeway and Foothill Freeway interchange
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4.2.3 Foundations

Seismic damage, particularly to low bridges. is frequently caused by foundation failures
which result from excessive ground deformation and/or loss of stability and bearing
capacity of the foundation solls. As a result, substructures often tilt, settle, slide.
or even overturn, thus experiencing severe cracking or complete failure. Typical types
of fallure for spread and piled footings are shown. schematically. In figures 32 and
33 respectively.

424 Abutments

By virtue of their high lateral stiffness. abutments may attract the largest share of
the seismic inertla forces developed in the superstructure. These forces can be very
high and may cause severe failures., often of a brittie nature. The interaction of the
abutment with the backfill may also cause the wing walls to break loose from the
abutments as shown in figure 34. Backfill settlement resulting from compaction is
often observed as shown in figures 35 and 36.

4.3 CURRENT BRIDGE DESIGN CRITERIA

Since the 1971 San Fernando earthquake. the Federal Highway Administration has funded
numerous research projects to improve the seismic design of bridges. These culminated
in a contract to the Applied Technology Council of California to compile a new set
ot Design Guidelines based on the results of this research. Published in 1981, the
ATC-6 Seismic Design Guidelines for Highway Bridges [reference 3) were adopted by
AASHTO in 1983 as "Guide Specifications for the Seismic Design of Highway Bridges®
(reference 4). These specifications represent the state-of-the-art in seismic design
for bridges and are recommended for the design of all new bridges throughout the
United States.

Alternately, the criteria in the AASHTO Standard Specifications [reference 1] may be
used in the United States. These were also substantially modified following the 1971
San Fernando earthquake and the revisions first appeared as interim Specifications
in 1975.

As noted above in section 4.1(B), the Caltrans criteria [reference 2] for the seismic
resistant design of highway bridges were also rewritten post-1971 and in many respects
are similar to the AASHTO Guide Specifications [reference 4).

New Zealand and Japanese engineers have also refined and updated their seismic
design criteria for highway bridges in the past five years. As a consequence. the
seismic design provisions in the New Zealand Ministry of Works Highway Bridge Design
Brief (reference 25]. and the Japanese Specifications [reference 26]. have recently been
amended.

Conceptually, the Caltrans, New Zealand and Japanese seismic design approaches all
employ a “force design" concept. The Japanese criteria incorporate the highest levels
of design forces and therefore rely less on the ductility of the supporting columns.

In the New Zealand criteria, which also accepts the philosophy that it Is uneconomic
to design a bridge to resist a large earthquake elastically (without damage). bridges
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Figure 34:

Damaged wing wall of abutment—Roxford Street Undercrossing
at Foothill Freeway
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Figure 35: Differential settiement of backfili at abutment
Roxtord Street Undercrossing at Foothill Boulevard

Figure 36: Differential settlement of backflll at abutment
Roxford Street Undercrossing at Foothill Boutevard
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are designed to resist small-to-moderate earthquakes in the elastic range. Design
earthquakes are represented by the upper curve in figure 20, which may be reduced
by a displacement ductility factor io determine design force levels. This factor performs
a similar function to the reduction tfactors (R) allowed in other codes. The selection
of R depends on the ability of the bridge substructures to withstand inelastic deformation
and can range from 2 to 6 according to the judgement of the design engineer. The
design philosophy is that columns be capable of resisting the higher forces by inelastic
or ductile deformation. Thus flexural plastic hinging in the columns is acceptable but
the New Zealand code attempts to prevent significant damage to the foundations and
other joints. Consequently, as a second step in the design process. maximum forces
resulting from plastic hinging in all columns are determined. These forces are then
used for the design of all components connected to the columns including the
foundations. Hence, critical elements in the bridge are designed 10 resist the maximum
forces to which they will be subjected by flexural ylelding of the columns in a large
earthquake.

in the Caltrans approach the member forces are determined from an elastic design
response spectrum for a maximum credible earthquake. similar to the upper curve in
figure 20. Aithough there are several spectra in the Caltrans provisions. they are
of the order of. or higher than, curve 1 in figure 20. The design forces for each
component of the bridge are then obtained by dlviding the elastic forces calculated
using this curve. by a reduction factor (2). The Z-factor is 1.0 and 0.8. respectively,
for hinge restrainers and shear keys. These components are therefore designed for
expected and greater—than-expected (in the case of shear keys) elastic forces resulting
from a maximum credible earthquake. Weli-confined ductile columns are designed
for lower-than-expected forces from an elastic analysis as the reduction factor Z varies
from 4 to 8. Thus. in figure 20. the column design forces would be obtained by
dividing the upper curve Dby the Z-factor. This assumes that the columns can deform
inelastically when the seismic forces exceed these lower design forces. The end result
is similar to the New Zealand approach although the procedures used are quite different.

In the development of the AASHTO Guide Specitications [reference 4]. the assessment
of many loss-of-span type failures in past earthquakes was attributed in part to relative
displacement effects. Relative displacements between adjacent superstructure segments
arise from out-of-phase motion of different parts of a bridge, from lateral displacement
and/or rotation of the foundations and differential displacements of abutments. Therefore,
in the development of the AASHTO Guide Specification the design displacements were
considered to be equally important to the design forces. Thus minimum support lengths
at abutments, columns and hinge seats were specified; and for bridges in areas of
high seismic risk, ties between noncontinuous segments of a bridge are specified.
The design philosophy for forces in this AASHTO Specificaton is similar to that of
Caltrans. That is. the Dridge is analyzed using realistic forces caliculated from a realistic
design spectrum and the component forces are then modified by dividing these forces
by a reduction factor (R)--see section 6.5.

4.4 ECONOMIC CONSIDERATIONS

The design philosophy used for Dbridges clearly has economic implications. A bridge
can be designed such that it will suffer only minor damage in a major earthguake
it the upper level curve in figure 20 is used to design ail the components elastically.
However, the cost increase will be considerable. Thus. In the development of a design
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philosophy. clearly stated objectives are required if a compromise between cost and
safety is required.

in the development of the AASHTO Guide Specifications [reference 4). both acceptable
and unacceptable types of damage were defined. Detailed design and analysis
requirements were then developed to achieve these performance criteria as follows.

4.4.1 Acceptable Damage

The only form of acceptable damage in the piers is flexural yielding of the columns.
A well designed and detailed steel or reinforced concrete column can be subjected
to many cycles of flexural yielding without risk of collapse. Any resulting damage will
be visible and repairable and therefore acceptable.

For concrete columns to be repairable. it Is most important that the provisions for
confinement of the flexural reinforcement be satisfied in the zones where flexural yielding
is expected.

Nominal abutment damage may also be acceptable provided adequate seat widths are
used to accommodate the larger movements. Such damage might inciude shear key
failure (in the transverse direction) and/or backwali impact (in the longitudinal direction).

4.4.2 Unacceptable Damage

@ Loss of Girder Support. Clearly this is the most unacceptable form of damage.
To minimize this potential mode of failure. minimum support lengths for the
girders are specified. See sections 7.4.2 and 7.6.8. In addition. the design
provisions required for bearings and ties between non-continuous segments are
Iimportant since a bearing failure may precipitate a loss of girder failure.

(b) Column Failure. The two types of reinforced concrete column failures that can
lead to a catastrophic collapse are shear failures (figures 27. 28 and 29) and
pullout of the longituginal reinforcement (figures 30 and 31). A capacity design
approach (section 4.6) is adopted in the AASHTO Guide Specification to minimize
the possibility of a shear failure. Pullout of the longitudinal reinforcement is
addressed with detailed design provisions and the requirement to design
connections for the maximum expected forces generated from flexural yielding
in the columns.

(c) Foundation Failure. This can manifest itself in several ways with figures 32
and 33 providing illustrative exampies of this type of failure. In addition. any
damage that does occur will not be readily visible or easily repairable. As
a consequence, the AASHTO Guide Specification minimizes the possibility of these
modes of failure occurring. It requires that all foundation structures be designed
for the maximum forces that can be transferred by the piers. assuming flexural
yield in the plers. These forces may be reduced it it can be shown. for
example, that the ultimate soil capacity will be exceeded before these forces
reach their maxima. Similarly, local footing uplift is permitted where appropriate.

@ Connection Fallures. Connections are extremely important in maintaining the

overall integrity of the bridge. Consequently. in the AASHTO Guide Specification
particular attention is given to the displacements that occur at moveable supports.
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For fixed connections. conservative design forces are specified. In addition,
positive horizontal linkage is to be provided between adjacent sections of the
superstructure.

e Liquefaction Failure. Liquefaction of saturated granular foundation soils has been
a major source of bridge failures during past earthquakes. For example. during
the 1964 Alaska earthquake. 9 bridges suffered complete collapse. and 26 suffered
severe deformation or partial collapse. Investigations indicated that liquefaction
of foundation soils contributed t0 much of the damage. with loss of foundation
support leading to major displacements of abutments and piers. From the
foundation failures documented in the literature. it is clear that the design of
bridge foundations in soils susceptible to liquefaction poses difficult problems.
Where possible. the best design measure is to avoid deep. loose t0 medium-
dense sand sites where liquefaction risks are high. Where dense or more
competent soils are found at shallow depths. stabilization measures such as
densification may be be economical. The use of long ductile vertical steel piles
to support bridge piers could also be considered. Calculations for lateral
resistance would assume zero support from the upper zone of potential
liquefaction, and the question of axial buckling would need to be addressed.
Overall abutment stability would also require careful evaluation and it may be
preferable to use longer spans and to anchor abutments well back from the
end of approach fills.

Alternatively. it might be better t0 take a “calculated risk® for less important
bridges in areas susceptible to liguefaction. In many of these cases. it is not
possible to juslity the expense of a design that will survive a large earthquake
without damage due to liguefaction effects. However, it may be possible to
optimize the design so that the cost of repair ot earthquake damage does not
exceed the cost of additionat construction needed to avoid the damage in the
first place.

4.5 DUCTIUTY DEMAND

it is clear from the discussions of design philosophy that economic seismic design
throughout the world in both bridges and buildings is achieved by permitting tlexural
ylelding of the supporting columns. As a consequence. it is imperative that flexural
yielding occurs in a controlled and stable manner. Fiexural yielding in the column
implies deformation beyond the yield capacity of the column (section 3.6). The extent
of deformation beyond vyield is referred to as the ductility demand on the column.
Consequently it is important to understand the definition of ductility and what design
parameters impact the ductility capacity of a column.

The following definitions are commonly used to define ductility in a bridge structure.
such as that shown in figure 37.

(a) Displacement ductility (structure ductility, figure 38) gives a measure of
the extent to which the center of mass of a structure may be displaced
beyond the vyield displacement.

(b Curvature ductility (section ductility, figure 39) gives a measure of the
extent to which the curvature of a column section may be increased
beyond the vyield curvature.
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It should be noted that figures 38 and 39 illustrate idealizations of relationships applying
in practice. The actual form of the curves is shown in figure 40. Departure from
the elastoplastic idealization occurs because:

W Not all of the reinforcing steel in a reinforced concrete section reaches
yield at the same time. Bars furthest from the neutral axis yield first.
These are followed by the progressive yield of the remaining bars--
those closest to the neutral axis being the last to yieid.

A similar situation occurs in structural steel columns when subject to
increasing flexural rotations.

(i) Properties of concrete and steel vary in a nonlinear manner with strain.

For the majority of bridges, where ductility is provided by flexural plastic hinging of
the columns. the ductility capacity will be limited by the ultimate displacement A,
that can be sustained by the bridge columns without collapse. Definition of A, is
somewhat subjective, but a recommended approach for reinforced concrete members
is to define Ay as the displacement corresponding to either the first fracture of the
confining reinforcement In a column plastic hinge (which results in rapid degradation
of performance). or to a 20 percent drop in the iateral load capacity after the maximum
strength has been reached.

An understanding of the relationship between the structural ductility capacity and the
curvature ductility within the plastic hinge zone is fundamental to an assessment of
design ductility. The local ductility required at a plastic hinge in a yielding structure
may be expressed by the curvature ductllity factor @u/oy. where @, Is the curvature
of the section at first yield. and ®, is the maximum imposed curvature.

It can be shown that the required curvature ductility factor @, ,/®, at the plastic
hinge sections will generally be much greater than the required displacement ductility
factor for the structure. since once ylelding commences, further displacement occurs
mainly by rotation at the plastic hinges. The relationship between the curvature ductility
demand at the plastic hinges and the displacement ductility demand can be determined
by considering the geometry of the deformations of the bridge structure. See. for
example, reference 27.

In the AASHTO Guide Specification. there is no requirement to caiculate the structural
or curvature ductility demand. However, implicit in the requirements are structural,
and therefore curvature. ductility demands. The larger the R-factor for columns. the
higher the structural ductility demand. For important and very flexible structures. an
assessment of the structural ductility may be warranted. In this case. reference 27
provides an excelient summary of the state-of-the-art procedures for performing this
type of calculation.

4.6 CAPACITY DESIGN

Capacity design is a design procedure that is used to achieve a desirable hierarchy
of the failure modes in a bridge. For example. the brittle and catastrophic modes
of failure in columns. such as shear or compression. are much less desirable than
a flexural mode of failure. See figures 27. 28 and 29. The intent of a capacity design
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procedure is therefore to ensure that failure occurs in a fiexural mode before it occurs
by shear or compression. To establish a failure sequence in a complex chain of events.
it Is necessary to know the strength of each link. This knowledge must be based
on the most probable strengths of the structural components.

Definitions of various strengths used in capacity design are:
(A) ideal Strength. S

The ideal or nominal strength of a section of a member S; Is
obtained from theory predicting the failure behavior of the section based
on assumed section geometry and specified material strengths. The
ideal strength is that strength to which other strength levels can be
conveniently related.

(8) Dependable Strength. Sgy

The strength reduction factor (®) allows the dependable or reliable
strength Sy to be reiated to the ideal strength by:

Sqg = ®5) as

where @ is always less than 1. This is to aliow for material strengths
that are less than specified and poorer workmanship and smaller
dimensions than assumed for the ideal strength caiculation. Each one
of these may be within tolerable limits but In combination they will result
in undercapacity.

(C)  Overstrength, S,

The overstrength S, takes into account all the possible factors that
may cause a strength increase above the ideal strength. These include
a steel strength higher than the specified yield strength plus additional
strength due to strain hardening at large deformations: a concrete
strength higher than specified. section sizes larger than assumed, and
additional reinforcement placed for construction purposes or unaccounted
for in calculations. The overstrength can be related to the ideal strength
by:

So = ooS| ae6)

where @, is the overstrength factor and allows for all possible sources
of strength increase. it is always greater than 1.

The implementation of the capacity design approach in the AASHTO Guide Specification
is to ensure that the columns will have adequate flexural (ductility) capacity and that
the brittle shear and compression modes of failure have a low probabiiity of occurrence.

The steps required to achleve this are as follows:
STEP 1 : Analyze the structure under the design earthquake load and reduce the forces
so obtained by the appropriate R-factor. Pertorm the specified combinations with other

loads to calculate the required flexural strength M, at the plastic hinge sections of
the columns.
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STEP 2 : Design the plastic hinge sections of the columns such that the dependable
flexural strength Mgy 2 required flexural strength Mp from Step 1.

After finding the governing or controlling axial force and moment combination in Step
1. the column dimensions and longitudinal reinforcement (in the case of a reinforced
concrete column) are selected so that:

Mg = OM; 2 M| an
in which Mg = dependable flexural strength:

@ = strength reduction factor;

M; = ideal flexural strength and

M = required moment capacity from Step 1.

The value for ® varies between 0.5 and 0.9 depending on the level of axial force in
reinforced concrete columns.

STEP 3 : Calculate the overstrength flexural capacity of the plastic hinges.
The purpose of the overstrength calculation is to determine the actual member forces

that may be present when plastic hinges torm in the columns or piers. These
overstrength flexural capacities are found from the relation:

Mo = oM, (18)
in which Mo = overstrength flexural capacity:

®, = overstrength factor, and

M; = Iideal flexural strength of the column as designed.

The value recommended In the AASHTO Guide Specification for ® is 1.25 for
structural steel columns and 1.3 for reinforced concrete columns. The shear force
in a column is directly proportional to the column end moments,

i.e. Fy = (M7t + Mp)/h a9
where Fy Is the shear force
MT. Mg are moments at the top and bottom of the
column respectively
and h is the column height

This force Is a maximum when overstrength vaiues for Myt and Mg are used in
equation (19). This maximum is the required shear strength for the column. Fy,.
To prevent a shear failure, the dependable shear strength (F,4q) must be greater
than or equal to the required shear strength (Fypn).

i.e. Fyg 2 Fyn 20)

STEP 4 : Design the columns for shear such that the dependable shear strength
Fyq exceeds the required shear strength, F,,. from Step 3. This means that:

Fyg = ®Fy; 2 Fyn 21
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where @ is the strength reduction factor (for shear) and Fy is the ideal shear
strength for the column.

Designing the shear forces in the columns to correspond to the overstrength moments
will ensure that a brittle and undesirable shear failure in the columns has a low
probability of occurrence. Since the overstrength moments and corresponding shears
are also used to design the connections to the columns and the foundations. the
probabllity of faliure in these components is therefore also greatly reduced.

4.6.1 Example

1. Suppose after Step 1 in the above procedure the required flexural strength for
a column (Mp) is 100 Kft

2. Now design a column for this moment and after design. caliculate its ideal flexural
strength (M)).

Suppose M = 120 Kit
Assume ®, the strength reduction factor in flexure is 0.9
then Mg. the dependable flexural strength Is given by
Mg = 0.9*M;
= 0.9 (1200 = 108 Kft
check Mg 2 Mp which it is.
3. Assume an overstrength factor ®g of 1.30 and caiculate the overstrength

flexural strength, M, as follows:

Mo

1.30*M;
1.30 (120) = 156 Kft.

Now calculate the required shear strength (Fyp) to prevent shear fallure in the
columns (assume top and bottom column moments to be equal and a column
height of 12 ft)

Fyn = (M7 + Mg)/h
= (156 + 156)/12
= 26 K
4, If the strength reduction factor In shear is taken as 0.85, the shear steel In

the column must be proportioned so as to give an Ideal shear strength
(Fyp such that the dependable shear strength exceeds the required shear

strength.
i.e. Fvg = 0.85*F,; 2 Fyp
l.e. Fyi # 26/0.85 K
l.e. Fyi # 30.6 Kips
5. Compare this value for shear strength (30.6 Kips) with that calculated if just

the ideal flexural strength were used and no allowance made for flexural
overstrength or for the shear strength reduction factor:

Then: Fy = (120 + 120)/12 = 20 Kips
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It the column were provided with this level of shear strength. it would most
probably fail in shear before the flexural hinges were fully developed.

The difference in the above two shear capacities is the ratio of ®5/® which
for the above example is equal to 1.30/0.85 = 1.53.

4.7 SEISMIC ISOLATION DESIGN CONCEPTS

The isolation of structures trom the damaging effects of earthquakes is not a new
idea. The first patents for base isolation schemes were taken out at the turn of the
century, but until very recently, few structures have been bullt which use these ideas.
Early concerns were focused on the fear of uncontrolled displacements at the isolation
interface, but these have been largely overcome with the successful development of
mechanical energy dissipators (section 9.5.1). When used In combination with a flexible
device such as an elastomeric bearing or a sliding plate. an energy dissipator can
control the response of an isolated structure by limiting both the displacements and
the forces. Interest Iin base Isolation as an effective means of protecting bridges from
earthquakes has, therefore, been revived in recent years. To date -there are several
hundred bridges In New Zealand, Japan. Italy and the United States which use base
isolation principles and technology in their seismic design.

The basic intent of seismic isolation is to increase the fundamental period of vibration
such that the structure is subject to lower earthquake forces. However, the reduction
in force is accompanied by an increase in displacement demand which must be
accommodated within the flexible mount. Furthermore. longer period bridges can be
lively under service loads. On the other hand. studies have shown that the cost of
the isolation hardware can be offset against the savings in the substructures and
foundations (because of the reduced forces) and the long term reduction in repair
costs for seismic damage.

There are therefore three basic elements in a bridge isolation system, as follows:

[ ] A flexible mounting so that the period of vibration of the bridge
is lengthened sufficiently to reduce the force response.

[ ] A damper or energy dissipator so that the relative deflections across
the flexible mounting can be limited to a practical design level,

] A means of providing rigidity under low (service) load levels such
as wind and braking forces.

Fiexibility : An elastomeric bearing is not the only means of introducing flexibiity into
a structure. but it certainly appears to be the most practical and the one with the
widest range of application. The idealized force response with increasing period
(flexibility) Is shown schematically in the acceleration response curve of figure 41.
Reductions in base shear occur as the period of vibration of the structure is lengthened.
The extent to which these forces are reduced is primarily dependent on the nature
of the earthquake ground motion and the period of the fixed base structure. However.
as noted above. the additionai flexibilty needed to iengthen the period of the structure
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will give rise to large relative displacements across the flexible mount. Figure 42
shows an idealized displacement response curve from which displacements are seen
10 increase with Increasing period (flexibility).

Energy Dissipation : Large relative displacements can be controlled it substantial
additional damping is introduced iInto the structure at the isolation level. This is shown
schematically in figure 43. Also shown schematically in this figure is the smoothing
effect of higher damping. This effect can also be seen in figures 14 and 15 where
20 percent viscous damping is shown to remove most of the jaggedness inherent in
spectra with low damping.

One of the most effective means of providing a substantial level of damping (in excess
ot 20 percent is through hysteretic energy dissipation. The term hysteretic refers
to the offset between the loading and unloading curves under cyclic loading. Figure
44 shows an idealized force—displacement loop where the enclosed area is a measure
of the energy dissipated during one cycle of motion. Mechanical devices which use
the plastic deformation of either mild steel or lead to achieve this behavior have been
developed (section 9.5.1). Mild steel bars in torsion and cantilevers in flexure have
been tested. refined and are now included in several bridge structures. Similarly,
lead extrusion devices and lead-rubber (elastomeric) bearings have also been developed
and implemented.

Rigidity Under Low Lateral Loads : While lateral flexibility is highly desirable for high
seismic loads. it is clearly undesirable to have a structural system which will vibrate
perceptibly under frequently occurring loads such as wind loads or braking loads.
Mechanical energy dissipators may be used to provide rigidity at these service loads
by virtue of their high initial elastic stiffness. Alternately. some base Iisolation systems
use a separate wind restraint device for this purpose-—typically a rigid component which
Is designed to fail at a given level of lateral load.

4.7.1 Design Principles

The seismic design principles for base isolation are best illustrated by figure 45. The
solid uppermost line (curve (1)) is the realistic (elastic) ground response spectrum
as recommended in the AASHTO Guide Specifications for the highest seismic zone.
This is the spectrum that is used to determine actual forces and displacements to
which a bridge will be subjected. The lowest solid line (curve 4) is the design curve
from the AASHTO Standard Specification. [t Is seen to be approximately one-fifth of
the realistic forces given by the Guide Specification. This reduction. to obtain the
design forces. is consistent with an R-factor of 5 for a multicolumn bent (table 5.
section 6.4).

Also shown in figure 45 is curve (3), the probable overstrength of a bent designed
to the AASHTO Standard Specification. This has been obtained by assuming an
overstrength factor of 1.5 (section 4.6). Curve (3) therefore represents the probable
capacity of the bent.

The demand on this bent is represented by curve (1) and the difference Dbetween
demand and capacity results in damage--possibly in the form of plastic hinging in
the columns. This difference is highlighted in figure 45 by the arrow and note just
above the legend for curve (1).
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Now if the Dbridge Is isolated. the actual shear forces that the bridge will be subjected
to may be represented by curve (2) (small dashed line). This curve corresponds 1o
the same seismic input as curve (1) but it includes the effect of the substantial level
of damping inherent in hysteretic base isolation systems. The period of the isolated
bridge will be in the 2.0 to 2.5 second range and it Is seen that in this range the
overstrangth (actual capacity) of the bent exceeds the realistic forces (demand) for
the isolated bridge. This region has been shaded in figure 45. There is therefore
no inelastic detormation or ductility required of the bent and elastic performance (without
damage) is assured.

The benefits of seismic isolation for bridges may be summarized as follows:
o Reduction in the realistic forces to which a bridge will be subjected

by a factor of between 5 and 10 (based on curves (1) and (2)
of figure 45 and a period shift, due to isolation, of say from 0.4s

to 2s.)
] Elimination of the ductility demand and hence damage to the piers.
() Control of the distribution of the seismic forces to the substructure

elements with appropriate sizing of the elastomeric bearings.

° Reduction in column design forces by a factor of at least 2
compared 1o conventional design (based on curves (4) and (2) of
tigure 45 and a period shift. due to isolation. of say from 0.4s
to 2s.)

] Reduction in foundation design forces by a factor greater than 2.5
compared to conventional design (based on the fact that
conventional design requires higher design forces for the foundations
than for columns).
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CHAPTER 5 DESIGN CONCEPTS

This chapter overviews seismic design concepts for bridges and is arranged in three
parts.

The first part discusses structural form and highlights those factors influencing seismic
performance. The distribution of lateral stiffness and strength determines the load
paths through a bridge. The key to a successful seismic design lies in attracting
seismic forces to elements able to resist them without collapse. Simplicity, symmetry
and integrity are shown to be the basic steps towards this objective. To illustrate
these general principles. this section also contains examples of structural form commonly
used for resistance to seismic loads. Both good and bad form is illustrated for the
purpose of reinforcing baslic design concepts.

in the second part. seismic considerations for bridges of unusual geometry and/or
type and for those In difficult or hazardous sites are briefly discussed.

The third part of this chapter reviews seismic design concepts for the major components
of a bridge. Performance requirements are reviewed for the superstructure. joints and
bearings. the substructures. foundations and abutments.

5.1 STRUCTURAL FORM

Seismic performance is determined by structural form. which in turn, is a function
of bridge geometry, structural types and member interconnections. Since seismic loads
act predominantly in the horizontal plane. the distribution of these loads to the foundation
is determined by the Integrity of the superstructure and the relative horizontai stiffness
of the varlous substructures supporting the bridge.

Bridges are conventionally designed 10 optimize performance for verticai loads and often
littte thought is given to the resistance of horizontal forces-—at least in the conceptual
stages of the design process. Consequently when seismic performance is checked.
it is for an already preconceived structural form. While this approach Is understandable
in view of the primary function of a bridge structure. it does not always give a
seismicailly optimum bridge. This situation can be avoided if seismic loads. and the
appropriate form to resist these loads, are considered from the outset of the design
process. Even In regions of low seismicity. where seismic loads may not govern lateral
load performance. the adoption of good (seismic) structural form will benefit the overali

design. A Dbridge with good seismic form is a better bridge no matter which lateral
load case governs.

Consideration of seismic performance early in the design process is an achievable

target since all stages of bridge design are usually performed in the same office.
In contrast, building structures are generally conceived by architects and subsequently
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given to engineers for design detalling. The reasons for good structural form are then
much harder to impress on those responsible for the conceptual design. No matter
how competent the engineer, it is considerably more difficuit to make bad form respond
well in an earthquake. However, for bridge structures the design engineer has the
advantage of more direct control over all phases of the design process and good
selsmic performance should be the end result.

It is the intent of this section to discuss good and bad form with regard to the seismic
performance of bridges. Awareness of the principles presented here. during the
conceptual design stage. should avold the evolution of a design with poor seismic details.

5.1.1 Basic Requirements

There are no universally accepted rules for structural form which will guarantee structural
survival in an earthquake. Instead. there are general guidelines which. i followed,
will greatly improve the chances of satisfactory performance. These are discussed
below under the following headings:

A. Simplicity
B. Symmetry
C. Integrity

A. Simplicity

Historical records of earthquake damage repeatedly demonstrate that the simplest
structures have the highest survival rate.

Seismic loads are inertial loads and act through the center of mass of each
structural component. The transfer of these loads to the ground by the shortest
and most direct path will in general assure the best performance. Simple structures
have very direct load paths and hence their good performance record.

One of the advantages of a direct load path is that it is usually obvious and can
be proportioned and detailed for the expected loads. Collapse or damage. due
to load transfer via a weaker and unexpected path. is then much less likely to
occur.

Furthermore. more accurate predictlons ot performance can be made for simple
structures, especlally those that can be modelied as single-degree-of-freedom
systems. Uncertainties associated with higher modes of vibration are eliminated
and reliable estimates of forces and displacements can then be predicted for these
structures.

By comparison with other structures, the typical highway bridge is a simple structure
and can be given a high degree of protection by taking some straightforward
precautions. In a bridge. the heaviest component is the superstructure and the
transfer of the inertial loads from the superstructure to the ground by the most
direct path through the substructures, is the first step towards good structural form.

However simplicity has one serious disadvantage. A simple bridge does not have

the same degree of redundancy as a more complex one. There are not as many
(it any) alternate load paths. and there may be no fall-sate or back-up system
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should failure occur on the primary load path. Consequently. when a simple bridge
fails, it does so catastrophically. Simple structures may also concentrate all their
ductility demand (energy dissipation requirements) into a few struCtural members
which, in a bridge. are the piers. Therefore. large plastic deformations can be
expected in some columns which, it not detailed for this demand. will tail and
thus trigger total collapse of the superstructure. It is therefore imperative that
attention to detall, particularly joint and plastic hinge details. be given high priority
in the design process. This point is discussed again under C. Integrity.

Symmetry

Symmetry in plan is usually recommended for all structures in order to minimize
rotation about a vertical axis and avold the damaging effects of these so-called
torsional rotations. This is also true for Dbridges where excessive rotations of the
superstructure wili cause impact and damage to the abutments and impose torsional
shear forces on the piers.

Not only is geometrical symmetry important but also symmetry of stiffness. Each
girder. pier. abutment and pile contributes to the total lateral stitfness of a bridge
structure, but by different amounts. The centroid of this spatial distribution of
stiffness is called the center of stiffness (sometimes also called the shear center)
and to avoid rotation, it should coincide with the center of mass. The deck will
not rotate if the eccentricity between the resultant of the appiied force (which acts
through the center of mass) and the resultant of the resisting forces (which passes
through the center of stiffness) is zero. Symmetry. therefore. requires that the various
sources of lateral stiffness in a bridge (l.e. the piers and abutments) be
symmetrically located about the center of mass. For bridges with a uniform weight
distribution In the superstructure and uniform foundation conditions, this requirement
is satisfied by geometric symmetry, i.e. by piers of equal height and size being
iocated symmetrically about the transverse center line of the bridge.

Symmetry is easler to satisfy if there are no sudden changes in stiffness from
one substructure t0 another. If such a change is unavoidable (as from an abutment
to a bent, then a similar change should be provided in the corresponding position
at the opposite end of the bridge.

One of the consequences of symmetry is that the superstructure detlects in pure
translation without rotation. Under these conditions. the load distribution to the
substructures is in direct proportion to the individual lateral stitinesses—-those

elements with the highest stiffness attracting the highest proportion of the seismic
load.

However. it symmetry Is not satisfied and torsional rotations are also present, the
load distribution is no longer proportional to lateral stitftness and high loads can
be imposed on elements of low stitiness and possibly of low strength.

Furthermore. if there is a nonuniform distribution of strength so that one element
yields before another. the sudden drop in stiffness for this element may cause
a dramatic shift in the location of the center of stiffness. Rotation will occur which
may aggravate an already deteriorating structure and may severely damage one
or more substructure elements.
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C. Integrity

This requirement. simply stated. means that the various components of a bridge
must remain connected together during an earthquake. These elements and their
connections must have sufficient strength to transfer their loads from one to another
and to the ground or to those substructure members designed to dissipate these
forces by plastic deformation. it also means that where seat-type supports are used.
generous seat lengths are provided to avoid loss of support for the girders.

Continuity of the superstructure to distribute in—-ptane forces to the piers and
abutments Is clearly important. Bearings and shear keys must have adequate
margins of strength to transfer these superstructure loads to the substructures without
risk of tfallure. To be assured that they wlil perform adequately in these
circumstances they should be designed for seismic forces taken directly from the
elastic spectra for the site. Substructures must have sufficient strength to transmit
these loads to the foundations or be detailed to dissipate signiticant amounts of
energy through plastic deformation (ductility) without collapse. If ductile behavior
is expected from a substructure, there should not be any sudden changes of
stiffness within the element. Dramatic reductions in stifftness can place very high
demands on the displacement capacity of the flexible portions of the element
If not detailed for these high demands., total collapse may resulit.

Careful detailing is important for a structure’s survival. Generous girder seating
lengths, conservative bearing details. confining steel in plastic hinge zones and
generous rebar anchorage lengths., shear keys and other restraining devices are
examples which help ensure a structure’s integrity for seismic loads.

5.1.2 Lateral Stifftness

It can be concluded from the above that the distribution of seismic loads from bridge
deck to foundation is primarily a function of superstructure Integrity and substructure
stiffness. However. all elements of a bridge contribute to both the integrity and stiffness
and it is now useful to consider the various sources of bridge lateral stiffness. For
this purpose the foliowing structural components are identified:

Superstructure: bridge girders and deck slab.

Joints, bearings. shear keys. restrainers and other hardware.

Substructures: single or multi-column bents, wall piers.

Foundation structures: abutments (both seat-type and monolithic), walls,
spread footings, and piled footings.

Figure 46 gives guidance on relative stiffness for each component listed above and
also lists those factors affecting lateral stiffness. Useful expressions for computing lateral
stiffness are given in figure 47. Most are based on simple beam theory with appropriate
modifications for end conditions and shear deformations. A good structural designer’'s
handbook Is a useful design aid for this kind of calculation. e.g. reference 28.

5.1.3 Influence of Relative Stiffness on Load Distribution
It was noted in section 5.1.1B that If a bridge deflects In pure translation, the highest

loads are attracted into elements of highest stitfness. However, if rotation is present,
this general rule no longer holds. and high loads can be generated in elements of
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low stitfness. This is because the additional deflection in elements some distance away
from the center of stiffness. due to rotation. can be very large. Note that such a
situation creates a high ductility demand in the adjacent columns.

To illustrate these effects consider the 3-span bridge example in figure 48.

Two cases are presented: The first is symmetric where both abutments and both piers
have the same stiffness. For the purpose of discussion each abutment is assumed
10 be 5 times the stitfness of each pler. in the second case. the bridge is asymmetric
with the stiffness of the left-hand abutment reduced to twice the stiffness of a typical
pier while the right~-hand abutment remains at five times the stifiness.

A. Symmetric Bridge Example (figure 48)

Since the centers of mass and stiffness coincide for this case. the superstructure
deflects without rotation: i.e.. in pure translation. The seismic load. P. is then
distributed in direct proportion to the lateral stitness of the supporting structures.
Thus each abutment attracts about 42 percent of P and each pier attracts about
8 percent of P. Note that these loads are proportional to the stitffness of the
elements. Note also that these results are independent of the actual span lengths
provided that they are equal to each other. A fundamental assumption has been
made to obtain these results and this is that the superstructure acts as a rigid
diaphragm in its own plane and does not distort or bend under the action of these
loads. As noted in figure 46 some superstructures are more rigid than others
and the above results must be modified if significant in-plane bending of the
superstructure is expected.

B. Asymmetric Bridge Example (figure 49)

The reduction in the left-hand abutment stiffness causes the center of stitiness
to move towards the right hand abutment. In this example. it is shown to coincide
with the location of the right hand pier (RP).

Although most unlikely to occur in practice. it is instructive to first consider what
would happen if the center of mass should also move with the center of stiffness
and remain coincident with the center of stifftness. Again the superstructure will
deflect in pure translation and the load distribution wiil be in direct proportion
to the lateral stiffnesses. It is seen that about 56 percent of P is attracted to
the right-hand abutment (the stiffer of the two) while only 22 percent of P is

distributed to the left-hand abutment. Each pier then resists only 11 percent of
P.

Now consider the more likely situation where the center of mass remains at the
geometrical center of the bridge and is thus separated from the center of stiffness
by a distance equal to one—half of a span length. The superstructure now defiects
in both transiation and rotation (torsion) and the total response is the combination
of both deformation modes. Figure 49 presents the calculations necessary to find
the deflections and forces In the substructures. Table 2 below summarizes these

results and compares them against those obtained for the symmetric bridge (figure
48).
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PLAN VIEW

ASSUME: equal spans. uniform superstructure

superstructure acts as rigid diaphragm

abutment stiftness is five times bent stittness

lateral force-deflection relationship for each substructure is
given by Py = Kja,

P; = load carried by substructure i
K; = lateral stiftness of substructure i
A

i = lateral deflection of substructure i

where

Figure 48: Lateral Load Distribution in a Symmetric Bridge
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THEREFORE center ol mass is at center of bridge
center of stitftness is at center of bridge
seismic load, P. acts through center of stiffness

all substructures deflect same distance !ateraily, A.

EQUILIBRIUM REQUIRES
P = P] + P2 + P3 + P4
= KjA + KpB + K38 + K4b
= (K] + K2 + K3 + K4)A
= Kyb where Ky = sum of lateral stifinesses

theretore 8 = P/Ky
and Py = (K/KPP. Py = (Ky/KpP

let Ko = Kg = K

then K] = K4 = 5K

and Ky = 12K

substitution gives Py = P4 = (8/720P = 0.417P
and Po = P3 = (112)P = 0.083P
also A = 0.083P/K

Figure 48: Lateral Load Distribution in a Symmetric Bridge (continued)
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ASSUME: @ equal spans, uniform superstructure
e superstructure acts as rigid diaphragm
e lefi-hand abutment stiffness is twice bent stiffness
e right-hand abutment stitiness is five times bent stiffness
SINCE stiffness distribution is asymmetrical. locate center of
stiffness using centroid of area technique
choose origin at LH abutment
then KT(X) = 2K(Q) + 1K(a) + 1K(2a) + 5K(3a)
where X = distance from LH abutment to centroid
and Ky = total lateral stiffness = 9K
substitution gives X = 18Ka/9K = 2a
i.e center of stilfness is coincident with RH bent
CASE ) NO TORSION

ASSUME external toad. P. passes through center of stifiness. Then calculations
for load and deflection are as for symmetric case
and can be tabulated as follows:

Abutment/Bent Lateral Stiftness. Ki Load. P; Deflection A,
LA 2K .2222P A111P/K
LB 1K 1P OJ1MP/K
RB 1K Jd1e J1T11P/K
RA 5K .5555pP JNNP/K
TOTALS 9K .9999P

Figure 49: Lateral Load Distribution in an Asymmetric Bridge
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CASE 2

TORSION

Assume extarnal load. P, passes through center of mass (on bridge center line)
Load is now eccentric to center of stiliness by distance a/2

Eccentric load Is equivalent to ioad P acting through center of stiffness and
Twisting moment T = Pa/2 acting about vertical axis through center ot stilfness
Lateral ioad (P) causes pure translation as in Case 1 above

Twisting moment (T) causes torsional rotation about center of suftness

Response is the direct aadition of both effects

Torsional rotation 1s given by 8 = e

where K" = }_‘,x|2K, and represents the torsional stiffness of the supporting substructures
Displacements due to torsion are given by Aigrsign = Xi@

Calculations can then be tabulated as foliows:

1
Abutment/ X, K XK, x, 2K,
Bent
LA -2a 2K -4ak eazx
L8 -a K -ak a2k
RB 0 K 0 0
| Ra a 5K 5ak sa2k
TOTALS 9K 12a2K
2 3 4 5
Abutment/ Birans Biors Aoral P
Bent
LA NPK 0714P/K 1825P/K 3651P
LB 1111P/K 0357P/K 1468P/K 1468P
RB 1MP/K 0 ATNIP/K BRERLZ
RA P/K -.0357P/K 0754P/K 3770P
| TOTALS 1.0000P
Noies.

1 origin for x coordinates ts at center of suifness (positive to the nght
2 resulls for pure translauon from Case 1 above (Byang = 48)

3 torsional rotation @ = T/K' = Pas2(14aK) = P/28aK
4
5

Botal = Birans * Brorsion
Pi = Ki dotai

Figure 49:

Lateral Load Distribution in an Asymmetric Bridge (continued)
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Table 2:

Redistribution of Forces due to Changes

in Abutment Stiffness

DEFLECTION FORCES
Symmetric Asymmoetric Symmetric Asymmetric
SUBSTRUCTURE Abutments Abutments Abutments Abutments
LA = RA LA = 0.4 RA LA =RA | LA = 04 RA
Left Abutment (LA) .0833 P/K .1825 P/K 4167 P .3651 P
Left Pier (LP) .0833 P/K .1468 P/K .0833 P .1468 P
Right Pier (RP) .0833 P/K 1111 P/K .0833 P 111 P
Right Abutment (RA) .0833 P/K .0754 P/K 4167 P 3770 P

It i1s seen that reducing the left hand abutment stiffness causes an increase in
its deflection by more than a factor of two. There is a similar increase in the
deflection of the left hand pier and corresponding increases in shear forces in
both piers (by 75 percent and 25 percent for the left- and right-hand piers
respectively).

Despite the fact that the two abutments now have significantly different lateral
stifinesses. they attract almost the same share of the applied load (about 37 percent
of P). Since the stifiness ratio is 5:2, the left-hand abutment can therefore be
expected to deflect about 2-1/2 times further than the right-hand abutment. Clearly,
rotation of the superstructure is playing a significant part in the response of this
bridge to the lateral load.

Although every eftort might be made at the design stage to keep abutment
stiffnesses equal. once an abutment is damaged or the soils yield under an abutment
during an earthquake, reductions in stiffness of this order are possible.
Redistribution of load immediately follows and deck rotation occurs. This aggravates
the situation at the already degrading abutment because of the higher deflections
which are now imposed and it also places an additional ductility demand on the
adjacent pier.

Again, this example is based on a simple model to illustrate trends in bridge
response. The most important simplitication is the assumption of rigid body action
in the superstructure, i.e. no flexure In its own plane. For certain deck types
this assumption wlill be inaccurate but the principles illustrated above will generally
be true. As the superstructure becomes more fiexible, the load distribution tends
to become more uniform. If the superstructure is perfectly flexible the bridge
separates into a number of independent structures and the substructure loads are
proportional to the tributary lengths of the superstructure. rather than their lateral
stiffnesses. However this latter situation is highly unlikely to occur in typical highway
practice but it might be approximated in structures with long slender (narrow) spans
as sometimes found in railway Dbridges.

5.1.4 Load Distribution

Since the load path is determined by lateral stiffness. it follows that the designer can

control the distribution of load by adjusting the stiffness of the various supporting
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substructures. Changing a single column bent for a wall pier. for example. will make
a substantial difference to the transverse loads resisted by that particular substructure.

The impact of unavoidable variations in column height or foundation conditions on lateral
stiffness can be softened by making deliberate structural changes to one or more of
the substructures and/or abutments. In this way the site constraints can be
counterbalanced to some extent.

In both new and retrofit work, the careful adjustment of substructure stiffness can direct
seismic loads away from weak elements and foundations and attract them into
components more able to resist these loads.

However, there is a limit to the extent that altering the pler section properties can
help in this regard. In many situations it is a better strategy to introduce elastomeric
bearings between the superstructure and selected substructures. The inherent flexibility
of these devices can be used to advantage to achieve a more uniform load distribution
or direct load to the desired substructures. The lateral stiffness of these bearings
can vary over a wide range. from near zero to almost rigid. by changing the thickness
of the elastomer. Control of load distribution is then feasible. despite widely varying
substructure and/or foundation properties. Figure 50 lllustrates the eftectiveness of
these bearings in mitigating the impact of large varlations in stiffness between piers
of different height. In this example. one column is halt the height of the other and
it is therefore eight times stiffer. This substantial gifference in stiffness can be
eliminated by introducing elastomeric bearings at the top of one or both columns. As
shown in the tigure. a pair of 30 inch square elastomeric bearings. each with 2-1/2
inches of rubber anc placed on top of the shorter column will balance the lateral
stiffnesses almost exactly. Other combinations of bearings and piers are also possible
as illustrated Iin figure 50.

When using elastomeric bearings for this purpose. special care should be taken to
prevent the occurrence of undesirabie vertical motions especially under vehicular and
pedestrian traffic. Elastomeric bearings can. however. be designed to be almost rigid
in the vertical direction without seriously affecting their shear stiffness. In these
circumstances, amplification of vertical motions through the bearings should not be
significant.

Elastomeric bearings are not the oniy way of improving the stiftness distribution. For
exampie. the base of the shorter columns could be pinned to give a four-fold reduction
in stiffness. However, this Is not always feasible for single column piers because of
the potential for instability in the transverse direction. It is however a practical
alternative for multicolumn bents. It significant flexibility is attributable to the foundations.
a different piling system (e.g. using batter rather than vertical piles) may help balance
the overall distribution of stiffness.

5.1.5 Examples of Acceptable Structural Form

Figure 51 presents several examples of bridge structural form which are considered
acceptable from the seismic viewpoint. They are based on the principies outlined earlier
and on the historical record of bridge performance In past earthquakes.

The cases illustrated range from single to muitispan bridges. with and without bearings
and joints. and with and without continuity between spans. This family of structural
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(c) Combined Pier and Bearing Deflections

Figure 50: Effect of Elastomeric Bearings on Pler Lateral Stiffness
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(@ Cailculations

ASSUME: dead load per pler = 7K/ft x 120 = 840K
single column plers (6ft. dia.) lc = 644
modulus of elasticity of concrete E = 6000 ksi
shear modulus of elastomer G, = 0.1 ksi
allowable compressive stress in bearings = 0.5 ksi
number of bearings on each pler = 2
THEN area ol elastomer required for
given dead load = 840/0.5 = 1680 in2
Since 2 bearings are to be provided on each pier,
each bearing should be 30 x 30 Inch square
(A, = 900 In?) 10 carry the dead load.
NOW FROM FIGURE 47
sliftness of pier acling as a cantilever. Kp = 3Elc/h3
and stilffness of elastomeric bearing in shear. Kh = GA/T,

therefore the shear stitfness of a pair of bearings
with 2-1/2, § and 7-1/2 Inches of elastomer will be

T, | Kp tor two bearings)

2-172 864 K/ft
5 432 K/t
7-1/2 288 K/ft

THEREFORE the combined stiffness ot the single column pier
and 2 bearings will be given by:

- Ky - Kp
KT‘Kb+Kp

K1 for various combinations of columns and bearings are giwen below:

COMBINED
LATERAL STIFFNESS RATIO
BEARINGS Column Height = 30 | Column Height = 60 ] Kgg
(all are 30 x 30 ins sq.) (K/tD (K/10 Kgo |
__none 6144 768 8.0
m/Q in. thick bearings on
both columns 757 407 1.86
5 in. thick bearings on
both columns 404 276 1.46
5 n. thick bearing on 30 ft col.
2-1/2 in. thick bearing on 60 ft col. 404 407 .99
7-1/2 n. thick bearing on 30 ft col
5 0 thick bearing on 60 ft col. 275 276 1.00
2-1/2 n. thick bearing on 30 ft col.
no bearing on 60 ft. col 757 768 .99

Figure 50: Effect of Elastomeric Bearings on Pier Lateral Stiffness
(continued)
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Description
both abutments seat-type with elastomeric bearings

j[ road joints at both abutments
Comment

elastiC restraint both drrections at both abutments
load distribution in both directions controtied
by stiffness of elastomeric bearings

Description

1 monolithic LH abutment

— seat-type RH abutment with sliding bearing
transverse shear keys RH abutment

Comment
longitudinal restraint LH abutment only
transverse restraint both abutments

Description

‘i both abutments monolithic, no bearings

—[ no road joints

Comment
restraint in both directions at both abutments

Figure S5la:

Examples of Acceptable Structural Form for Single Span Bridges
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Description
both abutments seat-type with elastomeric bearings

stiff columns both directions with elastomeric bearings

road joints both abutments

Comment

elastic restraint 1n both directions at aill supports
possible plastic hinging base of columns

load distribution in both directions controlled

by stiffness of elastomeric bearings

Description

both abutments seat-type with eiastomeric bearings
stiff columns Dboth directions, monotithic with deck
transverse shear keys both abutments

Comment

elastic longitudinal restraint all supports
transverse restraint at all supports
expecCt plastic hinging base of columns

T

L]

Description
both abutments monolithic
column fiexible longitudinally. monolithic with deck

Comment
longitudinal restraint at both abutments
transverse restraint at all supports

Figure 51b:

Examples of Acceptable Structural Form for 2-Span Bridges
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Description

both abutments seat-type with elastomeric bearings
stiff columns both directions with elastomeriC bearings
road joints both abutments

Comment

elastic restraint in Doth agwrections at ail supports
possible plastic hinging base of columns

load distribution in both directions controlied

by stiftness of elastomeric bearings

sipy

Description

both abutments seat-type with sliding bearings
and transverse shear keys

stiff columns both directions monolithic with deck

Comment

longitudinal restraint only in columns
transverse restraint at all supports
expect plastic hinging base of columns

—

mtj_]

Description
monolithic LH abutment
seat-type RH abutment with slider anag
transverse shear keys
columns flexible longitudinatly, monohthic with deck

Comment
longitudinal restraint LH abutment onty
transverse restraint at all supports

Figure 5ic:

Examples of Acceptable Structural Form for 3-Span Bridges
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Description

apuiments are seat-type with 61asiomeric 0Dearings
sttt columns DOth directions with elasiomeric bearings
expansion |oinis of bearings require doubie sets

Comment

elastic restraint in both directions at ai sSupports
possibie plastic hinging a1 base of columns

load distribution in bOIh direclions controiled

by stiffness of elastomeric bearings

Description
abutments are seai-type with sliding bearings
and transverse shear keys

| ] Lr_j sttt columns poOth directions. monolithic with deck
ﬁft ﬁ’ eéxpansion joint requires double set of shaing
Lr*l b bearings and shear keys
Comment
longitudinal restraint only in columns
fransverse restraint at all supports
expect plastic hinging at pase of columns
{ 1 abutments are monolithic
T LL ! ! 4 > 36 stift columns both directions with sliding dearings
Lr t and transverse shear keys
Comment
longituginal restraint at abutments only ang
very high forces are atracted int0 abutments

fransverse restraint a1 all supports

A"}

abutments are monolithic

columns flexible longitudinally. mMoNnolithic witn deck

expansion joint requires doudbie set of shaing
bearings and shear keys

Comment

longrudinal restraint at abutments only ang
very high forces are attracted into abutments
transverse restraint at all supports

Figure 51d: Examples of Acceptable Structural Form for Muitiple Span Bridges




forms is not intended to be all Inclusive as other combinations and forms are possible
which also give acceptable results.

5.1.6 Examples of Structurai Form to be Avoided

To complement the previous section, figure 52 illustrates structural forms which are
considered to be undesirable from a seismic point of view and should be avoided
whenever possible.

The various examples are presented in 3 groups:

e longitudinal configurations to be avoided (figure 52a.b)
e transverse configurations to be avoided (figure 52c.d)
® pier configurations to be avoided (figure 52e.f).

Again, these examples are not all inclusive but are simply meant to be representative
of poor structural form. It is also true that in many cases these undesirable structures
can be upgraded to "acceptable” by relatively straightforward means.

5.2 UNUSUAL BRIDGES

This section reviews the seismic performance and design considerations for bridges
of either unusual geometry or unusual form. Some notes on bridges in difficult sites
compiete this short review. This discussion is taken from reference 29 and has been
modified where appropriate to suit U.S. conditions and practices.

5.2.1 Bridges of Unusual Geometry

Bridges of conventional structural type but unusuai or extreme geometry require special
care during design. The effect of extreme curvature, skew. height. length or width
on seismic response should be considered and special precautions taken to avoid
premature damage. This may take the form of performing more sophisticated analyses.
taking special care with detailing and being more conservative when estimating forces
and deformations. Further, the importance and/or exceptional cost of these Dbridges
may justify a site-specitic study to determine a design spectrum appropriate for the
site and the bridge. This spectrum would then be used instead of the lateral seismic
coetficient as given in the various codes and specifications.

A. Bridges with Severe Curvature

The seismic response of multispan bridges with large horizontal curvature and/or
a large horizontal detlection angle is difticuit to predict with accuracy. particularly
when the superstructure is torsionally stiff, as will generally be the case. to improve
live-load distribution. Full three dimensional modelling and analysis may be necessary
to assure accuracy of force and deflection calculations. Multimode response will
in general be important and results from single mode methods should be viewed
with caution (see chapter 10).

Significant axial seismic forces may be induced in individual piers, even when each

pier consists of a single column. Hinging may occur at the top of single-column
piers cast monolithic with the superstructure.
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66

Description

both abutments seat-type with: slig:ng bearings
and transverse shear keys

both columns are flexible tongituginally

Comment
superstructure will impact abutment walls

Remedy
stiffen columns and expect plastic hinging at
base of each column

[ i —
F E]* E

Description

both abutments seat-type

column is flexible longitudinally

pinned bearings located at F (no siiding)
slide bearings located at E

Comment

no longitudinal restraint for RH span
RH span will impact RH abutment

LH span will fail from column support

Remedy
interchange F and E bearings RH span and
provide generous seat widths/cable restrainers

.

Description
both abutments seat-type with sliding bearings
and transverse shear keys
column is flexible longitudinally, monolithic with deck

Comment
superstructure will impact abutment backwalls

Remedy
stiffen column and expect plastic hinging at base
of column

Figure 52a:

Examples of Structural Form to be Avoided

for Longitudinal Response of Bridges




Description
both abutments seat-type
LH column is suff tongitudinatiy

m L

=

—— — ~ RH column is flexible tongitudinally
VL J pinned bearings are located at F
ELF E slider bearings are located at E
Comment

no longitudinal restraint far RH span
RH span will impact RH abutment
center span will fall from RH support

Remedy
interchange F and E bearings RH span and
provide generous seat widths/cable restrainers

Description
both abutments seat-type with slider bearings

1

and transverse shear keys

-

001

-
= 'll LH column is stiff longitudinally, monolithic with deck

Comment

no longitudinal restraint for RH span

RH span will impact RH abutment

center suspended span will fall from RH support

Remedy
te superstructure together using cable
restrainers or simitar through both expansion joints

Description
both abutments monolithic
— ] th lumns flexible | i i
7 jlj—l —] both columns flexible longitudinally. monolithic with deck
l Comment
center section will impact end sections at each

expansion jomnt

Remedy
tie superstructure together using cable
restrainers or similar through one Or both joints

Figure 52b: Exampies of Structural Form to be Avoided
for Longitudinal Response of Bridges (continued)
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Description
O ] both abutments seai-type with elastomeric bearing
stiff column is off-center. monolithic with deck
Comment
lack of symmelry will cause iwisting
Remedy
place transverse shear keys at both abutments

Description
LH abutment monglithic on batter piles
l RH abutment seat-type with sliding bearing

jj and transverse shear keys. on vertical piles
d__l—_i/ stiff column is monolithic with deck
Comment

stiffer piling system under LH abutment will cause
twisting about LH abutment

Remedy
change multicolumn bent for a wall pier to reduce
torsional rotations

Description

both abutments monolithic

stiff column is monolithic with deck
discontinuous superstructure with expansion joint

*\E[I %:_’_E ﬁ ; in RH span
Comment

articulated deck will impose torsion on column
and abutment structures

Remedy

change multicolumn bent for wall pier to reduce
torsion; add restrainers across joint to
provide some continuity

Figure 52c: Examples of Structural Forms to be Avoided
for Transverse Response of Highway Bridges




colt

"

T)escripﬂon

both abutments seat-type with shders and
transverse shear keys

LH coiumn stiff. RH column flexible longitudinally

Comment

although both columns stiff transversely. shorter
column is stiffer and will attract higher loads

brittie shear failure in short column paossible

Remedy
change RH column to wall pier to provide more
uniform distribution of stiffness

S

/.
™

Description

both abutments monolithic

LH column stiff. RH column fiexible longitudinally

discontinuous superstructure with expansion joint
in middle span

Comment

articulated deck will impose torsion on column

Remedy

change muiticolumn bents for wall piers. especially
RH column. to reduce torsion: add restrainers
across joint to provide some continuity

I

Description

both abutments monolithic

LH abutment on batter piles.

RH abutment on vertical piles

both coiumns stiff and monolithic with deck

Comment

stiffer piling system under LH abutment will
cause twisting about LH abutment

Remedy
change RH muiticolumn bent for a wall pier to
reduce torsional rotations

Figure 52d:

Examples of Structural Forms to be Avoided

for Transverse Response of Highway Bridges (continued)




The direction of relative movements or restraining forces at joints in the
superstructure will be uncertain, and allowance for this shouid be made in detalling.

Bridges with Severe Skew

Skew bridges tend to rotate about a vertical axis during an earthquake. In both
the San Fernando earthquake of 1971 and the Eureka earthquake of 1979, there
was evidence of severe column damage due to this rotation and the consequential
torsional shear forces. Abutments were also damaged as a result of increased
longitudinal displacements and inadequate seating lengths. Figure 23 shows the
collapse of two spans of a bridge during the Eureka earthquake due to this
phenomenon.

Aithough there is some theoretical evidence to support this behavior the mechanisms
are not clearly understood. Consequently, conservative assumptions should be made
regarding necessary clearances. seating lengths, lateral restraint at abutments. and
seismic shear forces for the intermediate piers. To survive these torsional moments
and shears and the increased flexural ductility demand. conservative detailing in
the columns should be adopted. For example. confining steel should extend over
the full height of the columns. and not just be located in the plastic hinge zones.

Bridges with Tall Plers

Tall piers may be subjected to high inertial forces due to the response of the
distributed mass of the pier itself. Ductility demands at intended plastic hinge
locations may be substantially increased. and there may be a potential for plastic
hinging to occur at a location close to mid-height. if the columns have substantial
selt weight. If preliminary analyses based on elastic response of distributed mass
systems indicate the possibility of such behavior. the only realistic analysis will
be a fuil dynamic inelastic time history anaiysis of the complete bridge system.
Tall columns should be checked for additional moments due to P-A effects.
Results of such an analysis may be highly dependent on stiffness values assumed
for the columns. Because 0of a need to reduce inertial response, lighter framed
bent systems might be preferable to heavier wall pier systems.

If the superstructure of a bridge in this category Is restrained transversely at the
abutments, the bending of the superstructure in the horizontal plane may be critical
due lo large lateral displacements of the piers. Similarly. for single column bents,
torsion of the superstructure may be critical as a result of rotation of the column
top when displaced laterally by a large amount.

Bridges with Piers of Differing Heights

When bridges span steep sided river valleys, substantial differences in adjacent
column heights may be inevitable. Where possible. the stiffnesses of the
substructures should be adjusted to result in as uniform a distribution of stiffness
as possible.

Where such attempts to “regularize” the structural response are impractical, analyses
must establish the realistic mass distribution to each substructure. and how this
is Influenced by sequential. rather than simultaneous yielding of the separate bents,
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particularly in the longitudinal direction. The results of a carefully detailed elastic
analysis can provide the basis for making this assessment but for bridges of unusual
size and/or importance. an ineiastic analysis may be necessary. For multispan
bridges. transverse flexibility of the superstructure will generally become significant,
particularly after initial yielding of some columns. Lateral forces transmitted back
to abutments may be substantially different from those predicted by elastic analysis.

Before engaging in such analyses. it might be preferable to consider madifying
the substructures to lessen the effect of the tall piers. This has been discussed
earlier in section 5.1.4 and Illustrated In figure 50. Possibilities include introducing
pins at the base of the shorter columns. using batter piles under the tailer piers,
or placing elastomeric bearings at the top of one or more columns. On the other
hand. it may be easier to make aill substructures rigid and use energy dissipating
devices to obtain ductility. Eilastomeric bearings on all substructures would also
be necessary here.

Bridges with Long Continuous Spans

Although the inherent tlexibility of these structures should resuit in satisfactory
performance. transverse superstructure deformations will become significant in bridges
where the total length/width ratio is high. Mode shapes and forces induced in the
support systems will be influgnced by this flexibility, and superstructure plastic hinging
may occur in extreme cases. Horizontal forces and displacements should be based
on realistic estimates of transverse and longitudinal mode shapes and analysis
should at least be on the basis of a multi-mode response spectrum approach.

Response of the superstructure to vertical acceleration should also be examined.
Bridges with Long Discontinuous Spans

The response of long bridge superstructures separated into two or more sections
by expansion joints can be difficuit to predict. Out-of-phase ground movements,
as well as structural differences between the separate sections may cause substantial
relative movements across these joints.

For longitudinal response it will generally be conservative to assess seismic forces
and ductitity demands on columns by considering each section independently.
Maximum feasible relative displacements at the expansion joints could be obtained
by considering peak displacements of the adjacent sections to be out of phase.
However, a more realistic estimate of forces and relative longitudinal displacements
may be obtained by modelling the expansion joint as a spring system to represent
the combined shear stiffness of the bearings and the axial stiffness of seismic
linkage Dbolts or cable restrainers. Out-of-phase ground movements at supports may
add to relative displacements and should be considered.

A serious disadvantage of the spring representation for joint behavior is that it
does not model impact as the joint closes. However, the overall response of the
structure is expected to be adequately modeiled using springs. but the detail design
of the restrainers and bearings should use forces calculated by alternate procedures,
such as those outlined In section 9.5.1.
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The expansion joint will act as a hinge for transverse seismic response. The
resulting loss of stiffness to the superstructure may cause an increase in
displacements, and hence increased ductility demand to the substructures on either
side of the joint. Realistic modelling of the articulation is necessary 10 ensure
adequate prediction of transverse response. Such a model should include the
restraining forces at the joint provided by the bearings and linkage systems. and
the possibility of impact associated with total joint closure.

Bridges with Substructures in Deep Water

The response of bridge substructures in deep water is affected by hydrodynamic
mass of a volume of water being forced to move with the pler. A reasonable
estimate of the hydrodynamic added-mass is the mass of a circular cylinder of
water of diameter equal to the column width perpendicular to the direction of maotion,
and length equal to immersed depth. This mass should be added to the
substructure mass when considering the seismic response.

5.2.2 Bridges of Unusual Type

Typical highway bridges have either steel or concrete girder superstructures and rely
on columns and foundation structures to provide resistance and ductile response to
earthquakes. Because of their wide use and occurrence. these girder bridges have
been the focus of most of the discussion so far. But at least three other bridge types
also deserve consideration, particularly in view of their Importance for longer span
bridges. These are the trusses. bridges with cable-supported decks and arch bridges.

A

Trussed Superstructures

The steel truss was frequently used for medium-span bridges until it was overtaken
by the more economic and aesthetically pleasing box girder. From a seismic point
of view, there is almost no difference in performance between a truss and a girder
superstructure. Since the substructure dictates seismic performance. and these
are usually the same for both bridge types. similar behavior can be expected. The
inherent in-plane stiffness of a 3-dimensional truss will assure adequate lateral
load distribution to the piers and abutments and no special considerations are
therefore necessary for this class of bridge.

Cable—Supported Superstructures

Suspension and cable-stayed bridges have structurally complex superstructures.
Because of the typically long spans involved. superstructures are relatively flexible
both vertically and transversely. In assessing transverse and longitudinal seismic
forces induced in superstructure elements Or transmitted to supporting plers, realistic
estimates of mode shapes. including consideration of fiexibility of the superstructure.
must be adopted. It is probable that as a result of long fundamental periods.
response will be dominated by higher mode effects. As the superstructure will
probably be required to remain elastic during the design earthquake., analysis may
consist of an elastic modal analysis approach. However, at high amplitudes of
vibration. nonlinear behavior due to large deflections in both suspension and cable-
stayed bridges will tend to invaiidate most modal techniques. Low damping can
be expected from elastic response of continuous steel superstructures in the
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longitudinal and transverse directions. For analysis it is recommended that a value
of 2 nercent of critical damping be assumed.

In the vertical direction. cable-stayed bridges may have high damping due to unequal
cable lengths. and the non-linear load-displacement characteristics of the bridge.
If the displacements are of smail amplitude and response essentially linear. then
this large damping may not be apparent. Vertical response of suspension bridges
in the higher modes may have low damping. and should be considered.

There is littie information available on the ductility of such large elements as are
commonly used for piers of cable-supported bridges. Consequently such piers
should be designed for low ductility leveis, or if possible. to remain elastic under
the design earthquake. Because of large distances between major piers. large
out-of-phase displacements may occur. Aithough the superstructure fiexibility is
likely t0 be such that these displacements can be easily accommodated. checking
is necessary. Analyses should be based on a relative longitudinal or transverse
displacement of adjacent major piers equal to twice the maximum response
displacement.

Arch Bridges

It is difficult to detail arch bridges for ductility, and, where possible. they should
be designed to respond elastically to the design earthquake. However, this may
be too restrictive for some arch bridges and elastic response may not be economic.
This requirement might therefore be relaxed if the structure is of steel. and
perhaps also for those concrete arches which can be designed to exhibit some
ductile response. A detailed structural analysis may be necessary to define
longitudinal and transverse mode shapes.

Speclal consideration must be given to relative longitudinal displacement of the
arch springing due to out-of-phase ground motion and seismic response
displacements of the typically steep embankments. Detailed geotechnical
investigations should be carried out to establish the integrity and stability of the
embankments under seismic conditions.

5.2.3 Bridges In Difficult Sites

Whenever possible. bridges should not be sited in locations where adverse ground
conditions significantly increase seismic risk. Such locations include sites crossing
or immediately adjacent to an active fault. steep slopes with potential instability under
earthquake conditions. and sands with a potential for liquefaction.

A

Sites Across or Near Active Faults

Bridges crossing or iImmediately adjacent to active faults may be subjected to large
relative displacements of adjacent plers or supports as a result of surface faulting.
Although the probability of such occurrence at a given location during the design
life of the bridge will be very low. the possibllity should be considered in assessing
a suitable structural type. A conservative design. particularly in terms of
displacement capabilittes should be adopted. Design of substructures should aim
at providing the maximum capacity possible. by use of extra confinement in the
plastic hinge zones. It may be advisable to provide an inner confined core capable
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Description
wall pier founded on flexible vertical piles

Comment

high shear loads in wall impose high loads
on piles

plastic hinges in piles will be underground
and difficuit 1o inspect and repair

€0l

Description
wall pier above water line in river crossing.
piles extend above river bed to bottom of wall

Comment

high loads in wall impose high shear forces and
moments into unsupported sections of piles

plastic hinges will form underwater and be
difficult to inspect and repatr

Description

infill panels between columns of a multicolumn
oent

Comment

panels cause unintended change in stiffness
and can force hinging into parts of the
columns not detailed for ductile performance

Figure 52e: Examples of Structural Forms to be Avoided
for Bridge Piers
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Description
each column of a muiticolumn bent is supported
on a wall of different height

Comment

the shorter column will attract most of the shear
load and may fail in shear before flexural
ductile action can develop in the bent

VLT 77 >R DA I
G/ mm— 7ol

Description
single column is supported on two column bent

Comment

longituginal loads will cause bending about
weak axis and corresponding twisting moments
in beam may cause nonductile failure of beam
before flexural hinge can develop at base
of single column

Description
eccentric single-column bent

Comment

high fiexural demand at base of column
(moments due to gravity and transverse
seismic loads additive)

longitudinal response will impose torsional
moments on column

Figure 52f: Exampiles of Structural Forms to be Avoided

for Bridge Piers

(continued)




of supporting the structural dead weight on the assumption that the outer flexural
confinement will have falled under an extreme event. This has the added advantage
that under moderate, though not catastrophic inelastic displacements. the piers
may be repaired by cutting out and replacing the buckled outer layer of steel.

Whenever possible, single span. low level crossings of active faults are preferred.
However, if multispan crossings are necessary. the relative merits of continuous
construction compared to simple spans should be carefully evaluated. Aithough simple
spans have the advantage of additional flexibility. difficulty will be experienced in
ensuring that the spans do not drop from supports. To minimize this risk, very
generous support lengths should be provided. The additional redundancy of continuous
superstructures which are monolithic with their supporting substructures will tend
to reduce the probability of total collapse. There is. however, a practical limit to
the amount of relative displacement across a fault that can be accommodated in
a monolithic structure. One aiternative is t0 support a continuous superstructure
on elastomeric bearings over each pier and at each abutment. These bearings
can be designed to accommodate relatively large displacements and still provide
an elastic restoring force to the superstructure. Additional restrainers may also
be provided in parallel with the bearings If gross movements are expected. Note
that accelerographs of recent earthquakes indicate that vertical ground accelerations
close to a fault can substantially exceed 1.09. In these situations. monolithic
construction is to be preferred but if elastomeric bearings are used. vertical
restrainers should be provided to limit the effects of uplift.

it should be recognized that the purpose of design for such an extreme event
will be to avoid. or at least minimize. loss of life by reducing the probability of
total collapse. After such an earthquake it is probable that the bridge will have
to be demolished and replaced.

Slopes with Instability Potential

Many bridges are inevitably sited across steep-sided valleys. Detailed geotechnical
investigations should be made to assess potential for slope instability under seismic
attack. For major structures these investigations shouid include geological and
geomorphic studies including expert study of aerial photographs. for evidence of
bank movement under recent earthquakes, as well as material testing and extensive
bore-hole and trenching investigations to check for unstable layers and vertical
fissures. Particular attention should be paid to drainage to prevent inflitration of
surface water and increased porewater pressures in potential failure reglons. Special
studies should be made to investigate the practicality of improving factors of safety
against slope failure using such means as unloading the banks by removal of
overburden. It may be advisable to site each abutment well back from the top of
the slope. and tie back any intermediate pile caps located on the bank using rock
anchors or other techniques.

Liquefiable Foundations

There does not appear to be any viable method to design a bridge to remain
serviceable if liquefaction occurs under one or more of the substructures. As
liquefaction can occur at considerable distances from the epicenter., the factor of
safety against liquefaction must therefore be high. In rare cases when the factor
of safety is felt to be only marginally acceptabie. the design should aim to provide
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maximum feasible ductility capacity to avoid total catastrophic collapse. Much of
the above discussion concerning design for sites near active faults is applicable
here also. But In contrast to the near-fault hazard. there are several techniques
for reducing the probability of occurrence of liquefaction. These range from the
use of stone columns to the removal of liquefiable material from the site.
Liquefaction Is discussed in greater detail in section 9.7 and references 4 and
6.

5.3 STRUCTURAL DETAILS

As Ilustrated in tigure 46, there are four basic components to a typical bridge system.
These are:

Superstructure .
Bearings/Joints/Shear Keys.
Substructures.

Foundation Structures.

It is the purpose of this section to review some typical configurations for each of these
components and to highlight details which are considered important from a seismic
point of view.

5.3.1 Superstructures
The most commonly used Dbridge superstructures are:

e Steel stringer bridges with concrete deck slabs.

e Precast prestressed concrete girder and slab bridges.

e Cast-in-place post-tensioned or reinforced concrete T-girder and box
girder bridges.

Each type can be used for simple and continuous spans and can be made integral
with abutments and supporting structures if desired. Today there is clear preference
for reducing the number of joints in a superstructure, primarily for maintenance reasons.
but also because of the improved selsmic performance that accrues from continuity.

Also of importance is the rigldity of the superstructure to in-plane loads. Generally
this is improved if there are end and intermediate diaphragms to restrain section
distortion within the deck and to preserve composite action between the webs and
flanges. Box girders are particularly attractive because of their high in—plane rigidity
and their consequential ability to distribute loads back to the abutments. In very long
span structures this property is less Important since the superstructure will be flexible
no matter what the section., but as a general rule. a superstructure with a closed
or partially closed cross-section will behave better than one that is open and prone
to distortion.

Sometimes. for reasons of economy in construction, precast simply supported spans
are preferable even for muiti-span structures. In these cases. it is possible to provide
a measure of continuity for in-plane loads by making the deck slab continuous. To
prevent imposing unintentional continuity for live load, the slab reinforcement is detailed
to permit rotation about a horizontal axis near each support while still transfering in-
plane forces from span to span.
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5.3.2 Bearings. Joints. Shear Keys. Restrainers

Bearings are provided in continuous and simple span structures to permit relative
movements to occur between the superstructure and the various substructures due to
temperature, as well as accommodate shortening due to prestress (where provided)
and creep and shrinkage (if a concrete structure).

Of particutar importance. from the seismic point of view, is that the seating widths be
generously proportioned so as to avoid spans falling from their supports. Guidelines
for these support lengths are discussed in sections 7.4, 7.5 and 7.6.

Shear keys. bearings with side stops, and other restraining devices (such as cable
systems} should be designed to transmit realistic earthquake forces elastically. In other
words, these items of hardware. which are critical to the integrity of the structure.
must have sufficient strength to remain elastic during the design earthquake for the
site. Particular attention should be given to shear keys because failure in shear is
usually brittle and catastrophic. These items must therefore be overdesigned and design
forces which are. say. 20 percent higher than the elastic forces should be used.

Postelastic behavior should only be considered for these elements during extreme
earthquake events.

5.3.3 Substructures

Single columns. wall piers and multicolumn bents are the most common form of
substructures. It is economically feasible to design columns 1o yield and dissipate
significant amounts of energy and to perform in a ductile manner.

Wail piers are very much stiffer in the transverse direction than bent piers and generally
force ductile action into the foundation structures. If these are piles. plastic hinging
may occur at depth which couid be difficult to inspect and repair. If plles are not
used, rocking may occur under a wall pler which may then have undesirable
consequences for the superstructure—-uplift and torsional deformations will be imposed
simultaneously.

5.3.4 Foundation Structures

Footings and piles are the most common form of bridge foundation structure. Spread
footings are economical and used wherever adequate soil conditions occur near the
surface. Piles are generally used in groups and may be vertical or batter to transfer
superstructure forces to load bearing solls at depth. However, drilled shafts are becoming
Increasingly popular because they are generally cheaper than multipile foundations and
can be used in congested locations with minimum disruption to existing services.

Two types of abutments are commonly used and these are illustrated in figure 53.
These are the monolithic, or integral abutment, and the seat-type abutment. The essential
difference Is that one permits relative movement t0 occur between the superstructure
and end support and the other does not.

Within the class of monolithic abutments there are several variants. Two of these are
shown in figure 53a. Both use an end diaphragm to transfer forces into the abutment,

but in one case the diaphragm Is supported directly on vertical piles and in the other
it rests on a strip footing.
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In the former situation. the vertical piles are usually sufficiently flexible to permit
shortening of the superstructure due to prestress. shrinkage. creep and thermal effects.
Reinforced concrete bridges up to 400 ft in total length have been successfully supported
on piled abutments of this kind without evidence of distress. When piles are not
necessary. a neoprene pad or similar material is provided to permit the relative
horizontal movements to occur between the diaphragm and footing. This movement is
virtually unrestrained in the direction away from the backfill but is limited to about
172 Inch in the opposite direction, ie. towards the Dbackfill. Here a shear key is provided
to assist in distributing the longitudinal seismic forces into the soil and to help mobilize
the energy absorption capacity of the backfili. The small gap between shear key and
end diaphragm permits thermal expansion to occur in the superstructure. To prevent
soil talling into this gap. it is usually filled with an expansion joint filler compound.
Shear keys are also provided at the ends of the footing to restrain transverse movement.

As noted above, monolithic abutments will mobilize the backfill under both longitudinal
and transverse loads and can therefore dissipate or absorb significant amounts of energy
during an earthquake. if it is intended to attract large forces into the abutment, this
abutment type is to be preferred. However, damage to the end diaphragm. wing wails
and piles may be severe because of the large forces to be resisted.

On the other hand, it elastic forces are used to proportion these components. overall
collapse should be prevented. As an added precaution. the berm width should be
generously proportioned so as to prevent total loss of support should the end diaphragm
fail catastrophically.

The major attraction of the monolithic abutment is that it is economical to construct
and maintain because of the absence of road joints and bearings. However., a serious
problem can arise with these abutments. Whereas superstructure shortening can be
accommodated in the abutment itseit, the backfill and road surface may not follow
the movements of the end diaphragm. The gap that forms behind the diaphragm permits
the intrusion of water and can lead to the erosion of the slope below the abutment
and severe washouts may be experienced. To minimize the risk of this occurring.
limitations are usually placed on the total iength of the structure that can be supported
on monolithic abutments. These restrictions are more severe for cast-in—place prestressed
concrete superstructures to allow for additional movements due to plastic shortening.
Table 3 presents a set of maximum bridge lengths (as recommended by Caltrans),
which should not be exceeded If monglithic abutments are to be used. Note that these
are a function of temperature range and superstructure type and are intended to limit
the maximum movement from all sources at one abutment to less than or equal to
3/4 inch.
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Table 3: Recommended Maximum Bridge Lengths (feed) for Monolithic Abutments
(from Reference 30)

SUPERSTRUCTURE TYPE
Temp. (°P) Reinforced Precast CIP/Prestressed
Range Steel Concrete Concrete Concrete
80 240 260 240 150
100 200 210 200 130
120 160 180 170 120

It is also worth noting that Caltrans will not use monolithic abutments on a bridge
that carries storm water by open channe! flow [reference 31]. Bridges which are on
a slope may be used by local authorities to channe! uphill runoff over depressed
freeways or similar obstacles. To avoid the flow of a large volume of water behind
the end diaphragm. seat-type abutments are used with a flexible road |oint seal at
the abutment to ensure water tightness of the road and bridge surface.

In addition to providing a watertight seal. seat-type abutments also permit better controi
over the seismic forces imposed at the abutment and in general, they sustain less
damage during an earthquake than a monolithic abutment. The joint can be adjusted
in size from a few inches for thermal movement to a few feet for selsmic effects.
However. the cost of providing a road joint to accommodate seismic deflections of
the order of 2-3 feet will be prohibitive and a compromise is usually adopted. A smaller
gap (and cheaper road joint) Is provided which is sufficient to accommodate thermal
movements and small-to-moderate earthquakes. During a major earthquake (the design
event) impact against the abutment wall is expected and some damage tolerated. There
are varlous schemes to mitigate the extent of this damage which use a break-away
section near the top of the wall. After failure. the superstructure has the necessary
freedom to move. Temporary repairs can be completed quickiy and permanent
reconstruction of the damaged section is inexpensive [reference 32].

Regardiess of the detail used in the joint itself, seat-type abutments must be provided
with generous seat lengths. Recommendations for these dimensions are given in chapter
7. Seat abutments also reduce the redundancy in a bridge by the introduction of an
extra joint. The associated increase In flexibility results in higher deflections but these
can be accommodated in elastomeric or sliding bearings without difficulty. If the
deflections become excessive. the generous seat lengths noted above should be adequate
protection against loss of support.

114



CHAPTER 6 DESIGN LOADS

The detailed seismic design of a bridge s performed once a basic design concept
(chapter 5) has been developed. An outline of the design process is given in figure
54 and involves as a first step an anaiysis of the structure using the appropriate design
loads.

The magnitude of the design loads. determination of the component design forces and
the associated detailed design requirements presented herein and in chapter 7 are
a function of the design philosophy (chapter 4). Primary emphasis is given to the

design philosophy and design requirements of the AASHTO Guide Specifications [reference
4).

In the development of the design loads, It must be emphasized again that the
speclfication of earthquake ground shaking cannot be achieved solely by foliowing a
set of scientific principles. for the following reasons. First. the causes of earthquakes
are still not well understood and experts do not fully agree as to how the available
knowledge should be interpreted to specify ground motions for use in design. Second.
to achieve workable bridge design provisions it is important to simplify the complex
matter of earthquake occurrence and ground motions. Finally, any specification of
a design ground shaking involves balancing the risk of that motion occurring against
the cost to society of requiring that structures be designed to withstand that motion.
Hence judgment. engineering experience and political wisdom are as necessary as
scientific knowledge. In addition. it must be remembered that design ground shaking
alone does not determine how a bridge will pertorm during a future earthquake. There
must be a balance between the specified shaking and the rules used to assess structural
resistance to that shaking.

In the AASHTO Guide Specifications. the design loads are expressed as a design
coefficient or design response spectra (section 2.5 and 3.4) which represent the expected
realistic force levels for the site. These force levels are derived such that they have
a 10 to 20 percent chance of being exceeded every 50 years and are a function of
the acceleration coefficient and the site soil conditions. The factors on which these
design loads are based are discussed In section 6.1, 6.2 and 6.3 of this chapter.
The component design forces are obtained by dividing the elastic forces. obtained
from the analysis. by a Response Modification Factor. the basis of which is discussed
in section 6.4. The detailed design requirements of the AASHTO Guide Specifications
are a function of a Dbridge’'s Seismic Performance Category. These categories are
discussed in section 6.5.

6.1 ZONING MAPS AND ACCELERATION COEFFICIENT

The first step in the determination of the design loads is the use of seismic zoning
or regionalization maps to determine the zone in which the bridge site is located.
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This defines a level of seismic risk and it is useful to understand the basis on which
these maps were developed. The following discussion is the basis for the Seismic
Zoning or Regionalization Maps shown in figure 55. These maps are based upon two
major policy decisions.

The ftirst is that the probability of exceeding the design ground shaking should, as
a goal, be assumed to be equal in aill parts of the United States. The desirability
of this goal is accepted within the profession. However, there is some disagreement
as to the accuracy of estimates of probabllity of ground motion as determined from
current knowledge and procedures. Use of a contour map based on uniform probability
of occurrence is a departure from that implied in the zone maps of the AASHTO
Standard Specifications [reference 1] shown in figure 56. These are based on estimates
of maximum ground shaking experienced during the recorded historical period without
any consideration of how frequently such motion might occur. It Is also recognized
that the real concern Is with the probability of structural failures and resultant casuaities
and that the geographical distribution of that probability iIs not necessarily the same
as the distribution of the probability of exceeding some ground motion. Thus. the
goal as stated Is the most workable one for the present but not necessarily the ideal
one for the future.

The second policy decision is that the regionalization maps should not attempt to
microzone. In particular. there is no attempt to locate actual faults on the
regionalization maps. and variations of ground shaking over short distances——about 10
miles or less——are not considered. Any such microzoning must be done by qualified
professionais who are famlliar with localized conditions. Many local jurisdictions may
tind it expedient t0 undertake microzoning.

6.1.1 Design Earthquake Ground Motion

The determination of appropriate seismic design loads, aithough complex in reality,
has Dbeen significantly simplified for code application. To state the concept rather
than provide a precise definition, the design ground motion for a location Is the ground
motion that the engineer shouid consider when designing a structure to provide a
specified degree of protection for llfe safety and to prevent collapse.

At present, the best workable tool for describing design ground shaking is a smoothed
elastic response spectrum for single degree-of-freedom systems (sections 2.5 and 3.4).
Such a spectrum provides a quantitative description of both the intensity and frequency
content of ground motion. Smoothed elastic response spectra for 5 percent damping
are used as a basic tool for the representation of local ground conditions.

6.1.2 Risks Associated with the Contour Map

The probability that the recommended Acceleration Coefficient and associated response
spectra at a given location will not be exceeded during a 50-year period is estimated
to be about 90 percent. At present, this probability cannot be estimated precisely.
Moreover, since the maps were adjusted and smoothed by the project engineering panel
of the Applied Technology Council. after consultation with seismologists. the risk may
not be the same at all locations. However. it Is believed that the probability of the
design response spectra not being exceeded is in the range of 80 percent to 90
percent. The use of a 50-year interval to characterize the probability is a rather
arbitrary convenience. and does not imply that all bridges are thought to have a useful
life of 50 years.
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Figure 55: Acceleration Coefficient — Continental United States
(from Reference 4)
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Figure 56: Seismic Risk Map of the United States
(from Reference 1)

4 T T T T T

SPECTRA FOR 5% DAMPING

3l SOFT TO MEDIUM CLAY 8 SAND ~
/ DEEP COHESIONLESS SOIL

STIFF SITE CONDITIONS

ROCK

SPECTRAL ACCELERATION
MAXIMUM GROUND ACCELRATION

0 L 1 1 i 1l
0o 05 1.0 15 20 25 30

PERIOD- SECONDS

Figure 57: Average Acceleration Spectra for Different Site Conditions
(from Reference 4)

119




6.2 INFLUENCE OF SOIL CONDITIONS ON GROUND MOTION

At the present time there is a widespread agreement that the characteristics of ground
shaking and the corresponding response spectra are influenced by:

e The characteristics of the soil deposits underlying the proposed site
(section 2.5).

e The magnitude of the earthquake producing the ground motions (section
2.4).

e The source mechanism of the earthquake producing the ground motions
(section 2.2 and 2.3).

o The distance of the earthquake from the proposed site and the geology
ot the travel path (section 2.4).

While it is conceptually desirable to include specific consideration of all four ot the
factors listed above it Is usually not possible to do so in a code environment because
of the complexity of the problem. Sufficient information is available to characterize,
in a general way., the effects of specific soll conditions on effective peak acceleration
and spectral shapes. The effects of the other factors are so poorly understood at
this time that they are often not considered In spectral studies.

The fact that the effects of local soil conditions on ground motion characteristics should
be considered in structural design has long been recognized in many countries of
the world. Most countries considering these effects have developed different design
criteria for several different soil conditions. Typically these criteria use up to four
ditfferent soll conditions.

in the AASHTO Guide Specifications, spectral shapes representative of four different
soil conditions were selected trom a study performed by Seed et al [reference 16).
The mean spectral shapes were based on 104 recorded ground maotion records, primarily
from earthquakes close to the seismic source zone in past earthquakes In the Western
United States. The statistical mean of these shapes for the four different soil conditions
are shown in figure 57. It was considered appropriate to simplify the curves to a family
of three by combining the spectra for rock and stiff soil conditions; the normalized
spectral curves are shown in figure 58. The curves In this figure thus apply to the
following three soll conditions.

Soil Profile Type 1 is a profile with either:

1. Rock of any characteristic. either shale-like or crystalline In nature
(such material may be characterized by a shear wave velocity greater
than 2,500 ft/sec (760 m/sec). or by other appropriate means of
classitication); or

2. Stiff soil conditions where the soll depth is less than 200 ft. (60
m) and the soil types overlying rock are stable deposits of sands.
gravels. or stitt clays.

Soll Profile Type Il is a profile with stitf clay or deep cohesionless conditions where

the soil depth exceeds 200 ft. (60 m) and the soil types overlying rock are stable
deposits of sands. gravels. or stift clays.
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Soll Profile Type Il is a profile with soft to medium-stiff clays and sands. characterized
by 30 ft. (10 m) or more of soft to medium-stiff clays with or without intervening
layers of sand or other cohesioniess soils.

Ground motion spectra for 5 percent damping are obtained by multiplying the normalized
spectral values shown in figure 58 by the appropriate Acceleration Coefficient obtained
from figure 55 and by a correction factor of 0.8 if Soil Profile Type lil exists. The
resuiting ground motion spectra for an Acceleration Coefficient of 0.4 are shown in
figure 59. It should be noted that these spectra are modified before they are used
in the design provisions (section 6.3).

Ground motion spectra for vertical motions may be determined with sufficient accuracy
by muitiplying the ordinates of the spectra for horizontal motions by a factor of 0.67.

6.3 DESIGN COEFFICIENTS AND DESIGN SPECTRA

The determination of appropriate seismic design loads. although complex in reality,
has been significantly simplified for code application.

For the simplified single degree of freedom model (section 3.1). the lateral earthquake
design force (F) is generally express as a fraction on weight (W) of the superstructure.
The basis for this expression is as follows:

force = mass x acceleration (Newton's Second Law)
= Ma

Now. if acceleration is expressed as a fraction of the acceleration due to gravity (g).
force M.Cg

C.Mg

Cw (22A)

where C is an acceleration coefficient (fraction of gravity).

in modern design codes. C is called a lateral design force coefficient or seismic load
coefficient and is a function of:

® seismic zone.
e period of the bridge.
® site soil conditions.

For use in a design code, it Is advantageous to express the lateral design force
coefficient in as simple a manner as possible. For example. in the AASHTO Guide
Specitication [reterence 4] this coefficient is identified as Cg. and is given by:

1.2A
Cs = ?27—38- (22B)

where A is an acceleration coefficient as given
by the seismic zoning map of figure 55;
S is a site coefficient as given in table 4.
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and T is the period of the bridge in seconds.

Note that this is an emplirical relationship and T must be expressed in seconds for
it to be valid. Coetficients A, S and Cg are nondimensional and therefore are
independent of the chosen system of units.

Figure 60 shows Cg plotted against T for various site and acceleration coefficients.
Note that the upper limit for Cg is 2.5A. For Soil Profile Type Ilil. in areas where
A exceeds 0.30. the maximum value for Cg is 2.0A. Note also that the use of a
simple soil factor in the equation directly approximates the effect of local site conditions
on the design requirements as discussed in section 6.2.

Table 4. Site Coefficient (S)

Soil Profile T
| i m

S 1.0 1.2 1.5

In the discussion on spectral shapes in section 6.2 and shown in figures 58 and 59.
the recommended ground response spectra decreases approximately as 1/T for longer
periods. However, because of the concerns associated with inelastic response of longer
period bridges it was decided that the ordinates of the design coefficlents and spectra
should not decrease as rapidly as 1/T but should be proportional to 1/T723/3

A comparison of the spectra resulting from equation (22) and those of the AASHTO
Guide Specification recommended ground response spectra, is given In figure 61. It
will be seen that in the development of AASHTO Guide Specifications. the elastic seismic
response coefficient and specira is approximately 50 percent greater at a period of
2 sec. (for stift soil conditions) than would be obtained by direct use of the
recommended ground response spectra. This increase gradually decreases as the
period of the bridge shortens. The two major reasons for introducing this conservatism
into the design coefficients and spectra (for long period bridges) are:

1. The fundamental period of a bridge increases as the column height
increases., the span length increases and the number of columns
per bent decreases. Hence the longer the period the more likely
that high ductility requirements will be concentrated in a few
columns.

2. Instability of a bridge is more of a problem as the period increases.

The determination of the design coefficient or design response spectra generally includes
the following steps:

STEP 1 Determine the Seismic Zone for the bridge site. This is generally done

by reference to a seismic zoning map:. e.g.. figure 55 for the AASHTO Guide
Specifications and figure 56 for the AASHTO Standard Specitications.

123



STEP 2 Determine the Acceleration Coefficient for the appropriate zone--in the
AASHTO Guide Specifications the Acceleration Coefficlent is given on the
zoning map of figure 55.

In the AASHTO Standard Specifications and current CalTrans requirements,
acceleration coefficients are specified for each zone of the map.

STEP 3 Determine the site coefficient for the bridge site--in the AASHTO Guide
Specification there are three soil profiles defined and a site coefficient (table
4) is assigned to each profile.

In the AASHTO Standard Specifications and the Caltrans requirements the
site coefficient for four soll profiles Is Incorporated directly in the plots of
the response coefficient (AASHTO) and design spectra (Caltrans).

STEP 4 Determine the design coefficient or design response spectra—-in the AASHTO
Guide Specifications the design coefficient and response spectra are expressed
as a function of the acceleration coefficient, site coefficient and period of
the bridge. Spectra with varying Acceleration Coefficients and site coefficients
are shown in figure 60.

In the AASHTO Standard Specifications requirements. coefficients are presented
as plots. There are four separate plots for each of four soil types. The
design coefficient plots incorporate a reduction factor for ductility and risk
assessment, i.e.. these plots have aiready been reduced assuming ductile
performance of the substructures. In the CalTrans requirements, design
response spectra are also presented as plots but are not reduced. As
with AASHTO there are four separate plots for each of four different soll
types. The design coefficient is obtained from the design response spectra.

6.4 RESPONSE MODIFICATION FACTORS

In the AASHTO Guide Specifications. seismic design forces for individual components
and connections of bridges are determined by dividing the elastic forces obtained from
the analysis (using the design coefficient or spectra specified In section 6.3) by the
appropriate Response Modification Factor (R). The Response Modification Factors for
the various components are given in table 5.

Response modification factors (R-factors) are introduced to implement the design
philosophy of the AASHTO Guide Specification as outlined in section 4.1. They are
used to obtain the design forces for each component using the results of an analysis
of the bridge when subject to the seismic loads of the elastic design spectra. inherent
in the R-factors is the assumption that the columns will yield when subjected to the
elastic forces Induced by the design ground motilons and that connections and
foundations are to be designed to accommodate the design ground motion forces with
little, if any, damage.

The rationale used in the development of the R-factors for columns, piers and pile

bents is based on considerations of redundancy and ductility provided by the various
supports. The wall type pier is judged to have minimal ductility capacity and redundancy
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Table 5: Response Modification Factors (R

Substructure R Connections
Wall-Type Pier2 2 Superstructure to
Abutment
Reintorced Concrete
Pile Bents
a. Vertical Piles Only 3 Expansion Joints
b. One or more Batter Piles 2 Within a Span of
the Superstructure
Single Columns 3
Columns, Piers or
Pile Bents to Cap Beam
Steel or Composite Stee! or Superstructured
and Concrete Pile Bents
a. Vertical Piles Only 5
b. One or more Batter Plles 3 Columns or Piers
to Foundations
Multiple Column Bent 5

1 The R-Factor is to be used for both orthogonal axes of the
substructure.

2 A wall-type pier may be designed as a column In the weak direction
of the pier provided all the provisions for columns In chapter 8 of the
AASHTO Guide Specification [reference 4) are followed. The R-Factor for
a single column can then be used.

3 For bridges classified in Seismic Performance Category C and D (see
section 6.5 for definition), it Is recommended that the connections be
designed for the maximum forces capable of being developed by plastic
hinging of the column or column bent. These forces will often be
significantly less than those obtained using an R-Factor of 1 or 0.8.
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in its strong direction and Is therefore assigned an R-factor of 2. A multiple column
bent with well-detailed ductile columns, is judged to have good ductility capacity and
redundancy and is therefore assigned the highest value of 5. Although the capacity
of single columns Iis similar to that ot columns In a muitiple column bent. there is
no redundancy and therefore a lower R-factor of 3 is assigned to these columns.
This should then provide a level of performance similar to that of a multiple column
bent. At the time these R-factors were compiled. there was little intormation available
on the performance of plle bent substructures. Since that time Caltrans has reported
the satisfactory performance of several bridges with piie bents during actual earthquakes.
The conservative R-factors in table 5 were based on the judgment of potential pile
bent performance In comparison to that of the other three types of substructure. |t
was believed that there would be a reduction in the ductility capacity of pile bents
with batter pilles and therefore iower R-factors were assigned to these systems. In
the light of the Caltrans experience. there may now be some justification for increasing
the factors for these substructures.

The R-factors of 1.0 and 0.8 assigned to connections mean that these components
are designed for the design elastic forces and for greater than the design elastic
forces in the case of abutments and expansion joints within the superstructure. This
approach s adopted in part to accommodate the redistribution of forces that occurs
when a bridge responds inelastically and to maintain the overall integrity of the bridge
structure at these important joints. Increased protection can be obtained for a minimum
increase in construction cost by designing connections for these larger force levels.
However. it should be noted that for bridges classified in Seismic Performance Category
C and D (see section 6.5 the recommended design forces for column connections
are the forces that can be developed by plastic hinging of the columns. Since these
are the maximum forces that can be developed and they are generally smalier than
the elastic values, the desired integrity will be obtained at lower cost. The connection
design forces associated with plastic hinging are not specified for bridges in Seismic
Performance Category B8 because the calculation of these forces requires a more detailed
analysis. However they may be used if desired.

6.5 SEISMIC PERFORMANCE CATEGORIES

A basic premise in developing the AASHTO Guide Specifications was that they be
applicable to all parts of the United States. The seismic risk varies from very small
to high across the country and design requirements applicable to the higher risk areas
are not always appropriate for the lower risk areas. In order to provide filexibility in
specifying design provisions associated with areas of different seismic risk. four Seismic
Pertormance Categories (SPC) are defined. The four categories permit variation in
the requirements for methods of analysis. minimum support lengths, column design
details, foundation and abutment design requirements in accordance with the seismic
risk associated with a particular bridge location.

Therefore, In these Guide Specifications, each bridge is assigned to one of four Seismic
Performance Categories (SPC), A through D, as shown in table 6. This method of
classification is based on the Acceleration Coefficient (A) determined from the map
shown in figure 55 and discussed In section 6.1, and the Importance Classification
(IC). discussed in section 6.6. As noted above. minimum analysis and design
requirements are governed by the SPC.
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Table 6: Seismic Performance Categories (SPC)

ACCELERATION IMPORTANCE
COEFFICIENT CLASSIFICATION 1C)

A | n

A < 0.09 A A

009 < A < 0.19 B B

019 < A < 0.29 C C

029 « A D C

It is seen in table 6 that bridges classified as SPC D are designed for the highest
level of seismic performance whereas those classified as SPC A are to be designed
for the lowest level of seismic performance.

6.6 IMPORTANCE CLASSIFICATION

in the AASHTO Guide Specifications. an Importance Classification (IC) is assigned to
all bridges with an Acceleration Coefficient greater than 0.29 for the purpose of
determining the Seismic Performance Category (SPC) in section 6.5. Bridges are classified
as either essential or non-essential on the basis of Social/Survival and Security/Defense
requirements. In general. an essential bridge Is one that must continue to function
after an earthquake and is assigned to group | for its Importance Ciassification. IC.
For all other bridges. IC = Il

The determination of the Importance Classification for a bridge Is necessarily subjective
and in addition to the Social/Survival and Security/Defense requirements. consideration
should also be given to average annual daily traffic.

The Social/Survival evaluation is largely concerned with the need for roadways during
the period immaediately following an earthquake. In order for civil defense, police,
tire department or public health agencies to respond to a disaster situation a continuous
route must be provided. Bridges on such routes should be classified as essential.
In addition, any bridge that crosses an essential route should also be classified as
essential. This is because of the risk of closure to the essential route by the collapse
of the overcrossing.

A basis for the Security/Defense evaluation is the 1973 Federal~Aid Highway Act which
required that a plan for defense highways be developed by each State. This plan
had to include. as a minimum, the interstate and Federai-Aid primary routes. However,
some of these routes can be deleted when such action is considered appropriate by
a State. The defense highway network provides connecting routes to important military’
installations. industries and resources not covered by the Federal-Aid primary routes.
Bridges serve as important links in the Security/Defense roadway network and such
bridges should also be classified as essential.
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CHAPTER 7 DESIGN FORCES AND DISPLACEMENTS

This chapter examines appropriate methods of calculating forces and displacements
under the action of the design loadings. This Is achieved through structural analysis,
which is in essence an art rather than a science. The guidelines presented in this
chapter represent minimum requirements. and shouild be critically examined for
applicability on a case by case basis. Any attempt to rigidly define analytical
requirements for all future projects understates the “art® content of analysis and curtails

independent and creative thinking. The following guidelines should be interpreted in
this light.

7.1 ANALYSIS PROCEDURES

Many of the analysis methods described in chapter 3 can be performed manually using
hang procedures or they may be programmed for a computer based solution. This
latter option is preferable for all but the simplest bridges because even the most
primitive analysis methods become tedious once a bridge becomes even slightly complex.
For example. bridges which are continuous for more than two spans or those with
muiti-column bents and flexible bent caps on soft foundations will be time consuming
10 analyze by hand. Since most bridge design offices have access to computer facilities.
it is expected that engineers routinely engaged in bridge design will prefer to use
computer programs for analysis. Therefore. the basic thrust of this section Is towards
computer-based analysis procedures.

Analytical procedures have advanced considerably. to the point where elastic dynamic
analysis is being used routinely in areas of moderate to high seismic risk. It is often
thought that dynamic (or °rigorous®) analysis allows the prediction of earthquake forces
and displacements very accurately. This assumption is incorrect. At best. a dynamic
analysis of a well modeiled structure will give the engineer a good indication of the
distribution of torces in the structure and the magnitude of the deformations to be
expected. Thus It is unnecessary to overly refine a dynamic analysis once “reasonable”
results are obtained.

Structural analysis by computer is a sophisticated design tool but it shouid only be
used when the assumptions made by the author of the computer program are understood.
Analytical results should always be examined critically to check that basic criteria.
such as equilibrium, have been satistied. The engineer must retain a “feel® for the
structure, and be able to predict and check the global response independently of the
computer analysis.

7.1.1  Applicability of Various Methods
Recommendations for choice of analysis method are usually given in terms of the type

of bridge (number of spans. geometric configuration and regularity) and its Seismic
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Performance Category (see section 6.5). These recommendations are summarized in
table 7. In this table "S" refers to a single mode analysis while "M" refers to a
multimode analysis (section 3.1).

Table 7: Analysis Method Recommendations

Seismic Regular Bridges irregular Bridges
Performance with with
Category 2 or More Spans 2 or More Spans
A - -
B S S
C S M
D S M

In this table. the terms reguiar and irregular are used. A regular bridge Is defined
as one having no abrupt or unusual changes in mass. stiffness or geometry (subtends
a plan angle of no greater than 90 degrees) along its length, and no large differences
(greater than 25 percent of the lesser of the two quantities) in these quantities between
adjacent supports (abutments excluded). An irregular bridge is one that does not satisfy
the definition of a regular bridge. Examples of regular and irregular bridges are
illustrated in figure 62.

Time history analysis may be required in special circumstances where a travelling wave
may cause out-of-phase motions at the piers of a very long structure.

7.1.2 Single Mode Analysis

As noted above. the single mode method Is recommended for the analysis of ‘regular®
bridges Instead of the more rigorous muitimode method. Even ‘“irregular® bridges in
seilsmic performance category B. may be analyzed by this method. This is done to
avold the need for computer based modal solutions for simple bridges. or for those
in low seismic risk areas. In many cases. the method gives perfectly satisfactory resuits
but it should be noted that various approximations are made In order to apply the
method to these ‘regular® bridges. These approximations introduce uncertainties in the
calculated results especially for bridges which are almost “irregular® but classified as
‘regular” under the above rules (table 7). Therefore. it modal analysis capability is
available. it is recommended that it be used instead of the single mode approach.
even for regular bridges.

The reason that the single mode method should only be applied to regular bridges
is because the method assumes that one. time-independent. shape with time-
varying amplitude completely defines the earthquake motion of the structure. In other
words. these regular bridges are assumed to respond to earthquake loads Iin a single
mode of deformation which retains its shape throughout the duration of an earthquake.
However, the size of this deformation mode (i.e. the amplitude of vibration) may change
with time in accordance with the variations Iin ground motion. This is a reasonable
assumption for regular, uniform structures, but may be in gross error for more complex
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Figure 63: Single Mode Method of Analysis
(after Reference 4)
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L
2
Tmax = 229‘ 4 where v = j;w(x)[vs(x)130x (24)

Equating these two energies. and recognizing that w = 27/T. an expression for the
period of vibration is obtained as foliows:

2
poa=%'y T =27 Y

25)

At first sight., equation 25 does not look like the familiar expression for period as
developed in figure 9a. However. if y/g Is thought ot as an effective mass and
poa as the same as an effective stiffness, equation 25 takes on the appearance of
the earlier formula. The fact that ¥/g and pga are equivaient to mass and stiffness
respectively can be demonstrated by considering the longitudinal response of a straight,
uniform (w) = w) bridge for which vg(x) Is a constant (A) and the integrations In
equations 23 and 24 for a and ¥ both reduce to the constant L.

Then Yy = wadl = w.a? (25a)
and a = AL (25b)
therefore Po@ = poBL = Ppld = KgA2 (25¢)
where w = wl ... total weight (25d)
Po = pol ... totat lateral load (25e)
Ko = Po/A ... longitudinal stiffness (250

Substitution into equation 25 and simplifying gives

W
T = 2n — (259)
\} gKo 9

as before (tigure 9a).

Alternatively, this equivalence may be numerically demonstrated using the examples
In Chapter 8 and 10.

The period allows the appropriate amplitude for the assumed shape to be determined
from the ordinate of the response spectrum, Sa(§.T). A damping ratio of 5 percent
is typically assumed. This response is calculated as a scalar times the initial deflected
shape. vg(). due to the uniform load.

maximum acceleration = Sg (£.T) = Cs0
maximum displacement = S / w? = Cgg / w?
deflected shape at time Ceg 8
of maximum displacement = vy g, () = —o-‘;i,- 7 Vs®
L
where 8 = f w00 vg 00dx (26)

0

The (8 / v) tactor can be thought of as a normalizing factor since the magnitude
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bridges. The single mode analysis is applied Iindependently in the longitudinal and
transverse directions., and the results are combined as described In section 7.3.

The single mode analysis is based upon the first steps of a Rayleigh analysis. This
analysis assumes a vibration shape for a structure. calculates maximum potential and
kinetic energies associated with that shape. and by equating these two energles deduces
a natural frequency for the system. The design forces and displacements for the system
come from a static analysis using the inertia forces consistent with the initial vibration
shape as the applied loading. This is the essence of the single mode analysis. which
formulates an equivalent model of the system., such that the overall behavior of the
complete bridge Is closely approximated. Review section 3.1 for earlier discussion on
bridge modelling.

In the description of the single mode method that follows. a change in notation is
introduced. This is done so that this presentation iIs consistent with that in the AASHTO
Guide Specification [reference 4]). Unfortunately, the simplitled notation used in chapter
3 Is not universally adopted and when writing the following material. uniformity with
the AASHTO Guide was considered preferable to uniformity with chapter 3. Table 8
summarizes the relevant changes in notation.

Table 8: Notation Changes

Chapter 7 Chapter 3
Notation Description Notation
Po- P. Pe lateral loaas f
Vs. Ymax displacement d

w bridge frequency p

¢ damping ratio n

The weight per unit length of the structure is given by w(x). and the mass per unit
length is given by m0). The Iinitial assumed vibration shape is the static deflection,
vg(x), due to a unit (pg = 1) unitorm load acting in the direction of analysis (see
fijgure 63a). This may be calculated by hand or with the aid of a computer.

The strain (potential) energy. U. stored in the structure Iin this deflected position is
equal to the work, Wg. done by the external ioad in deforming the structure:

L
U= Wg = % Poa where a = fvs(x)dx (23)
0

If the structure Is now released from its deflected position. it will vibrate in the
same shape with frequency w. The maximum kinetic energy. Tmax. Occurs when the
structure passes through its at-rest position, and is given by:
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of vg(x) was chosen arbitrarlly (i.e., corresponding to a unit uniform load).

The design forces and displacements could be caiculated by simply muitiplying those
corresponding to the initial shape by the above scalar (Cgg8 / wiy). However,
more accurate forces and dispiacements are obtained by taking the analysis a little
further. The inertia forces. pe(x). corresponding to the deflected shape at the time
of the maximum displacement are:

Pe® = K*Vmax® (27a)
where k* is an equivaient stiffness. Then, from the expression for frequency (figure
e wl = k*/m® 270
and substitution into the above expression for vmayx() gives:

vmax0 = 522 viw  mw @70
Now substitution of equation (27c) into (27a) and noting that

wiho = mx.g
gives Pe® = Cg . % - w0 L vg(x) 27d)

These forces are applied to the structure (see figure 63b) to obtain the member forces
and displacements for use in design. Again. this can be performed by hand calculation
or with the aid of a computer.

it should be apparent that this process is the beginning of an iterative scheme, and
that the previous caiculations could be repeated for this new load pattern. leading
to a new estimate of the structural period and the subsequent response. The process
converges when the deflected shape corresponding to the inertia forces is in agreement
with the assumed shape at the beginning of the iteration. At convergence. the defiected
shape and the fundamental vibration shape correspond. However, this exira effort is
unwarranted. because for regular structures the deflected shape corresponding to a
uniform load will closely approximate the mode shape. and the period and response
calculated above will be good estimates of the actual reponse.

In summary, the analysis is performed in both the longitudinal and transverse directions,
and the steps tor each direction are as follows:

e Calculate vg(0).

e Calculate a. 8. 7.
e Calculate T and Cg.
e Determine pg®x).

e Cailculate the design forces and displacements.
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A more detailed explanation of the method is given in the AASHTO Guide Specification
[reference 4]. Also. as noted above. numerical examples which illustrate the method
are presented in chapters 8 and 10.

7.1.3 Muiti-Mode Analysis

Multi-mode spectral analysis should be used for bridges with irregular geometry, mass
or stiffness properties. Irregularities generally induce coupling between responses in
the three global directions, making the assumption of a single mode for each of the
longitudinal and transverse directions inappropriate. In addition, the total response of
an irregular structure is not dominated by just one mode of vibration, but rather, several
modes contribute significantly. and must each be included for meaningful resuits to
be obtained. A computer program should be used by an experienced analyst to account
for these effects accurately. Currently available suitable programs are briefly described
in section 7.8.

Sufficient modes should be included in the analysis t0 ensure that the effective mass
Included in the model is at least 90 percent of the total mass of the structure. (The
total effective mass should be printed in the output from the computer analysis. A
discussion of effective mass can be found in any basic dynamics text such as reference
17. If this requirement is not satisfied. missing mass corrections should be made. The
mass and stiffness of the entire seismic resisting system should be included in the
analysis.

A multi-mode spectral analysis calculates the maximum response of the structure in
each of the modes of vibration included in the analysis. These maxima are then
combined to give the total response of the structure. Care must be taken with this
combination. for these modal maxima do not generally occur at the same instant in
time. The generally accepted modal combination rule is the Square Root of the Sum
of the Squares (SRSS) method. This method works well for structures with weil separated
natural periods. and should be adequate for most bridge structures. However, when
closely spaced modes occur., more sophisticated combination rules should be used.

Perhaps the most elegant of these rules is the Complete Quadratic Combination (CQC)
rule, which accounts for statistical correlation between the various modal responses.
Other rules for closely spaced modal combination inciude absolute summation of
responses from those modes with frequencies within 10 percent of the lowest frequency
in the group. and then SRSS combination of the remaining. well separated. modes.
It should be pointed out that absolute summation has the potential to grossly overestimate
response In directions orthogonal to the input and in situations where modal contributions
tend to cancel one another. For a discussion of these various combination methods.
see reference 33.

7.1.4 Time History Analysis

Time history analysis should be used for very unusual structures. and especially for
very long structures where travelling wave effects can invalidate the response spectrum
assumption that all support points have identical motions.

Time history analysis requires a detailed description of the time variation of the ground

acceleration at all support points for the structure. It is impossible to describe these
variations in such a way as to cover future motions likely to occur at the site. However.
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this problem can be addressed by using several time histories. each of which has
the overall characteristics of the design spectrum, but each one having ditferent and
potentially important characteristics in terms of detalls of the structural response.

One of the key parameters in a time history analysis is the time step. This is specified
sO as to accurately capture the response of all significant modes., and as a rule of
thumb, this should be set at one-tenth of the period of the highest mode of interest.

Unlike response spectrum analysis, the time variation of all response quantities Iis
explicitly computed. and combination of modal maxima is not an issue.

7.2 PRACTICAL MODELLING GUIDELINES

The type and degree of refinement of the mathematical model depends on the complexity
of the bridge under consideration and the amount of detail required of the results.
The overall objective shouid be to produce a model that will capture the essential
dynamic characteristics of the bridge and produce realistic overall results. The designer
must be able to reconcile the results from the computer analysis as °“making sense-”,
and no amount of analysis can replace the need for careful design and thoughtful
detailing of the actual structure. This section is intended to provide some basic
guidelines which., when followed. will produce reasonable resuits for most structures.

7.2.1 Stryctural Geometry

The selection of the nodal locations for the model determines the accuracy with which
the model can respond to the applied loads. The superstructure shouid, as a minimum,
be modelled as a series 0Of three dimensional beam-column members with nodal locations
at the ends of each span and at the quarter points within each span. Discontinuities
and joints in the superstructure should be explicitly modeiled. This may be achieved
by the use of °double nodes® at expansion joints, coupled by elements representing
the stifiness of the joint. Significant horizontal and vertical curvatures should be
accurately modelled. as should skew supports.

Intermediate columns or piers should also be modelled as three dimensional beam-
column members. Generally, for short, stitft columns with lengths less than one-third
of either of the adjacent span lengths, intermediate column nodes are unnecessary.
However, for long. flexible columns, intermediate nodes at the third points should be
used. The model should consider the eccentricity of the columns with respect to the
superstructure. In other words., a rigid zone at the tops of the column elements should
be used to model the vertical distance between the soffit of the bridge superstructure
and its geometric centerline. It may aiso be necessary to include rigid zones in the
superstructure members to accurately represent the clear span. Each zone would then
model the horizontal distance between the column centerline and the column face.

Additional nodal points may be required at the pier locations below ground level to
model the effects of foundation fiexibility. This is described in detail in section 7.2.4.
figure 71 Iiliustrates nodal locations for two ditferent abutment configurations. which
are also discussed In section 7.2.4.
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7.2.2 Mass Distribution

The structural mass should be lumped In such a way as to capture all significant
reponse patterns. Typically, three mass nodes within each span should suffice. Each
node in a typical model will have six degrees of freedom. three translations and three
rotations. No rotational mass need be specitied.

The mass should take into account the superstructure. pier caps. abutments. columns,
and foundations. It should aiso Include the effects of roadway surfacing. utilities, crash
barriers and the like. Generally, the inertial effect of live load is ignored. However,
it may be appropriate to include some live load inertial effects in those short-span
bridges which have high live to dead load ratios.

7.2.3 Material and Section Properties

Standard material properties should be used in all cases. It Is especially Important
to accurately reflect the material properties of the more flexible elements in the bridge.
such as rubber bearings and soft soils. Properties for rubber bearings should be taken
from product catalogs or test data when avaliable.

Soil stitfnesses should be computed in collaboration with a competent geotechnical
engineer, especially for sites with °soft® soil conditions. In addition., guidance on
selaection of these stiffnesses can be obtained from the recent state—of-the-art report
on highway bridge foundation design and analysis for earthquake loads [reference 6].

Where the surtace materials are very soft, the effective ground line should be taken
at a depth underlying such materials. When a great depth of very soft material exists,
special investigation of stiffness and strength properties should be undertaken. Such
soils are not normally suitable for bridge foundations In seismic areas. For soft sites
with uncertain stiffness parameters. it is recommended that analyses using upper and
lower bound soll stiffnesses be performed to determine the sensitivity of response
to the soil conditions. Suggested soil stitfness parameters for use in preliminary seismic
analyses are glven in table 9.

Where preliminary analyses have indicated that the seismic response of the bridge
is significantly affected by the soil stiffness, the final analysis should use a set of
soll stiffnesses compatible with the foundation displacements at the design loading.

it is important to accurately model the in-plane lateral stiffness and torsional stiffness
of the superstructure, particularly for the transverse analysis of a continuous bridge.
These stiffness parameters influence the distribution and magnitude of lateral loads
to which the substructure will be subject. For “stiff® superstructures (e.g. box sections),
the In-plane lateral stiffness may be based on beam theory using the full width of
the section. For more flexible superstructures (e.g. double T sections). the effective
in-plane lateral stiffness may be much less than that based on the above assumption.
Careful consideration of this stitffness is warranted.

For reinforced concrete sections. the use of cracked or uncracked section properties
must be decided. If the section Is assumed to be cracked. the member (column)
will be more flexible than If uncracked. The bridge will then respond with a longer
period and lower forces will be predicted for the column. However. because of the
additional flexibility. higher deflections will be calculated even though the forces are
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Table 9 : Suggested Soil Stiffness Parameters for Preliminary Seismic Analysis
(after Reference 29)

6EL

SITE DATA DESIGN PARAMETERS
Undrained n, Gdps/ftS)
SOIL TYPE N Shear Strength o' Kn Eg
(blows/ft) (ksD (degrees) Dry Submerged p/d | aipmd
hesignl il
- dense 30-50 45 100 60
- loose 4-10 30 15 6
hesiv il
- hard 20-60 3-15 375 520
- medium 8-15 1-2 125 170
- soft 2- 4 0.3-0.6 30 40
N = standard penetration test resistance
Kn = modulus of horizontal subgrade reaction
ny = constant of horizontal subgrade reaction
_ dKp
d;
Eg = soll modulus of elasticity
o' = effective soll internal angle of friction




less. When in doubt as to which approach is correct. the analysis should be performed
twice using first the cracked and then the uncracked properties and thereby bounding
the response. Some guidance on the effective properties of bridge superstructures
can be found in reference 34. Based on amblent vibration field testing of a large
number of concrete bridges in California. the following moments of inertia are
recommended.

For reinforced concrete superstructures:

moment of inertia In torsion : use 100 percent of gross (uncracked) value
moment of inertia in flexure

about horizontal axis : use 40 to 60 percent of gross value
moment of inertia In flexure
about vertical axis : use 60 to 80 percent of gross value

For prestressed concrete superstructures:

moment of inertla in torsion : use 200 percent of gross (uncracked) value
moment of Inertia in flexure

about horizontal axis : use 120 to 140 percent of gross value
moment of inertia in flexure
about vertical axis : use 100 to 120 percent of gross value

7.2.4 Foundation Modelling

For realistic results from the computer model. the properties of the foundation structure,
abutments and supporting soils must also be included. Soil~structure interaction, or
foundation compliance as it is sometimes called. can dominate the seismic response
of a bridge and must be included. This is particularly true for short, stif bridges.
but is less important for long. tall structures. Ideally the structural model should
represent the total system-—superstructure. substructure. foundation structures and soii~
-so0 that the interaction between soil and structure is captured. However. such an
ideal is not presently feasible for the state—of-the-art is not yet advanced to the point
where soil properties and interaction models are easlly defined. Although several very
sophisticated. computer based models have been developed for soli-structure interaction,
they are at this time research tools and not suitable for routine design office use.
Instead, equivalent but approximate models are in common use to simplify the problem
and make it more manageable.

Several of these approximations are summarized below. More detalled descriptions
are given in references 4, 6, 29 and 35.

7.2.4A Footings

The most common method for modelling a footing (and other substructures) is
to use equivalent springs to represent soil stiffness. In general. the 6 components
of displacement (3 translational and 3 rotational) require 6 equivalent spring
constants. Rigorously, however there is coupling or interaction between these
displacement degrees-of-freedom (especially between the horizontal translation and
rotational components) but this coupling is negligibly small for shallow footings.
It is also difficult to quantify and for typical highway bridge footings it is usual
to neglect these terms. However. if the embedment depth should exceed five times
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the footing dimension (usuaily its equivalent diameter). a more refined spring model
should be used. See, for exampie, reference 6. In this case a 6x6 stiffness matrix
Is generated. representing the complete set of foundation constants which is then
input to the computer program being used to model the superstructure.

Spring constants for shallow rectangular footings are obtained by modifying the
solution for a circular footing, bonded to the surface of an elastic half-space:

le. K = aBKg 28)

where a is the foundation shape correction factor
8 is the embedment factor
and Ko Is the stiffness coefficient for the equivalent circular footing
(table 10)

To use equation 28, the radlus of an equivalent circular footing is first caiculated

according to the degree-of-freedom being considered. Figure 64 summarizes the
appropriate radil. K, is then calculated using table 10.

Table 10: Stiffness Coefficlents for a Circular Surface Footing

Displacement Degree—of-Freedom Kq
vertical transiation 4GR/1-v
horizontal translation 8GR/2-v
torsional rotation 16GR3/3
rocking rotation 8GR3/3(1-v)

NOTE: G and v are the shear modulus and Poisson ratio for elastic
half space material: R is the radius of the footing.

The shape maodification factor., @ may be found from figure 65 and the embedment
factor, 8. from figure 66. Figure 66 is the result of a sensitivity study [reference
61 on typical highway bridge foundations and it will be noted from this figure that
8 Is independent of the actual depth of overburden. This Is judged to be a
reasonable approximation up to depths of five times the equivaient diameter (2R)
at which stage. a special study will be necessary to determine the appropriate
stiffness matrix.

7.2.4B Piles

Several possibilities exist for including the effects of piles and surrounding soil
into the structural mode!l for seismic analysis. Three of these methods are
summarized in figure 67 and include:

@ equivalent cantilever model,
e equivaient base springs model,
® equivalent soil springs model,
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The simplest approach is to assume that an equivalent cantllever column can
be used to model the pile. The section of the cantilever Iis the same as that
of the pile but its length (depth to “fixity") is adjusted so as to give either the
same stiffness at ground level or the same maximum bending moment as in the
actual soil-pile system.

The length to fixity of the equivalent cantliever can be determined from a detailed
substructure model as suggested below, from charts such as those in figures 68a
and 68b (which are for large diameter concrete piles (reference 35). or from
considerations of the relative stiffnesses of the pile and soil. Using beam-on-elastic~
foundation theory. it Is possible to show that the equivalent length to fixity is a
function of the pile-soil stiffness ratios indicated in figure 69. Note that this
formulation glves two effective lengths. one for stiffness considerations and the
other for maximum pile moments.

In most cases. the use of either the charts or the relative stiffness formulation
will give satisfactory results, eliminating the need for a detailed foundation model.
Note that the charts give only the effective depth for stiffness considerations, and
pile moments based on this length will be overestimated. It should aiso be noted
that the two methods (charts. relative stiffnesses) give different results for the
effective depth to fixity. This is in part a reflection of the uncertainty assoclated
with foundation engineering. However. both methods provide a rational and simple
way for inciuding foundation flexibility in the seismic analysis of bridges. and results
using either method will be closer to the actual behavior than will results from
a model which rigidly fixes the bridge at ground level.

Typical ranges for the effective length to fixity (for stiffness) are from 3 to 9 pile
diameters, the low end of the range being for very stiff sites. It should be noted
that this depth to fixity is potentially a function of the direction of loading. as pile
group effects may be different longitudinally and transversely. In the absence of
more specific information. the effective modulus of horizontal subgrade reaction
(Kp) for each plle may be assumed to vary linearly fromh 25 percent of the Ky
value for a single pile, when the spacing in the direction of load Is 3 pile
diameters. to the K, value for a single pile. when the spacing is 8 pile
diameters.

The equivalent base springs model assumes elastic soil behavior and a set of
six independent springs acting at the ground surface. This technique can be quite
satistactory provided the cross coupling terms, which are ignored for footings., are
Included in the stiffness matrix. ~However. calculating these terms can be a major
effort as it is frequently done by a substructuring technique. That Is. a single
ptle or pile group Is modelled explicitly Iin the soll mass independently of the
superstructure. using elastic springs distributed through the depth. Unit displacements
are then imposed In turn at the pile cap and the forces necessary 10 hold these
displacements are calculated. These forces are the required stiffness coefficients
and will automatically include the cross coupling terms. The method requires the
knowledge of the soil spring force-deformation relationships (i.e. the so-called p-
y curves) at several points along the pile length. Methods for establishing both
linear and nonlinear curves for cohesive and cohesioniess solls are available in
the literature and have been summarized in reference 6. It linear conditions can
be assumed, tables of solutions for combined lateral load and applied moment
loading at the pile cap are available in reference 6. from which equivalent spring
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constants can be deduced. |If large displacements are expected (more than 0.5
inches), linear methods may be Iinappropriate and ‘a nonlinear model may have
to be used. Computer-based solutions will then be necessary and there are several
computer codes available for this purpose.

The third technique noted above involves the Inclusion of the pile(s) into the
superstructure models and the use of p-y curves to represent the soll. This is
the equivalent soll springs model. The advantage of this approach is the avoidance
of the need to calculate equivalent spring constants as in the above method.
The disadvantage is the substantial increase in the size of the structural model
and the consequential increased demand on computer solution time. Since accuracy
is primarily a function of the spacing between nodes used to attach the soil springs
to the pile (the closer the spacing. the better the accuracy), and is not so
dependent on the pille itself. simpie beam column elements are usually adequate
for modelling the pile behavior. However, each additional node has a corresponding
implication on core storage requirements and solution time as just noted.

Computer models which use soil springs attached at discrete intervals along the
length of the pile are similar in concept to analytical solutions based on beam-
on-elastic-foundation theory. Another advantage of this model is that it enables
a site with layered soils to be represented explicitly. Such a detailed model may
be warranted for layered sites with rapid changes in soil stiffnesses.

'Untit very recently, the axial stiffness of the soil pile system was not considered
to be important during seismic (lateral) loading. However recent fleld testing
[reference 37] has demonstrated the influence of the rotational stiffness of the
foundation structures on seismic response. Where these structures comprise groups
of piles. the axial stifftness of each pile contributes significantly to the rotational
stifftness of the group.

The various contributions to axial performance are lllustrated in figure 70. These
are the axial stiffness of the pile itself (EA/L., the shear transfer mechanism (t-
2z curve) along the sides of plle and the load transfer at the pile tip (Q-z curve).
The fundamental problem In determining axial stiffness is quantitying these load
transfer relationships. Some guidance Is again given in reference 6. The foilowing
expressions are taken from this reference. but it is noted that there is no uniform

agreement among geotechnical practitioners on the precise form of these
relationships.

Side Friction:

where
f = unit friction mobilized along a plle segment at
movement, z,
fmax = maximum unit friction. and

zo = the critical movement of the pile segment at which
fmax Is fully mobilized. A z, value of 0.2 iIn
(0.5 cm) Is recommended for ail soil types.

147



(from Reference 35)

7
Depth to Point of Effective Fixity
in
SAND
6 ’
e R/C Piles, 4-10 ft. Dia.
“IL_f Column Length = 20 -100 ft, E » 468,000 ksf
- ¢ (Using Reeses Approach, August, i980)
>:< Ne x Dia.
= 5 McBride /Maroney 2/85
> 4
S N\
2
w
g 6'9.
o ¥ 4 FIDNN
Z 3 oy \
£
8 ~— |
o .
5
23 ——
3
2
Very Slightly
LOOSiLL-OOSO Compact Compact . Dense
2 | - u
o] 10 20 30 40 50 60
Standard Penetration Index— N, Blows/ft,
- - - . Approximate ¢
0-28 |28-30 30-36 36-4| in degrees
Figure 68a: Depth to Point of Effective Fixity for Drilled Shafts in Sand

148




10
Depth to Point of Effective Fixity
in

o CLAY
= °
'é - R/C Piles 4-10 ft. Dia.

M
o LT Column Length=20-100 ft, E= 468,000 kst
Z 6 (Using Reeses Approach, August, 1980)
o , N. x Dia. )
E 4's McBride / Maroney 2/85
o \
= ]
cw 4 §-.\ A
2
‘é’ lo'ni\
3 \\‘\
=) ———
5 ST
€ Very . Ver
= Soft  Soft Stitf Stif L Hard
™ e
| |
% 10 20 30 40 50

Standard Penetration Index = N, Blows/f!.

0-5|5-1 -2 2-4 4-6 Shear Strength, ksf

Figure 68b: Depth to Point of Effective Fixity for Drilled Shafts in Clay
(from Reference 35)

149




oSl

A 4
-——-—, *—*’
H H H
—y —>y —5
/ //
/
/ /
/ /
m/';%b - ,( T }
| LM ‘
- ' A
u o o LS H———.-{
Mmax ) __jL Mmax
Ls Lm
4 T 4
Cohesive Soil Cl
Constant Kp 1.4 'R 0.44 f <=
h h
5 5
Cohesionless Soil 1.8 [EL 0.78 |EL
Constant np, n, : N,
Figure 69: Equivalent Cantilever Method using Relative Stiffness Factors

(aftor References 29 and 36)




End Bearing:
q = <;z;)1/3 Amax (30)
where

= maximum tip resistance

o
3
o
x
'

q = tip resistance mobilized at any value of z £ z;. and

z. = critical displacement corresponding t0 Qmax. A Z¢
value of 0.05 of the pile diameter Is recommended.

Computer programs have been written to develop axial stiffness constants based
on these and other more refined equations.

7.2.4C Drilled Shafts (Piers)

A drilled shaft or pier is frequently used to support a single column bent and
may be considered to act as a single vertical pile. However, this shaft is usually
of larger diameter than the column and Is, therefore, somewhat larger (in diameter)
than a conventional pile.

Nevertheless. analysis of behavior and modelling can be treated In a similar manner
to that discussed in section 7.2.4B for piles. provided due consideration is given
to the differences in size, member stiffness and installation methods. These factors
are discussed in references 6 and 35. Figures 68a and 68b give effective depths
to fixity for large diameter reinforced concrete piles (4 to 10 ft diameter) and are
therefore suitable for use In the design of drilled shafts (reference 35).

7.2.4D Abutments

For bridges that transfer loads through the abutments, careful attention must be
given to abutment modelling. There are numerous case histories of bridges damaged
or rendered unusable by excessive abutment displacements or abutment failures.

As noted in chapter 5. there are two principal types of abutments: the monolithic
or end diaphragm abutment (tigure 53a) and the seat type abutment (figure 53b).
Equivalent spring models for both types are shown in figure 71, but these may
be changed or modified to suit particular conditions. The intent is to represent
the force—dispiacement relationship at the abutments but this is a highly complex
non-linear problem, affected by both the soil properties and the design of the
abutment itself. Both the configuration of the springs and their properties should
reflect these conditions. Cailculation of the equivalent spring constants is, therefore,
a compiex process but in the absence of more accurate Information, the following
iterative technique from the AASHTO Guide Specification may be used to determine
equivalent properties. The procedure is outlined In a flow chart in figure 72 and

is described in the following steps. A numerical example is given in appendix
B.
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Assume an initial abutment design and stiffness.

Analyze the bridge and determine the forces at the abutment. Perform one
of the following steps:

(a) It the force levels exceed the acceptable capacity of the
abutment fill and/or piles. reduce the stiffness of the abutments
until the analysis indicates force levels below the acceptable
capacity.

(b) It the force levels are below the acceptable capacity of the
abutment. proceed to step 3.

Examine the calculated displacements at the abutment and perform one of
the foliowing steps:

(a) It the displacements exceed acceptable levels. the assumed
abutment design Is inadequate. Redesign the abutment and
return to step 1.

(b) If displacements are acceptable, the last assumed abutment
stiffness Is consistent with the assumed abutment design. Use
the results from this analysis.

Abutment design Is discussed in more detail in references 4. 6 and 38.

7.3 COMBINATION OF RESULTS FROM ORTHOGONAL ANALYSES

A combination of forces from orthogonal seismic analyses is used to account for the
directional uncertainty of future earthquake motions, and the simultaneous occurrence
of earthquake motions In two perpendicular horizontal directions. The elastic seismic
forces calculated from anaiyses considering separate input in each of two orthogonal
directions shouid be combined to form two load cases as follows:

m

(2)

load Case 1. 100 percent of the absolute values of force and moment from
the analysis in one of the perpendicular (longitudinal) directions are added to
30 percent of the absolute value of the corresponding forces and moments from
the analysis in the second (transverse) direction. Absolute values are used
because the direction of seismic response can be positive or negative.

load Case 2. 100 percent of the absolute value of force and moment from
the analysis In the second perpendicular (transverse) direction are added to
30 percent of the absolute value of the corresponding forces and moments from
the analysis in the first (longitudinal) direction.

7.4 SPECIAL REQUIREMENTS FOR SEISMIC PERFORMANCE CATEGORY A

These requirements and those in sections 7.5 and 7.6 are taken from the AASHTO
Guide Specifications [reference 4). The basic distinction between these provisions and
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those of the AASHTO Standard Specifications [reference 1] is that here the response
is calculated from an elastic analysis of the structure using earthquake loads which
have not been reduced to approximate the effects of ductility. Reductions are applied
separately to individual member elastic forces. reflecting the differing abllities of various
portions of the structure to undergo inelastic deformations. it also reflects the
consequences to the Integrity of the structure. should these deformations occur. Also.
the approach adopted herein gives deflections of realistic magnitude. whereas the
AASHTO Standard Specifications severely underestimate deflections due to seismic loads.

7.4.1 Design Forces

The connection of the superstructure to the substructure shouid be designed to resist
a horizontal seismic force equal to 0.2 times the dead load reaction force in the
restrained directions. Note that single span bridges do not need to satisfy this
requirement. as discussed Iin section 7.7.

7.4.2 Design Displacements
Bearing seats supporting the expansion ends of girders, as shown in figure 73. should

be designed to provide a minimum support length. N (inches or mm) measured normal
to the face of the abutment or pier. as specified below.

N =8+ 0021L + 008 H (inches) (31A)
or N = 200 + 167 L + 667 H (mm) (31B)
where

L = length, in feet for equation 31A or meters for equation 31B. of the bridge

deck from the seat under consideration to the adjacent expansion joint,
or to the end of the bridge deck. For hinges within a span. L should
be the sum of Ly and Lp. the distances on each side of the hinge to
an adjacent expansion joint or end of deck. For single span bridges.
L equais the length of the bridge deck. These lengths are also shown
in figure 73.

For  abutments
H = average height. in feet for equation 31A or meters for equation 31B. of
those columns supporting the bridge deck from this abutment, to the next
expansion joint. H = 0 for single span bridges.

For columns and/or piers

H = column or pier height in feet for equation 31A or meters for equation
31B.

For  hinges within a span

H = average height of the adjacent two columns or piers in feet for equation
31A or meters for equation 318.
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7.5 SPECIAL REQUIREMENTS FOR SEISMIC PERFORMANCE CATEGORY B

7.5.1 Design Forces for Structural Members and Connections
Seismic design forces given In this subsection apply to:

a) The superstructure. its expansion joints and the connections between the
superstructure and the supporting substructure.

(b) The supporting substructure down to the base of the columns and piers but
not including the footing. pile cap or piies.

(c) Components connecting the superstructure to the abutment.

Seismic design forces for the above components should be determined by dividing
the elastic seismic forces obtained from Load Case 1 and Load Case 2 of section
7.3 by the appropriate Response Modification Factor of section 6.4. The modified seismic
forces resuiting from the two load cases are then combined independently with forces
from other loads as in the following group loading combination for the components.
Note that the seismic forces are reversible (positive and negative).

Group Load = 1.0 (D + B + SF + E + EQM) (32)
where D = dead load
B = bouyancy
SF = stream-flow pressure
E = earth pressure
EQM = elastic seismic force for either Load Case

1 or Load Case 2 of section 7.3 modified
by dividing by the appropriate R-Factor (section 6.4).

Each component of the structure is designed to withstand the forces resulting from
each load combination according to the AASHTO Standard Specifications. Note that
equation 32 should be used in lieu of the AASHTO Group VH loading combination and
that the ¥ and 8 factors equal 1. For Service Load Design. a 50 percent increase
Is permitted in the allowable stresses for structural steel and a 33-1/3 percent increase
for reinforced concrete.

7.5.2 Design Forces for Foundations
Seismic design forces for foundations, Including footings. pile caps. and piles should
be the elastic seismic forces obtained from Load Case 1 and Load Case 2 of section
7.3 divided by the Response Modification Factor (R) specified below. These maodified
selsmic forces are then combined independently with forces from other loads as indicated
in the following group loading combination to determine two alternate load combinations
for the foundations.

Group Load = 1.0 (D + B + SF + E + EQP) (33)

where D, B, SF and E are as defined in section 7.5.1 and
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EQF = the elastic seismic force for either Load Case 1
or Load Case 2 of section 7.3 divided by half
the R-Factor for the substructure (column or
pier) 10 which it is attached.

EXCEPTION:
For pile bents the R-Factor should not be divided by 2.

Each component of the foundation should be designed to resist the forces resulting
from each load combination and the AASHTO Standard Specifications.

7.5.3 Design Forces for Abutments and Retaining Walls

The components (bearings. shear keys) connecting the superstruciure to an abutment
should be designed to resist the forces given in section 7.5.1.

7.5.4 Design Displacements

The seismic design displacementis should be the maximum of those determined from
the elastic analysis or those given in section 7.4.2.

7.6 SPECIAL REQUIREMENTS FOR SEISMIC PERFORMANCE CATEGORIES C AND D

Two sets of design forces are outlined in section 7.6.1 and 7.6.2 for bridges classified
as Category C or D. The design forces for the various components are given in
sections 7.6.3 through 7.6.7. The design displacements are provided in section 7.6.8.

7.6.1 Modified Design Forces

These should be determined as suggested in section 7.5.1 except that for columns
a maximum and minimum axial force should be caiculated for each load case by taking
the seismic axlal force as positive and negative.

7.6.2 Forces Resulting From Plastic Hinging

The forces resulting from plastic hinging at the top and/or bottom of the column should
be calculated after the preliminary design of the columns is complete. The forces
resulting from plastic hinging are recommended for determining design forces for most
components as outlined in sections 7.6.3 through 7.6.6. Alternate conservative design
forces are given if forces resulting from plastic hinging are not calculated. The
procedures for calculating these forces for single column and pier supports and bents
with two or more columns are given in the following subsections and are an
implementation of the capacity design approach outlined in section 4.6.

Note that if the column moments do not reach their plastic values, the shear forces
from plastic hinging will not govern. The governing design forces will then be those
from the unreduced elastic spectrum or from other load groups.

A. Single Columns and Plers

The forces are calculated for the two principal axes of a column and in the weak
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direction of a pier as toliows:

Step 1. Determine the column overstrength plastic moment capacities. For reinforced
concrete columns, use a flexural overstrength factor (@5} of 1.3 and for structural
steel columns use 1.25. nominal yleld strength. (NOTE: This terminology is different
to that used in section 4.82(A) of the AASHTO Guide Specification. This is done to
minimize possible confusion with the traditional use of strength reduction factors and
10 be consistent with section 4.6 of this manual. However, the intent of both approaches
is the same.) For both materials. use the maximum elastic column axial load from
section 7.3 added to the column dead load.

Step 2. Using the column overstrength piastic moments, calculate the corresponding
column shear force. For flared columns. this calculation should be performed using
the overstrength plastic moments at both the top and bottom of the flare with the
appropriate column height. If the foundation of a column is significantly beiow ground
level. consideration should be given to the possibility of the plastic hinge forming above
the foundation. |f this can occur. the column length between plastic hinges should
be used to caiculate the column shear force. Recommended column lengths as used
by Caltrans for a variety of pler configurations, are shown in figure 74.

The forces corresponding to a single column hinging are:

1. Axial Forces - unreduced maximum and minimum seismic axial load of section
7.3 plus the dead load.

2. Moments - those calculated in Step 1.
3. Shear Force - that calculated in Step 2.
B. Bents with Two or More Columns

The forces for bents with two or more columns should be caiculated both in the plane
of the bent and perpendicular to the plane of the bent. Perpendicular to the plane
of the bent the forces are calculated as for single columns in section 7.6.2(A). |In
the plane of the bent the forces may be calculated as follows:

Step 1. Determine the column overstrength plastic moment capacities. For reinforced
concrete, use a flexural overstrength factor (®dg) of 1.3 and for structural steel use
1.25. (NOTE: As noted in (A} above. there Is a change in terminology here from
that used in the AASHTO Guide Specifications. This is done to be consistent with
section 4.6.) For both materials. use the axial load corresponding to the dead load.

Step 2. Using the column overstrength plastic moments calculate the corresponding
column shear forces. Sum the column shears of the bent to determine the maximum
shear force for the bent. Note that, if a partial-height wall exists between the columns,
the effective column height is taken from the top of the wall. For flared columns
and foundations below ground level. see section 7.6.2(A) Step 2 and figure 74. For
pile bents. the length of plle above the mud line should be used to calculate the
shear force.

Step 3. Apply the bent shear force to the top of the bent (center of mass of the
superstructure above the bent and determine the axial forces in the columns due to

160



Assume Flares Fall Off Assume Flares

Effective
o T S =yl N AT B AU TR ]
“\ w‘ 1 ’a F \‘ ‘l \‘ : / \
Le Le Le Le Lw Le Lw * MFL *
L L
Mw {Mw 1 | Mw "
Me b /8 I obon wrie ‘(7”-.-— orieb—pr—e
—J‘w-lo—m - TR | =
[ 1Ms Mp ’-\\ M
r L&ML . L‘d Mr _ftwml or
Point of Fixity —e -~ Barrier
g "B or MF My v My CMp v My CMeL My
Ve Voo o, Voo V- VT
B B F W W W
or or or
Mg Mg My Mg Mt My
Lg Lg B
(0 TRANSVERSE
J - —d
- My 3 M1 3 T
— {
\ /
1! ‘F“
La LF La LB
Ma
TRT TITAN "TIRXZRT.
1 i 1
L
V_MT+MB R Mp * Mg _ Mg
= L vV = L or T v = -L—-
B B F B

() LONGITUDINAL

Figure 74: Cailculation of Shear Force for Different Plastic Hinge Locations
(from Reference 38)

161




overturning when the column overstrength plastic moments are developed.

Step 4. Using these column axial forces combined with the dead load axial forces.
determine revised column overstrength plastic moments. With the revised overstrength
plastic moments, cailculate the column shear forces and the maximum shear force for
the bent. If the maximum shear force for the bent Is not within 10 percent of the
value previously determined. use this maximum bent shear force and return to Step
3.

The forces Iin the individual columns in the plane of a bent corresponding to column
hinging. are:

1. Axial Forces - the maximum and minimum axial load is the dead load plus,
or minus, the axial load determined from the final iteration of Step 3.

2. Moments - the column overstrength plastic moments corresponding to the
maximum compressive axial load specified in (1) with an overstrength factor of
1.3 for reinforced concrete and 1.25 for structural steel.

3. Shear Force - the shear force corresponding to the column overstrength moments
in (2), noting the provisions in Step 2 above.

7.6.3 Design Forces for Column Bents and Pile Bents
Design forces for columns and pile bents should be the following:

(a Axial Forces - the minimum and maximum design force should be either
the elastic design values determined in section 7.3 added to the dead
load. or the values corresponding to plastic hinging of the column as
determined in section 7.6.2. Generally, the values corresponding to column
hinging will be smaller and it Is then recommended that these smaller
values be used.

(b) Moments - the modifiled design moments determined in section 7.6.1.

() Shear Force - either the elastic design value determined from section
7.6.1 using an R-Factor of 1 for the column or the value corresponding
to plastic hinging of the column as determined in section 7.6.2. Generally,
the value corresponding to column hinging will be significantly smaller
and it is then recommended that this smaller value be used.

7.6.4 Design Forces for Wall Plers

The design forces should be those calculated in section 7.6.1 except if the pier is
designed as a column in its weak direction. In this case. the design forces in the
weak direction are those in section 7.6.3 and all the design requirements for columns
of chapter 8 of the AASHTO Guide Specifications are applicable. (NOTE: When the
forces due to plastic hinging are used In the weak direction. the combination of forces
specified in section 7.3 is not applicabile.)
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7.6.5 Design Forces for Connections

The design forces should be those determined in section 7.6.1 except that for
superstructure connections to columns and column connections to cap beams or footings.
the alternate forces specified in (C) below are recommended. Additional design forces
at connections are as follows:

A. Longitudinal Linking Forces

A positive horizontal linkage iIs recommended between adjacent sections of the
superstructure at supports and expansion joints within a span. The linkage Is designed
for a minimum force of the Acceleration Coefficient times the weight of the lighter
of the two adjoining spans or parts of the structure. If the linkage is at a point where
relative displacement of the sections of superstructure Is designed to occur during
seismic motions. sufficient slack should be ailowed In the linkage so that the linkage
force does not start to act until the design displacement is exceeded. Where a linkage
is to be provided at columns or piers, the linkage of each span may be attached
to the column or pler rather than between adjacent spans. Positive linkage may be
provided by ties. cables. dampers or equivalent mechanisms. Friction should not be
considered a positive linkage.

8. Hold-Down Devices

Hold-down devices are recommended at all supports or hinges in continuous structures,
where the vertical seismic force due to the longitudinal horizontal seismic load opposes
and exceeds 50 percent but Is less than 100 percent of the dead-ioad reaction. In
this case the minimum net upward force for the hold-down device should be at least
10 percent of the dead load downward force that would be exerted if the span were
simply supported.

if the vertical seismic force (Q) due to the longitudinal horizontal seismic load opposes
and exceeds 100 percent of the dead load reaction (DR). the net upwards force for
the hold-down device should be at least 1.20(Q-DR) and not be less than that given
in the previous paragraph.

C. Column and Pler Connection Design Forces

The recommended connection design forces between the superstructure and columns,
columns and cap beams, and columns and spread footings or pile caps are the forces
developed at the top and bottom of the columns due to column hinging as determined
in section 7.6.2. The smaller of these or the values specified In section 7.6.1 may
be used. Note that these forces should be calculated after the column design is
complete and the overstrength moment capacities have been obtained.

7.6.6 Design Forces for Foundations

The design forces for foundations including footings. plle caps and pliles may be either
those forces determined in section 7.6.1 or the forces at the bottom of the columns
corresponding to column plastic hinging as determined in section 7.6.2. Generalily,
the values corresponding to column hinging will be significantly smaller and then these
smaller values are recommended for design.
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When the columns of a bent have a common footing, the final force distribution at
the base of the columns In Step 4 of section 7.6.2(B) may be used for the design
of the footing in the plane of the bent. This force distribution produces lower shear
forces and moments on the footing because one exterior column may be In tension
and the other in compression due to the seismic overturning moment. This effectively
increases the ultimate moments and shear forces on one column and reduces them
on the other.

7.6.7 Design Forces for Abutments and Retaining Walis

The components (bearings and shear keys) connecting the superstructure to an abutment
should be designed to resist the forces specitied in section 7.6.1.

7.6.8 Design Displacements
The seismic design displacements should be the maximum of those determined from

the elastic analysis or those given In section 7.4.2 except that equations 31A and 318
are replaced by:

N 12 + 0.03L + 0.12H (inches) (34A)

or N 300 + 2.5L + 10H (mm) (34B)

where N. L and H are defined in section 7.4.2.

Positive horizontal linkage. as recommended in section 7.6.5. should be provided in
all superstructure gaps or expansion joints within a span.

Relative displacements between different segments of the bridge shouid be carefully
considered in the evaluation of the results determined from the elastic analysis. Relative
displacements arise from effects that are not easily included in the analysis procedure
but should be considered in determining the design displacements. They Include the
following:

(a) Displacements due to rotation of bridge decks on skew supports
(torsional displacements).

{s)] Rotation and/or lateral displacements of the foundations.

(c) Out-of-phase displacements of ditferent segments of the bridge.
This is especially important in determining seat widths at expansion
joints.

@ Out-of-phase rotation of abutments and columns induced by travelling
seismic waves.

The stability of pile bents and single pile shafts should be checked if plastic hinging
is expected.
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7.7 EXEMPTIONS FOR SINGLE SPAN BRIDGES

A detailed seismic analysis Is not necessary for single span bridges regardless of
its Seismic Performance Category. However. the connections between the bridge span
and the abutments should be designed both longitudinally and transversely to resist
the gravity reaction force at the abutments multiplied by the acceleration coefficient
of the site. Further. the minimum support lengths shouild be as given in either section
7.4.2 tor a bridge in Seismic Performance Category A or B, or sectlon 7.6.8 for a
bridge in Seismic Pertormance Category C or D.

7.8 COMPUTER PROGRAMS

When selecting a computer program for seismic analysis, it is Iimportant 10 remember
that seismic loads are lateral loads which are primarily resisted by the substructure.
Consequently. they have littie influence on superstructure stresses. It Is therefore
Iimportant that the program be able to model the substructure components and
foundations with some degree of sophistication and it is less important to model the
superstructure beyond a basic level. Most of the computer programs developed so
far for bridge analysis are typically oriented towards vertical or gravity load analyses
and for this purpose some very sophisticated codes have been developed (finite element
models and grillage models are examples of these). However. these refinements are
not required for seismic analysis and simple space frame models can be quite adeguate.
Of course the replacement of the superstructure by a single beam requires some
careful assessment of equivalent beam properties but the error introduced by this
approximation on the seismic response of the bridge is not significant.

General purpose space frame programs are therefore satisfactory for the seismic analysis
of bridge structures. Software which has been used for this purpose includes SAP
IV. STRUDL/DYNAL. and EAC/EASE2. However, since these are all general purpose
programs, they are not specifically oriented towards the bridge designer and data input
can be tedious and interpretation of the output frustrating. The terminology used to
describe both the structure and the analysis is not familiar to bridge engineers and
the software may appear, at first sight, to be unsuitable for seismic bridge analysis.
In short, these programs are not user-friendly. The possible exception here is STRUDL.
but even so. It is not bridge specific and some interfacing and pre-processing of the
input is required before a bridge engineer can take his data from the drawing board
and input it t0 the computer.

To meet an obvious need. and also to include some analytical procedures unique to
bridge seismic analysis, SEISAB has been developed by the Engineering Computer
Corporation. This software combines the dialogue of STRUDL with the numerical efficiency
of SAP IV and produces a code specifically developed for bridge engineers. which
is user-frlendly and readily available.

Short notes on each of the above mentioned computer programs follow.
7.8.1 SAP IV {[reference 39]

SAP is a structural analysis program for the static and dynamic analysis of linear
systems.

165



SAP IV Is the version of SAP originally developed at the University of California at
Berkeley. This version does not have many of the user enhancements available in
the later versions (SAP V and SAP VD. but it does have the capability of solving most
of the linear dynamic analysis problems encountered by the bridge designer. It also
is a relatively simple program from a computer programmer’'s point of view and may
be easlly modified to suit the needs of a particular group of users.

Structural systems that can be analyzed may be composed of combinations of a number
of different structural elements. As a minimum, the program library contains the
following element types:

(€:)) three—dimensional truss element.

b) three—-dimensional beam element.

(c) plane stress and plane strain element.
() two-dimensional axisymmetric solid.

(@) three-dimensional solid.

¢ thick shell element,

s} thin plate or thin shell element,

h) boundary element,

(¥ pipe element (tangent and bend),

These structural elements can be used in a static or dynamic analysis. The capacity
of the program depends mainly on the total number of nodal points in the system,
the number of eigenvalues (modal frequencies) needed in the dynamic analysis and
the computer used. There is practically no restriction on the number of elements
used. the number of load cases or the order and bandwidth of the stiffness matrix.
Each nodal point In the system can have from zero to six displacement degrees of
freedom. The element stiffness and mass matrices are assembied in condensed form.
The program is therefore equally efficisnt in the analysis of one-, two—, or three-
dimensional systems.

7.8.2 STRUDL/DYNAL [reference 40]

ICES STRUDL, (§TRUctural Design Language), is a large general purpose structural
analysis and design computer system. The code is designed to allow the user to
define the problem In terms that are familiar to the structural engineer. It is important,
however, that the user understand the command structure and the way the computer
will interpret the commands to soilve a typical problem.

Seismic analysis Is carried out using the dynamic analysis options of STRUDL/DYNAL.
Quite sophisticated problems In structural dynamics can be solved using this program.,
but it is not as efficlent to use as SAP IV. Several preprocessors for STRUDL have
been developed to facilitate its use In specialized circumstances. Examples of these
for bridge analysis are STRUBAG (developed by Caitrans) and BRIDGEN (developed
by McAuto).

7.8.3 EAC/EASE2
EAC/EASE2 is a static or dynamic. finite element. linear analysis program. Emphasis
is on the ease of input, utility of output and cost effectiveness. The program |is

particularly weli-suited for the efficient analysis of very large structural models.
Operational on COC CYBER 70. 170 and 6000-Series computer systems. the program
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is available in batch mode through Control Data’s CYBERNET Services. and McDonnell
Douglas Automation Company.

The analysis options available in EASE2 are as follows:

Static loading conditions inciude temperature, thermally induced bending in beams and
shells, normal pressures and edge tractions on membranes and shells, distributed beam
and pipe loads., and face pressures on solid elements.

Dynamic loading conditions Include external time dependent loads or base (ground)
acceleration time histories. Response spectra and direct integration methods are
available.

7.8.4 SEISAB [reference 41)

SEISAB (SEISmic Analysis of Bridges) Is a computer program specitically developed
for the seismic analysis of bridges. The overall objectives in developing SEISAB were
to provide the practicing bridge engineer with a usable design tool and a vehicle for
implementing the latest seismic design methodologies into the bridge engineering
profession.

The initlal program release. SEISAB-I, offers both the single mode and multi-mode
analysis options as described in the AASHTO Guide Specifications. It can also be used
to perform the uniform load method which Is inherent In the AASHTO Standard
Specification.

SEISAB-I can analyze simply supported or continuous girder-type bridges with no practical
limitation on the number of spans or the number of columns at a bent. In addition,
earthquake restrainer units may be placed between adjacent structural segments.
Horizontal alignments composed of a combination of tangent and curved segments are
described using alignment data taken directly from roadway pilans. SEISAB has
generating capabilities that will. with a minimum of Input data. provide a consistent
model appropriate to the analysis method selected. Seismic loadings in the form of
response spectra are stored in the system and may be directly referenced by the user.

The central theme underlying the deveiopment of SEISAB was to provide the bridge
designer with an effective means of user-program communication using a problem-
orlented language. This tree format Input language consists of simple, easy to remember
commands natural 10 the bridge engineer. User input data is checked for syntax and
consistency prior to conducting an analysis. In addition, numerous default values are
assumed for data not entered by the user.

The bridge examples given in chapter 10 illustrate the usefuiness and versatility of
SEISAB. Sample input files show the user-friendly nature of this program.

It Is intended that SEISAB-Il will Include linear and nonlinear transient analysis

capablilities for the designer or researcher interested in conducting more detailled studies
for assessment of new seismic design strategies.
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CHAPTER 8 DESIGN EXAMPLES

Chapter 6 discussed the design loads on bridges in different seismic regions and chapter
7 the methods of determining design forces and displacements from these loads. In
this chapter the application of these procedures Is illustrated by pertorming design
caiculations for example bridges.

The basic bridge configuration used to illustrate the procedures is shown in figure
75. It is a three-span continuous box girder bridge with 2 seat-type abutments and
2 piers each of which are 3 column bents. The box girder is constructed monolithically
with the bents.

Within the basic layout shown in figure 75 a number of variations and their effect
on the design process are considered in this chapter:

[ ] Location of the bridge in different seismic zones - Examples 1
and 2.
] Changes in superstructure weight as would occur, for example, with

girder or truss superstructure construction — Examples 3 and 4.

] Etfect of using bearings between the top of the pier bents and
the superstructure Instead of monolithic construction - Examples
5 to 9.

The seismic zone in which the bridge is located has the greatest impact on the design
procedures and forces and the majority of this chapter follows the design process
for the basic bridge configuration In two different seismic zones. Example 1 is located
within the 0.4 contour and classified as Seismic Performance Category D. Example
2 Is located within the 0.1 contour and classified as Seismic Performance Category
B. The two examples are presented together In section 8.1 in order to illustrate both
the similarities and the differences in the calculations required.

The design examples presented in section 8.1 consist of a box girder deck that is
cast monolithic with the columns as shown in figure 75. As discussed in chapter 5,
there are many different types of deck and bearing configurations that could have been
considered. Variations in bearing restraint for 3-span bridges are shown in figure 51c.
Ditferent superstructure types include steel or concrete girders and steel trusses. The
intent of sections 8.2 to 8.4 is to evaluate the impact of some of these varlations
on the seismic response of the bridge used for the first two examples.

The configuration and member sizes for the bridge used in Examples 1 and 2 is
identical to that given in appendix A of the AASHTO Guide Specifications [reference
4). However these Specifications have an error in the caiculation of the column capacity
and so the column reinforcing required in Example 1 is higher than in the Guide
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Figure 75: Dimensions of Example Bridge (from Reference 4)




Specifications. This is discussed further In section 8.1.10C.

The design calculations in these examples are for seismic loads plus dead loads only.
In many Instances the design of bridges will be governed by other group loads
which do not include seismic loads.

8.1 EFFECT OF SEISMIC ZONE : EXAMPLE 1 and 2

For these examples the bridge shown in figure 75 is assumed to be located firstly
in a region of high seismicity, e.g. California (Example 1) and secondly in a region
of low to moderate seismicity. e.g. New York State (Example 2.

The AASHTO Guideiines [reference 4] are applicable to a box girder bridge with the
alignment, dimensions and member properties shown In figure 75 and so form the
basis for the design calculations performed In this chapter.

8.1.1 Acceleration Coefficient

Example 1 is located within the 0.4 contour (figure 55) and has an Acceleration
Coefficient (A} equal to 0.40.

Example 2 Is located within the 0.1 contour (figure 55) and has an Acceleration
Coefficient (A) equal to 0.10.

8.1.2 Importance Classification
Example 1 Is assumed to be essential in terms of Social/Survival and
Securlity/Defense requirements and Is therefore assigned an Importance
Classsification (IC) of | (section 6.6).

Example 2 is assumed not to fall into any of the "essential” categories listed
in section 6.6 and therefore has an Importance Classification of Il

8.1.3 Seismic Performance Category

Example 1. with A > 0.29 and an IC of |, falls into the Seismic Performance
Category (SPC) D as shown in table 6 (section 6.5).

In Example 2 for 0.089 < A < 0.19 the Seismic Performance Category is B for
both Importance Classltications.

8.1.4 Site Effects

Soil Proflle 1l is assumed for the bridge site for Example 1, providing a Site
Coefficient (S) of 1.2 from tabie 4 (section 6.2).

Soil Profile Il is also assumed for Example 2, and therefore S = 1.2.

Note that this Soll Profile is also used if information is not available on the
soil properties and profile.
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8.1.5 Response Modification Factor

Substructure

The multiple column bent has a Response Modification Factor (R) of 5 for both
orthogonal axes of the columns. as shown in table 5 (section 6.4).

Connections

Table 5 (section 6.4) provides an R-Factor for the superstructure to abutment connection
of 0.8 and an R-Factor of 1.0 for the connection of the column to bent cap or
superstructure and for the column to foundation.

Example 1 is classified as SPC D and the recommended design forces for column
connections are those corresponding to the maximum force capable of being developed
by column hinging as described in section 7.6.3. Therefore, the R-Factor for the column
connections is not used since the forces resulting from column hinging are lower.

Example 2 is SPC B and so the R-Factors are used for all connections. using 0.8
for superstructure to abutment and 1.0 for column to bent cap or superstructure and
for column to foundation.

Foundations

Example 1 is SPC D and so the foundation design forces are the lesser of those that
result from plastic hinging of the columns or the elastic seismic forces.

Exampile 2 is SPC B and the elastic design forces are divided by an R-Factor of one-
half that used for the substructure. i.e. R = 2.5,

8.1.6 Analysis Procedure

The bridge geometry and related stitfness variation falls within the range defined for
a "regular bridge*. As shown in table 7 (section 7.1.1), for a regular bridge with 2
or more spans Procedure 1 (Single Mode Spectral Analysis) Is recommended as the
minimum required analysis method for all Seismic Performance Categories (section 7.1.2).
Thus. the method of analysis is the same for both examples. if the bridge had been
irregular. the methods of the analysis would have differed. This same bridge is analyzed
in Chapter 10 using Multimode Spectral Analysis (Procedure 2) techniques and a
comparison of the results obtained by the two methods is presented in section 10.1.5.

8.1.7 Determination of Elastic Forces and Displacements

For both exampies, earthquake motions are considered to act along the longitudinal
and transverse axes of the bridge. These are the giobal X and 2 axes respectively,
shown in tigure 75. The local Y’ and Z' axes of the columns are not necessarily
required to coincide with the longitudinal and transverse axes of the bridge. However,
for a straight bridge without skew columns. piers or abutments. it is recommended.
for simplicity of calculation, that the local Y’ axis of the column or pier coincide with
the longitudinal axis of the bridge as shown In this exampie.

171



8.1.8 Single Mode Spectral Analysis Method - Procedure 1

The analysis method (section 7.1.2) for both examples leads to identical calculations
from Step 1 to Step 3 for both the longitudinal and transverse directions. At Step 4
the elastic seismic design coefficient for both the transverse and longitudinal directions
is found, and at Step § the member forces and displacements are calculated. These
last two steps have different but directly proportional results for the two examples since
both are a direct linear function of the Acceleration Coefficient. In the first example
the Acceleration Coefficient is 0.4 and in the second it is 0.1.

8.1.8A lLongitudinal Earthquake Loading
Step 1. Compute deflection vg(x) under a unit lateral load.
This step is identical for both examples.

The bridge may be Idealized as shown In tigure 76 if axial deformations are neglected
and it is assumed that the deck behaves as a rigid member. Note that the bearing
stiffness at the seat-type abutments has been neglected in this case and therefore
there is no contribution from the abutments to the longitudinal stitfness of the bridge.
This was done for simplicity and results in a conservative estimate of forces to the
pier bents. Chapter 7 provides procedures to include the abutment stiffness.

Applying the assumed uniform longitudinal loading resuilts in a constant displacement
(lLe., vg0=vg) along the bridge. Assuming that the columns alone resist the
longitudinal motion. the displacement may be calculated by assuming a column stiffness
of 12 EWH3 in this direction. Using the column properties given in figure 75, the
stiffness for Bents 2 and 3. denoted in figure 76 as ky and kp respectively, are
caiculated as:

Q2EDn _ 12 x_432000 _
H3 253 x 13

ky = kp = 3 12940 kips/ft 35)

From which the displacement under the unit lcad Is calculated as:

. Pk _ 1 x376 _
Vs T kTR, = Zx Toaa0 - 00145 (36)

Note that more accurate results may be obtained by either a computer analysis or
from moment distribution caiculations so as to include the flexibility of the superstructure,
since the column tops are not completely fixed against end rotation. In this example
the effect is slight and this refinement is not necessary. However. the axial loads listed
in table 11 have been obtained from such a procedure.

Step 2. Compute integrals a. 8. ¥
This step Is identical tor both examples.
Assuming a weight density of 165 Ib/ft3. the dead weight per unit length for the

superstructure is w00 = 0.165 Ax = 0.165(123) = 20.3 kips/ft. (Note that this weight
density is higher than pilain concrete to include the weight of the upper half of the
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Figure 76: Structural idealization and Application of Assumed Uniform
Loading for Longitudinal Mode of Vibration (from Reference 4)
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Figure 77: Displacements and Seismic Loading intensity
Longitudinal Loading (from Reference 4)
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columns, the embedded column cap and intermediate diaphragms). The «a. 8. and
v factors are then calculated by evaluating the Integrals in equations 23. 24 and 26
(section 7.1.2). For this case. both the dead weight per unit length w(d., and the
displacement. vg(x). are constant which simplifies the integration and yieids:

Abut. 4

a = J‘ vs0dx = vgl = 0.0145 x 376 = 5.46 f12 37
Abut. <1
Abut. 4

8 = j wOvg(0dx = wvgl = 20.3 x 0.0145 x 376 = 110.9 kip-ft (38)
Abut. 71
Abut. 4

y = J‘ wovg002dx = wvg2l = 20.3 x (01452 x 376
Abut. 71

= 1.61 kip-ft2 (39)

Step 3. Compute the period. T
This step Is identical for both examples.

The period. T. Is calculated using equation 25.

- Y _ ,L 1.61 _
T = 2m Poga = 2n U-O X 320 x 546 = 0.60 sec (40)

Step 4: Compute the seismic response coefficient, Cg

The elastic seismic response coefficient, Cs. is obtained from equation 22.
Substituting for A. S and T yieids:

Example 1: A = 0.4
_ 1.2AS
Cs = Ta73

_ 12 x 0.4 _
= (060)2/3 = 080 410

Example 2 : A = 0.10

Cs = 0.20 42)

Since the seismic response coefficient does not exceed 2.5A for either example. use
Cg = 0.81 for Example 1 and Cg = 0.20 for Example 2. The Intensity of the seismic
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loading expressed by equation 27 is therefore:

Example 1: Cg = 0.8)

BCsw(x)vs 00
Yy

Pax)

1109 x 0.81 x 20.3 x 0.0145

1.61
= 16.45 kips/ft (43)
Example 22 Cg = 0.20
Pe® = 4.11 Kkips/ft (44)

Step 5. Compute forces and displacements under static load
For Example 1 the equivalent static loading Is applied as shown in figure 77. The

displacement and member forces for the longitudinal earthquake ioading for this example
(table 11) are obtained as follows:

Displacement

= Pgx-L _ 16.45 x 376 -

Vy:-Shear per Column

= ]_.645—6"3_7_6. = 1030 kips

Mz:2:-Moment per Column
= 1030 x 12.5 = 12,900 kip-ft (45b)

Note that for this bridge Vz: and My.y: are zero for the longitudinal earthquake
motion.

For Example 2 the equivaient static loading. pg(x) = 4.11, Is one-quarter of the

loading for Example 1. Consequently, the displacement vg = 0.06 ft. (one-quarter of

that in Example 1) and the member forces are one-quarter of the values given in
table 11.

8.1.88 Transverse Earthquake Loading
Step 1. Compute deflection vg(x) under unit load.

This step Is identical for both examples.
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Table 11: Elastic Forces Due to Longitudinal Earthquake Motion
Example 1

Y

42‘

. LONGITUDINAL EARTHQUAKE

MOTION
Vy! Mz 2 vz My y: Px
Longlt. Longlt. Trans. Trans. Axial
Shear Moment Shear Moment Force
Location (kips) (kip—ft) (kips) (kip-1t) (kips)
Abutment 1 0 0 0 0 106(2)
Bent 2 1030 12900 0 0 110
(per column)
Bent 3 1030 12900 0 0 115
(per column)
Abutment 4 0 0 0 0 92

q)) The local Y' and Z' axes of a column or pier do not necessarily have to coincide
with the longitudinal and transverse axes of the bridge. However for a straight
bridge wlth no skewed piers. columns or abutments It Is recommended, for

simpliclty of caiculations. that the local Y' axis of the column or pier does
coincide wlth the longitudinal axls of the bridge as shown In thls example.

(2) The elastic axiat forces at the abutments and bents are determined for the
loadlng condition shown In Figure 77 using the moment distrlbution method and
considering the flexibility of the superstructure. The axial forces listed are those
from longitudinal motlon only and do not Include dead load.
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A uniform transverse loading of 1 Kip/ft is appiied to the bridge as shown in figure
78. The stiffness properties required for this analysis are the lateral stiffness of the
deck about the global Y axis (). and the transverse stiffness of each column iy
in each three-column bent. For 'this analysis each abutment is assumed to be rigid
and to provide a pinned end restraint to the superstructure. The resulting transverse
displacements, vg(), are tabulated at the quarter points for each span in table 12.

A computer program with space frame anaiysls capability was used to Calculate these
deflections but Other appropriate methods of analysis may be used if desired. if the

abutment is not rigid, its stlffness may be included In thls anaiysls by using the
approach outlined in Chapter 7.

step 2. Compute integrals a. 8. ¥
This step is identical for both examples.

Calculate the a, 8. and ¥ factors by evaluating the integrals in equations 23. 24 and
26 as follows:

Abut. 4
as= J‘1 vedx = 1.21 12 (46)
Abut

Abut. 4
g = J;w(x)vs(x)dx = 24.5 kip-ft. an
Abut

Abut. 4

v = J' wvg(x) 2dx = 0.096 kip-fta (48)
Abut. 1

in general the evaluation of the integrals for any structure Other than very simple
examples will be done using special purpose computer programs (e.g. SEISAB). However,
numerical integration may be performed manually by Computing the average detlection
over segments of the bridge (one-quarter spans in this exampie) times the length
(@), and times the weight (8). To compute ¥ the square of the average defiections
is used.

step 3: Compute the period. T

This step is identical for both examples.

CaiCuiat8 the period. T, using equation 25 as follows:

— 0.096
Pogd " V;arm%; 0.314 sec 49
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\ po = 1 Kip/ft

Examples 1 and 2

Figure 78: Plan View of Three Span Bridge Subjected
to Assumed Transverse Loading (from Reference 4)

vx

Pelx) = 5157.v (x]

Example 1

Figure 79: Plan View of Three Span Bridge Subjected to
Equivalent Static Seismic Loadlng (from Reference 4)
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Table 12: Displacements and Seismic Loading

Intensity for Transverse Loading : Example 1

Displacements Due to Seismic Loading
Unlform Transverse Loading Intensity
vg (0 Pe™®
Location ft) (kips/ft)
Abutment 0.0 0.0
Span 1 - 1/4 0.00 129 6.66
Span | =~ 1/2 0.00248 12.77
Span 1 ~ 3/4 0.00348 17.94
Bent 2 0.00425 21.91
Span 2 - 1/4 0.00476 24.54
Span 2 - 172 0.00498 25.69
Span 2 - 3/4 0.00490 25.28
Bent 3 0.00453 23.37
Span 3 - /4 0.00380 19.58
Span 3 - 172 0.00275 14.18
Span 3 - 3/4 0.00145 7.47
Abutment 4 0.0 0.0
— _ 2
a = J’ v 00dx = 121 #t
B = J‘ woov (0dx = 24.5 kip-ft
y = [ woovg 2ax = 0.0965 kip-tt?
T = 0.314 sec.
pe(x) = 5157 vs(x) kips/ft
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step 4: Compute the seismic response coefftclent, Cq

The elastic response coefficient, Gg. is obtained from equation 228. Substituting for
A, S and T yields:
Example 1: A = 04

_12AS _ 12 x 04 x 12 _,

Example 2 : A = 0.10

Cg = 0.31 (51
These values of Cg are greater than 2.5A for both examples. Therefore use Cg =
1.0 (2.5 x 0.4 for Example 1 and Cg = 0.25 for Example 2. as described in section
6.3. The intensity of seismic loading, pg(x). |s calculated using equation 27.
Substituting for 8. Cg. w(x) and v yields:

Example 1: Cg = 1.0

- BCgwvg(x)

(x)
Pe >

- 245 x 1.0 x 203
0.0965

Vs (x}

= 5157 vg(x) kips/ft2 (52)
Example 2: Cg = 0.25
Pe = 1289 vgix) kips/ft2 (53

Using this expression, the load intensity at the quarter span points is computed and
tabulated for Example 1 in table 12.

For Example 2. the corresponding values of pg(x) will be one-quarter the values
tabulated in table 12. The values of vg(x). a. 8 and ¥ are the same for both
examples.

step 5: Compute forces and displacements under static load

Applying the equivalent static loadlng as shown In figure 79 yields the member forces
due to the transverse earthquake loading shown In table 13. The member forces and
displacements In this example were obtained using a computer program with space
frame analysis capabilities. Other appropriate methods of analyses can also be used
if desired. Note that longitudinal moments and shears. (Mz:z- and Vy.y) , have
been generated by the transverse earthquake because of the flexure of the bridge deck
and consequent longitudinal movement of the outer columns of each bent.

180



Table 13: Elastic Forces Due to Transverse Earthquake Motion

Example 1
TRANSVERSE
EARTHQUAKE -y'
MOTION
Y

COLUMN SECTION

Vy: Mz:z: vz' My ry:? Px
Longlt. Longlt. Trans. Trans. Axial
Shear Moment Shear Moment Force
Locatlon (kips) (kip~1t) (kips) (kip-ft) (kips)
Abutment 1 (1) 0 0 1826 0 0
Bent 2 74 887 396 4757 +205(2)
(per column)
Bent 31 59 707 424 5089 12192
(per column)
Abutment 4 0 0 1892 | 0 0

(1) For this example choose the forces at Abutment 1 and Sent 3 for design purposes.

(2) Axial forces In the bents are In the outermost columns and result from the
overturning moment on the bent.

The transverse deck displacements are:

Bent 2 0.086 ft

Center Span 2 0.102 n
Bent 3 0.092 1t
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For Example 2. the corresponding values will be one-quarter of the values given in
table 13.

8.1.9 Combination of Orthogonal Seismic Forces
In both examples the combination of forces is the same (section 7.3).

Load Case 1 consists of 100% of forces from the iongitudinal motlon plus 30%
of forces from the transverse motion.

Load Case 2 has 100% of forces from the transverse motion and 30% of forces
from the longitudinal motlon.

Table 14 presents the combined forces as given by these two load cases for Example
1 and Table 16 has the corresponding results for Example 2.

8.1.10 Design Forces

Example 1 Is in Seismic Performance Category D and is governed by requirements
for ductile members capable of forming plastic hinges which apply to Seismic
Performance Categories C and D. There are two sets of forces to be determined. The
first set Is used for the preliminary design of the columns and the second set used
to refine the design of the column and the varlous components connected to the
columns.

Example 2 is governed by the Seismic Performance Category B requirements which
do not require forces resulting from plastic hinging to be calculated. In some cases
it may be economical to perform the plastic hinge calculations but there is no
requirement to do so.

8.1.10A Modified Design Forces

These forces are determined in the same way for both examples with the exception
of the axial and shear forces in the columns. For ail components the combined elastic
seismic forces given in table 14 for Example 1 and Table 16 for Example 2 are divided
by the appropriate R-Factor before performing the load combinations with dead, live
and other appropriate loads. For columns In SPC C and D (Example 1. only the moment
Is reduced by the R-f-actor, the shears and axial forces are not reduced (section 7.6.3).

8.1.108B Design Forces for Structural Members and Connections

The structural members and connections noted In section 7.5.1 which are applicable
to both examples are the column members and the abutment shear keys. For design
purposes the shear and bending forces at Abutment 1 and Bent 3. were used for
each of the load cases tabulated In table 14 for Example 1. For Example 2 the forces
are one-quarter the values given In table 14 and are given in table 76. Member dead

load forces are shown in table 15 for the critical column In Bent 3 and Abutment
1

Assume that the earth pressure, buoyancy and stream flow are equal to zero. Using
equation 32, the dead load forces tabulated In table 15, and the maximum elastic
selsmic forces of table 14 divided by the response modification factor where appropriate
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Table 14:

Maximum Elastic Seismic Forces end Moments
for Load Cases 1 and 2 - Example 1

Load Case 1 Load Case 2
Component (1.0 Long. + 0.3 Trans.) (1.0 Trans. + 0.3 Long.)
| Abutment 1
Vz.-Shear 548 kips 1826 kips
Px:—Axial Force £106 kips* t32 klps
Bent 3
Vy» -Shear (1030+18) = 1048 Kkips (59+309) = 368 kKips

Mz 1 7+ -Moment (12900+212) = 13112 Kkip-ft (707+3870) = 4577 kip-ft
Py | -Axial Force +(115466) = £181 Kips 1(219+435) = +£254 kips
Vz | -Shear (0+127) = 127 klps (424+0) = 424 klps

My I y 1 -Moment (0+1526) = 1526 kip-tt (5089+0) = 5089 Kkip-ft

* The axial (i.e.. vertical) forces shown were determined using the moment distrubution
method as previously stated.
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Table 15: Dead load Forces : Examples 1 and 2
Component Column (Bent 3) Abutment 1
Vy » -Shear 69 Klps 0
Mz 2 ' “-Moment 1170 ktp-ft 0
Py + -Axial Force 960 Kips 624
Vz t-Shear 0 0
My 'y _Moment 0 0

Table 16: Maximum Elastic Seismic Forces and Moments
for Load Cases 1 and 2 - Example 2
Load Case 1 Load Case 2
Component (1.0 Long. + 0.3 Trans.) 0.0 Trans. + 0.3 Long.)
Abutments
Vz-Shear 137 Kkips 457 Kips
Px-Axial Force +26.5 Kips +8 kips
Bents
Vyr-Shear (258+4) = 262 Kips (15+77) = 92 Kips
MZ'Z’ -Moment (3225+53) = 3278 kip-ft (177+968) = 1145 klp-ft
Px » —Axial force +(29+17) = 46 Kips £(55+9) = 64 kips
V71 -Shear (0+32) = 32 kips (106+0) = 106 Kips
My 1y -Moment (0+382) = 382 klp-ft (1272+0) = 1272 Klp-ft

The forces and moments shown are

one-quarter the values of Table 14.
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(see section 8.1.5), the modified design forces are computed as follows.
Modified Design Forces - Columns

By inspection, for Example 1, Load Case 1 controls. Note that, in acordance with 8.1 .10A
above. only the moments and not shears and axial forces are reduced by the R-Factor.

Vy:-—Shear =100 + B + SF + E + EQM)
= 1.0 (69 + 1048) = 1117 Kips (54)
Mz:z:-Moment = 1.001170 + 13112/5) = 3792 kip-ft
Py —Axial = 1.0(960 £ 181 = 779 or 1141 Kips
Vz:-Shear = 1.000 + 127) = 127 Kips

My y-—Moment 1.0(0 + 1526/5) = 305 kip-ft

Thus for a circular column, the modified design moment is:

M= Mzz2 + Myy2 = 3804 kip-ft. (55)

By Inspection. for Example 2. Load Case 1 also controls. For this example. moments
shears and axial forces due to earthquake are reduced by the R-Factor.

Vy:-Shear =100 + B + SF + E + EQM)
= 1.0 (69 + 262/5) = 121 kips (56)
Mz:z:-Moment = 1.001170 + 3230/5) = 1816 klp-ft
Py :~Axial = 1.0(960 t 46/5) = 951 or 969 Kips
Vz:~Shear = 1.000 + 32/5) = 6 kips

My-y-~Moment 1.0(0 + 382/5) = 76 Kip-ft

Thus for a circular column, the modified design moment is:

M= v Mzz2 + Myy2 = 1818 kip-ft. 57
Modified Design Forces - Abutment
By inspection for Example 1 Load Case 2 controls:

oD + 8+ SF + E + EQM)

Vz--Shear = 1.
= 1.0 (0 + 1826/0.8) = 2283 Kips (58)

By inspection. for Example 2 Load Case 2 also controls:

1.0b + B + SF + E + EQM)
= 1.0 (0 + 457/0.8) = 571 Kips (59)

Vz-—Shear
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After the modified design forces are calculated. the prellminary design of the column
as described in Chapter 8 of the AASHTO Guide Specifications, [reference 41 can
proceed.

8.1.10C Column Requirements (AASHTO Guide: section 8.4.1)

A column is defined by a ratio of the clear height to maximum plan dimension equal
to or greater than 2.5. For these examples, the vertical support has a clear height
of approximately 22 ft and a width of 4.0 ft yielding a ratio of 5.5 and thus is classified
as a column.

A. Vertical Reinforcement

The vertical reinforcement should not be less than 0.01 or more than 0.06 times the
gross area. A ratio not exceeding 0.04 is recommended to minimize placing and
congestion problems at splices.

B. Flexural Strength

The modified design forces determlned above (section 8.1 .10B) are used for the

preliminary column design. Considering both the minlmum and maximum axial loads
the design loads are:

Example 1
P = 779 kips, M = 3804 kips—ft 60)
P = 1141 kips. M = 3804 Kkips-ft

Example 2
P = 951 kips. M = 1818 Kkips-ft 61)
P = 969 kips. M = 1818 kips-ft

The magnification of moment due to slenderness effects is specified in AASHTO Standard
Specifications [reference 11, Art. 8.16.5.2 for compression members not braced against
sidesway. As specified, the effects of slenderness may be neglected when the
slenderness ratio Is less than 22. For these columns, the slenderness ratio is slightly
greater than 22 and thus slenderness should theoretically be consldered. For the purpose
of simplicity, however, it has been ignored In these example problems.

For Example 1, the column design requires the development of a moment-axiai force
interaction diagram (figure 80) on a trial and error basis to meet the above
requirements. The strength reduction factor (AASHTO Guide: section 8.4.1. part B) shall
be 0.50 when the stress due to the axial load exceeds 0.20t'cx. The va | ue of @
may be Increased linearly to the value for flexure (0.90) when the stress due to the
maximum axial load is between 0.20t'c and 0. For thls example the maximum column
axial stress is 1141/A; where A, Is the core area of the column (#2312 = 1385
sq.in.). Thus the axial stress Is 823 psi which Is greater than 0.2t'; (0.2 x 3250 =
650 psh and the ® factor Is therefore 0.50.

186



AXIAL LOAD (kips)

6000

5000

4000

3000

2000

1000

#14 Tot.48

3" Cl.

#7 Spiral @ 3% outside end region
#8 Spiral @ 33 end region

design ultimate i overstrength plastic
capacity capacity capacity (ref. 4)

10140
1507
axial deadload
= 960 kips
960
779 10020
MoL* Mgg/S . 557
3804 ki‘lp-ft \ 9900
2000 4000 6000 8000 10000 12000

MOMENT (kip - ft)

Figure 80: Column Interaction Diagram for Example 1
(after Reference 4)
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The column design requires a total of 48 #14 bars. which glves a reinforcement ratio
of 0.064. higher than the permitted upper limit. In the same example presented in
Appendix A of the AASHTO Guide Specifications only the moment and not the axial
toad was factored by the @ factor of 0.5 and consequently 50 #1 1 bars were used.
This example demonstrates that when the factor is correctly applied to both moment
and axial load the difference in steel requirement is significant. in fact, In thls example
a larger column section would be required to satisfy maximum steel requirements.

For Example 2, the appropriate strength reduction is also 0.50, since the axial stress
is greater than 0.2f'c. This strength reduction factor applies to both the moment and
axial force on the interaction diagram. For this example, the interaction diagram is

shown in figure 81. Note that the @ factor has been applied to both the axial force
and moment.

The column design requires 20 #11 bars of reinforcing steel. This yields a reinforcement
ratio of 0.017 for the longitudinal reinforcement which is within the specified limits.
A column ultimate capacity interaction diagram along with the reduced design capacity
curve is shown in figure 81. The controlling design moment of 1818 klp-ft and axial
load are also shown plotted In the figure. The vertical bar indicates the range of axial
loads.

This step in the design calculations clearly demonstrates the effect of increased seismic
loads in that Example 2 requires less than one-third the amount of vertical reinforcing
required for Example 1.

8.1 .10D Forces Resulting from Plastic Hinges In Columns

Following the procedure given in section 7.6.2 for bents with two or more columns
and using the results of the preliminary design of the column, the forces resulting
from plastic hinging may be calculated. Note that this step is required for Example
1 only. The steps required for this calculation are shown in table 17. The column
overstrength plastic moment capacity, necessary for this exercise. is included on the
interaction diagram shown in figure 80.

8.1.10E Column Design
Given the forces and moments, the design of the column can now be completed.
Example 1

Moment: 3804 Kip-ft

Axial Force:
Elastic 960 + 187 Kkips
Plastic Hinging 960 *+ 547 Kips
Shear:
Elastic 11172 + 1272 = 1124 kips

Plastic Hinging 922 kips

Note that the forces resulting from plastic hinging for the axial and shear forces are
used to complete the column design.
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Table 17:

Calculation of Forces Resulting from

Plastic Hinging In Columns

CENTER OF MASS

CENTER OF MASS
) - Tt
‘ ’ l 22! 25"
1.3 M 1.3 M 1.3 M
S—r P ~— P L P
| 35’ | 35’ | - "L ~—Vc - "r
o -l f t ¥
p-Ap P ptap
1.3 x Mp Column Shear Forces Column Axial Forces
step (kip-ft) (kips) (kips) % Difference*
Left Center Right Left center Right Total AP Left center Right
I 10020 10020 10020 960 960 960
2 912 912 912 2736
3 548 412 960 1508
4 9900 10320 10140 900 912 922 2734
§ 547 413 960 1507 0.2

*Maximum shear force for the
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Example 2
Moment 1818 Kkip-ft

Axial Force 960 £ 9 Kips

Shear V4 = 121 Kips

(1). Column Shear and Transverse Reinforcement (AASHTO Quide: section 8.1.4(C))

For Example 1 the factored (i.e.. plastic hinging) design shear force, Vu obtained
above, is 922 kips. Using the strength reduction factor for shear specified in the AASHTO
Standard Specifications [reference 11, sectlon 8.16 and equation 8-46 of Art. 8.16.6
of the same Standard Specifications. the factored shear stress for a circular column
is:

v 922
U =
Tod - 085 x 48 x a3 = 26 psl 62)

Yu T

The stress carried by the concrete outside the column end regions (AASHTO Standard
Specifications, Art. 8.16.6.2) is given by:

ve = 2/t'c = 114 psi (63)

Using equation 8-50 of Art. 8.16.6.3 of the same Standard Specifications and the values
calculated above for the factored shear stress and the shear ‘stress carried by concrete,
the total shear reinforcement A, is:

A, = vy = vo) bs = 6l '- 1 14) 48 x 3.5

y

1.15 in2? total area (64)
or 1-215 in2 = 0.58 in2 per leg

Therefore, a #7 spiral at 3-1/2 In. pitch should be used outside the column end region.

As Example 2 is in SPC B8, the minlmum transverse reinforcement requirements at
the top and bottom of a column shall be as required by AASHTO Guide Specification
section 8.4.1(D). The spacing of the transverse reinforcement shall be as required in
AASHTO Gulde Speclflcation section 8.4.1 (E). except that the maximum spacing is
permitted to increase to 6 inches if not limited by other requirements.
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Essentially. the requirements of section 8.4.1(D) of the AASHTO Guide Specification
are the same as section 8.18 of the AASHTO Standard Specification where the ratio
of the spiral reinforcement shall not be less than:

= 045f(A. - 1 (65)
Ps (A = "1 G
The AASHTO Guide Specification has an additional requirement of:
'l
= L
psg = 0.12 Tn (66)

The AASHTO Standard Specification, section 8.18 also has a clear spacing requirement
between spirals that shall not exceed 3 inches.

ps = 045 [—sne7- 1 3250 = 0.0075 -
9.62 60.000

or

ps = 0.12 2232 = 0.0065 (68)

The cross-sectional area of a spiral at 3-1/2 Inch pitch Is given by:

Asp =p§sDc - 0.0075 x 12.5 X 41.25 _ 0 270 in2 69

Thus a #§ spiral at 3-1/2 inch pitch should be used over the full height of the column
and extend into the top and bottom connections as per section 8.4.3 of the AASHTO
Guide Specification.

(2 Column End Region (AASHTO Guide: section 8.4.1(C))

Special requirements for the column end regions and confinement at plastic hinges
are required for Example 1 only. The dimenslons of the column end region are given
by the larger of:

1. Maximum cross-section dimenslon, d = 4.0 ft
2. One-sixth of clear height, 22/6 = 3.67 ft
3. Eighteen Inches

The column cross-section dimension of 4.0 ft Is the largest and should be used as
the length of the top and bottom end reglons. if the minlmum axial compresslon stress
is less than 0. 11', then the concrete shear resistance in the end regions should be
neglected. Since

(960-547)

minimum axial stress = 1257 x 144 =

228 psi (70)
and

0.1’ = 325 psi » 228 psl 7n
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the shear stress taken by the concrete Is assumed to be zero. This will yield shear
reinforcement. A,. in the end areas of:

- vy . 926 _ 2 ,
g Ay v bs 50,000 X 48 x 3.5 1.47 in4 total area required (72)
l';—7 in2 = 0.74 in? per leg

Thus, a #8 spiral with a 3-1/2 in. pitch in the 4 ft-0 in. end regions at top and
bottom of columns should be used.

(D Transverse Reinforcement for Confinement at Plastic Hinges (AASHTO Guide: section
8.4.1(DN

The volumetric ratio of spiral reinforcement Is the greater value given by equation 8-
1 or equation 8-2 of Chapter 8 of the AASHTO Guide Speclfications. Therefore.

A f
= 0.45 290-17 ¢
Ps [ Ac | fyh
i} 12,57 _ 3250 _
= 045 [ 555 - | 55555 = 0-0075 (73)
> pe = 012 fo = 012 X 3250 _ ) 554 (74)
s 7 n §0.000

The cross-sectional area of a spiral at 3-1/2 In. pitch Is given by:

= sD
Asp PsSYc 4 0.0075 x 35 x 41.25 = 0270 in2 (75)

Since thls Is less than the shear reinforcement, there Is no additional requirement
for confinement at the plastic hinges. thus use #8 spiral at 3-1/2in. in the 4ft-0in.
end regions and #7 spiral at 3-1/2 in. throughout the remaining center portion of
the column.

8.1.10F Connection Design Forces

Guidelines are given In section 7.6.5 for the design of hold-downs and other connections.
(1) Hold-Down Forces at Abutments

For Example 1, hold-down devices are required If the upward reaction due to longitudinal

seismic forces exceeds 50% of the dead load reaction (section 7.6.5, part B). The
following calculations show that hold-down devices are not required.
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Abutment 1

0.5DL =

312 » 106 None Required

0.5 x 624 = 312 kips (76)

For Example 2 (SPC B) there are no hold-down force requirements.

(2) Column and Pier Connection Design Forces

For Example 1, the following design forces which result from plastic hinglng (table
17) should be used to design the column connections at the bent cap and the column

footings.
Min  Axial 413 Kklps
Shear 900 Klps
Moment 9900 Kip-ft
Max  Axial 1507 klps
Shear 922 klps

Moment 10140 Klp-

ft

For the connection of the column to pile cap In Example 2 and to the bent cap the
R-Factor is 1 and thus the connection forces are slgnlificantly greater than the column
design forces.

The following design forces should
bent cap and the column footlngs.

be used to design the column connections at the

Axial (960 £ 46)

Shear (69 + 262)
Moment (1170 + 3276)

8.1.10G Foundation Design Forces

914 or 1006 Klps an
331 kips
4448 Klp-ft

For Example 1, the following design forces which result from plastic hinging (table

17y should be used to deslgn the foundatlons at the base of each column. These
forces may be applied In any direction. Foundatlon dead load should be added to
the axial forces. (Note that these forces are less than the unfactored elastic forces
and so are used for design).

Min  Axial 413 kips
Shear 900 klps
Moment 9900 Klp-ft

Max  Axial 1507 kips
Shear 922 klps

Moment 10140 Kip-ft

For Example 2. foundation design In SPC B requires the elastic selsmic forces divided
by half the R-Factor to be used for the substructure design, (section 7.5.2). which
In this example is 5/2=2.5.
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Thus the following design forces should be used to design the foundatlons at the base
of each column. Foundation dead load should be added to these forces.

Axial (960 t 46/2.5) = 942 or 978 Kkips (78)
Shear (69 + 262/2.5) = 174 Klps
Moment (1170 + 3230/2.5) = 2462 klp-ft

These forces are for load case 1. If the foundatlon is not symmetrical forces for load
case 2 also need to be checked.

8.1.10H Abutment and Retaining Wall Design Force

For Example 1, the R-Factor is 0.8 and thus the deslgn forces at Abutment 1 are
DL + EQ/0.8 :

Vertical loads 624+106/0.8 = 834 Kklips (79)
Shear-keys 1826/0.8 = 2283 kips

For Example 2, the R-Factor is also 0.8 and thus the design forces at abutment 1
are:

Axial-bearlngs 624 + 26.5/0.8 = 651 Kips (80)
Shear-keys 450.5/0.8 = 571 Kips

8.1.11 Design Displacements

Example 1

The longitudinal displacement at the abutment due to the longitudinal earthquake loading
was calculated in Step 5§ of section 8.10.1 and Is

N = 0239 ft = 2.9 in. 81

The minimum support length at the abutment bearing seat is calculated from equation
34A (section 7.6.8) as follows:

N 12+0.03L + 0.12H
12 + 0.03 x 376 + 0.12 x 25

26 In. (82)

Thus the support length at the abutments should be at least 26 inches.

Example 2

The longitudinal displacement at the abutment due to the longitudinal earthquake loading
was calculated In Step 5 of section 8.10.1 and is:

N =006 ft = 0.7 in. (83)

The minimum support length at the abutment bearing seat Is calculated from equation
31A (section 7.4.2) as follows:
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8 + 0.02L + 0.08H
8 + 0.02 x 376 + 0.08 x 25
17.5 inches (84)

Thus the support length at the abutments should be at least 17.5 inches.

8.2 EFFECT OF SUPERSTRUCTURE WEIGHT ON SEISMIC ANALYSIS

The bridge in Examples 1 and 2 is a continuous concrete box girder which is monolithic
with the columns and partially restrained at the abutments. An alternate deck
configuration of steel or concrete T-girders or a trussed girder would be heavier or
lighter depending on construction. To study the effect of variatlon in superstructure
weight. it is assumed that the span configuration is such that the support given to
the superstructure is identical to that in Example 1.

For the purpose of illustration, two different superstructure weights are considered--
one is half and the other is twice the value used in the detailed example above. These
two examples are identified as follows:

Example 3: 3-span continuous girder.
Geometry, piers.abutments and SPC as for Example 1.
Superstructure weight 0.5 x weight of Example 1.

Example 4: 3-span continuous girder.
Geometry, plers.abutments and SPC as for Example 1.
Superstructure weight 2.0 x weight of Example 1.

Note that it has also been assumed that despite the change in weight, these two decks
have the same lateral stiffness as that in Examples 1 and 2. Table 18 summarizes
the results of the reanalyses for this weight variation. It includes the a. 8 and ¥
factors, the period T, the seismic design coefficient Cg and the elastic shear forces
at each of the four support locations for both the transverse and longitudinal directions.
It Is seen in table 18 that:

@ A decrease in superstructure weight by a factor of 0.5 shortens the
longitudinal pertod from 0.60 to 0.43 seconds.

e Cg therefore Increases from 0.81 to 1.00.
e Column shears decrease by a factor of 0.62 despite the increase In
response coefficient. This is because the reduction In superstructure

weight is more significant than the increase in the lateral load
coefficient.

When the superstructure weight Is Increased. table 18 also shows that:

® An increase in the superstructure weight by a factor 2 increases the
longitudinal period from 0.60 to 0.85 secs,
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Table 18:

Results of Variations in Superstructure Weight

SHEARS*
DIRN. EX. NO. MASS a 8 Y T CS Fel\a)
RATIO | (ft?) | (k-ft) | (k-ft?)| (sec) Ay () ] Cy () | Cy (k) | A, (k)
Trans. 1 1 1.21 24.5 0.096 0.31 1.00 5157 v (x) 1830 1190 1270 1890
Trans. 3 1/2 1.21 12.25] 0.048 0.22 1.00 2578 v (x) 915 595 635 945
Trans. 4 2 .21 49.0 0.192 0.44 100 [13314v (x) 3660 2380 2540 3780
Long. ! ! 5. 46 110.9 1.61 0.60 0.81 16. 45 0 3090 3090 0
Long. 3 1/2 5.46 55.5 0.80 0.43 1.00 10. 19 0 1920 1920 0
Long. 4 2 5. 46 221.8 3.22 0.85 0.64 26. 00 0 4890 4890 0
*Shear in C, and C4 are given per bent, not per colum.
Table 19: Results of Variations in Bearing Fixity
*
DIRN. | EX. NO. [ MASS a g Y Cs P (x) SHEARS
RATIO [ (fe?) | (k-fe) | (k=ft*)| (sec) A ()] Cp (k) | C3 (k) | Ay (k)
Trans. 5 1 1.21 24.5 0. 096 0.31 1.00 5157 vs(x) 1830 1190 1270 1890
Trans. 6 ! 2.18 44.3 0.32 0.42 1.00 2810vg(x) | 3100 0 0 3100
Trans. 1 ] 6.49 131.8 3.3 0.67 0.76 865 v, (x) 0 2040 2050 0
Long. 8 YohG 110 9 .01 .00 0.8l 16. 45 0 3090 3090 0
Long. 9 i 11. 04 224.1 6.58 0.86 0.64 12.98 0 4880 0 0

*Shear in C2 and Cq are given per bent, not per colum.




e Cg decreases from 0.81 to 0.64.

e The column shears increase by a factor of 1.58, despite the opposite
trend in response coefficient. This is again because the change in
superstructure weight is more significant than the variation in load
coefficient.

in summary, an increase or decrease in superstructure weight will have a corresponding
impact on the forces in the substructure. If the bridge is reasonably stiff with a period
that corresponds to the flat part of the design spectra, where changes in Cg are
not dramatic (figure 60). then the reduction or increase in substructure forces will
be directly proportional to the reduction or Increase in the superstructure weight.

8.3 EFFECT OF BEARING CONFIGURATION ON TRANSVERSE RESPONSE

If the continuous superstructure in Example 1 is not cast monolithic with the columns,
bearings will be required on the bent caps at the two bent locations and, in all
likelihood, at the abutments. With the introduction of bearings, a number of different
configurations may be considered. Bearing hardware is such that different restraint
conditions may be provided in the longitudinal and transverse directlons at each bearing
location. These in turn affect the longitudinal and transverse response of the bridge.

In order to illustrate the impact of different fixity conditions in the transverse direction,
the superstructure is assumed to be continuous (as in the Example 1) and a relatively
stiff bent cap is assumed to connect the three columns in each bent such that the
clear height to the bottom of the bent cap is 25 ft. Three different transverse bearing
configurations are considered as follows:

Example 5: 3 span continuous bridge.
Bearings at each bent cap and abutment.
Geometry, piers, abutments, weight and SPC as for Example 1.
Pinned transverse connections at abutments.
Fixed transverse connections at columns.
(Same transverse support as for Example 1.

Example 6: 3 span continuous bridge.
Bearings at each bent cap and abutment.
Geometry, piers, abutments, weight and SPC as for Example 1.
Pinned transverse connections at abutments.
No transverse connections at column bearing locations.

Example 7: 3 span continuous bridge.
Bearings at each bent cap and abutment.
Geometry, piers. abutments, weight and SPC as for Example 1.
No transverse restraint at abutments.
Fixed transverse restraint at column bearing locations.

The analytical results for these three configurations are given in table 19. The global
distributlon of the shear forces to the substructures follows directly from the restraints:
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e Example 5 shows shear forces at all 4 supports,

e Examples 6 and 7 show shear forces at either the abutments or the
columns respectively.

e For Example 7. the total seismic shear force Is reduced from 6200
kips (Example 5) to 4100 klps because of the longer period. and the
shear forces In the columns are almost double those of Example 5
because of the lack of restraint at the abutments.

Due to the improved distrlbution of load to the foundations. transverse restraint at all
bearing locations is usually preferable unless there are unusual circumstances such
as very weak columns or very weak abutments, which may then require the use of
the bearing configuratlons assumed In Example 6 or 7. A similar and possibly more
desirable configuration Is the use of elastomeric or Isolation bearings at all supports.
Not only will a uniform distribution of loads at all four supports be achlieved. but also
the total and individual shear forces may be reduced very significantly (section 4.7).

8.4 EFFECT OF BEARING CONFIGURATION ON LONGITUDINAL RESPONSE

As in section 8.3, if the superstructure Is assumed to be continuous and supported
on bearings rather than cast monolithic with the columns, many different bearing
configuratlons are possible. The effect of changing the bearing restraints In the
tongitudinal direction Is lllustrated In thls sectlon. The two examples considered are:

Example 8: 3 span continuous bridge.
Bearings at each bent cap and abutment.
Geometry, plers, abutments. welght and SPC as for Example 1.
Pinned longltudinal connections at piers,
No longltudinal restraint at abutments.
(Same longitudinal support as for Example 1.

Example 9: 3 span continuous bridge.
Bearings at each bent cap and abutment.
Geometry, plers. abutments, welght and SPC as for Example 1.
Pinned longltudinal connectlons at one bent locatlon.
Longltudinal expansion joints at all other locations
(l.e. no restraint and free to slide) .

The results for these two configurations are also given In table 19. In Example 8,
the shear forces are shared equally by the two bents whereas. In Example 9. one
bent resists all the shear forces. Although the total shear force Is reduced from 6180
klps (Example 8) to 4880 klps due to the longer period. the bent which resists this
force (in Example 9) has a 60 percent Increase In force demand. If the abutment
stiffness had been included In Example 8. the dlistributlon of forces would have been
improved and be similar to that calculated for the equivalent conflguratlon In the
transverse direction (Example 5.

As wlth the transverse directlon. if elastomeric or isolation bearings are used at ail

four supports, then not only will a more unlform distribution of forces be found but
also the total and individual shear forces may be reduced very significantly.
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CHAPTER 9 RETROFITTING

It has become apparent In recent years that many existing bridges in the United States
are inadequate to resist seismic loads. Several bridge failures have occured in Alaska
and California as a result of seismic activity and some of these have occured at
relatively low levels of ground motlon. To avold earthquake related failures In the future,
it is clear that an effort must be made to Identify selsmically deficient brldges and
initiate a program for reducing the risk of selsmic failure.

The guidelines presented in thls chapter are based on the only known comprehensive
set of Seismic Retrofit Guldelines for Bridges available In the world. These were
developed by the Applled Technology Council with funding from the Federal Highway
Administration. and will be referred to In thls chapter as the Retrofit Guldelines
[reference 51. These Guidelines are basically an extension of the AASHTO Guide
Specification for Seismic Design [reference 41 for new bridges described In earlier
chapters. Many of the principles and analysis procedures are the same as those
required for new bridges. and where new procedures have been developed, these have
been made compatible with the AASHTO Gulde Specitications wherever possible.

The seismic retrofitting process can be dlvided into 3 major steps:

e Preliminary Screening Methodology - to rank or prioritize a large
number of bridges in order of decreasing importance taking into
account structural vulnerability, Hfeline dependency, traffic volume and
other relevant issues.

e Detailed Evaluatlon Procedure - to determine the components of a
bridge that require retrofitting,

e Selection and Design of Retrofit Measures.

An overview of this process is provided in section 9.1. The preliminary screening
methodology is described in detail in section 9.2. The detalled evaluation procedures
are presented and the capacity/demand ratio is introduced In sectlons 9.3 and 9.4
respectively.  Seismic retrofit concepts and their design requirements are discussed
in section 9.5.

9.1 OVERVIEW OF THE PROCESS

The Retrofit Guidelines do not prescribe rigid requirements dictating when and how
bridges are to be retrofitted. The decision to retrofit a brldge depends on a number
of factors, several of which are outside the realm of engineering. These would include.
but not be limited to, the availability of funding as well as political. social, and economic
considerations. The Retrofit Guidelines assist In evaluating the englneering factors
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and in deciding the relative Importance of seismic retrofit as agalnst retrofit for other
in-service conditions. such as for vehicle or wind loads.

Seismic retrofitting of bridges is a relatively new concept. Only a few retrofitting
schemes have been used in practice. At the present stage of development, seismic
retrofitting is an art requiring considerable engineering judgment. The Retrofit Guidellnes
present concepts in selsmic retrofitting., but should not be Interpreted as restricting
innovative designs which are consistent with the principles of good structural engineering.

The primary goal of seismic retrofitting Is to minimize the risk of unacceptable damage
during a design earthquake. Damage Is unacceptable if it results In:

o The collapse of all or part of the bridge,
o The loss of use of a vital transportation route which may pass over
or under the bridge.

Because of the difticulty and cost involved in strengthening an exlIsting bridge to new
design standards, it is usually not economically justifiable to do so. For this reason,
the goal of retrofitting Is limited to preventing unacceptable collapse modes of failure
while permitting a considerable amount of structural damage during a major earthquake.
In some bridges, the ability of the bridge to carry light emergency traffic immediately
following an earthquake is also important. The threshold of damage that will constitute
unacceptable failure must be defined by the engineer by taking into consideration the
overall configuration of the structure, the importance of the structure as a lifeline
following a major earthquake. the ease with which certain types of damage can be
quickly repaired, and the relationshlp of the bridge to other structures that may or
may not be affected during the same earthquake. Because of the complexity of these
decisions and the many nonengineering factors Involved. a conslderabie amount of
judgement will be required.

9.1.1 Applicability

The Retrofit Guidellnes are intended for use on highway bridges of conventional steel
and concrete girder and box girder construction with spans not exceeding 500 ft.
This includes approximately 85 to 95 percent of the existing highway bridges. Suspension
bridges, cable-stayed bridges, arch-type, and movable bridges are not covered. However,
many of the concepts discussed below can be applied to these types of structures
if appropriate judgement Is used.

The Retrofit Guidelines are recommended for all applicable bridge structures classified
as Selsmic Performance Category (SPC) B or greater. Seismic retrofit should always
be consldered when nonseismic rehabilitation is being undertaken or when a bridge
is being widened so that the new and old parts of the structure have similar seismic
performance. Bridges in SPC A generally do not need to be consldered for seismic
retrofitting. Minimum requirements for evaluation and upgrading will vary based on the
Seismic Performance Category of the bridge.

Preliminary screening is optional for bridges classified In SPC B. However, seismic
retrofitting of bridges in this Category should detinitely be considered for bridges
undergoing non-seismic rehabilitation. These guidelines require that only the bearings,

joint restrainers. and minimum support lengths be considered for the retrofit of bridges
In Category B.
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Bridges in SPC C and D may be subject to the highest potential force levels during
an earthquake. Because many bridges were constructed prior to modern seismic design
standards, there is a great risk that these bridges will sustain unacceptable damage.
Even though current practice has only considered the retrotit of bearings and/or
expansion joints, these guidelines propose a methodology whereby all criticai components
can be evaluated in detail and thus considered for retrofit. Thls will be increasingly
important as more experience is gained and economical methods are developed for
retrofitting these other components.

9.1.2 The Retrofitting Process

Not ail bridges in the highway system can be retrofitted sImultaneousiy. the most critical
bridges should be retrofitted first. The selection of bridges for retrofitting requires
an appreciation for the economic, social. administrative. and practical aspects of the
problem, as well as the engineering aspects. Seismic retrofitting is only one of several
posslbie courses of action. Others include bridge closure. bridge replacement. or
acceptance of the risk of seismic damage. Bridge closure or replacement are usually
not justified by seismic deficiency alone and will generally only be considered when
other deficiencies exist. Therefore, for all practical purposes a choice. must be made
between retrofitting or accepting the seismic risk. This choice will depend on the
importance of the bridge and on the cost and effectiveness of retrofitting.

The seismic retrofitting process can be divided into three major steps. These are:

e Preliminary screening .
e Detalled evaluation .
e Design of retrofit measures.

A flow chart of the retrofitting process as it applies to bridges in different Seismic
Performance Categories is shown in figure 82. Preliminary screening of seismically
deficient bridges is necessary to identify bridges which are potentially in the greatest
need of retrofitting. This Is particularly important when a comprehensive retrofitting
program is to be implemented. Certain elements of the screening procedure may
also be used to quickly determine if seismic deficiencles exist in individual bridges.
The detailed seismic evaluation for retrofitting begins with a quantitatlve evaluation of
individual bridge components and failure modes. The forces and displacements resulting
from an analysis of the bridge using the design earthquake are known as
demands, and these are compared with the ability or capacities of the components
to resist those forces and displacements. To facilitate thls comparison, a component
capacity/demand (C/D} ratio is calculated. This ratio is defined and used in a similar
manner to a bridge rating factor which may be used in the vertical load capacity
evaluation of an existing bridge.

A C/D ratio less than one Indicates that component failure may occur during the design
earthquake and retrofitting may be appropriate.

An overall assessment of the consequences of local component failure will be necessary
to determine the need for retrofitting. Retrofitting should be considered when an
assessment indicates that local component failure will result in unacceptable overall
performance. The effect of potential retrofitting measures should be assessed by
performing a detailed re-evaiuatlon of the retrofitted bridge, since the upgrading of
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a vulnerable component (e.g. a bearing) may make another component (e.g. a column)
more vulnerable than previously assessed.

9.2 PREUMINARY SCREENING METHODOLOGY

A State or local authority with a significant number of bridges under its jurisdiction
may wish to piioritize or rank the bridges in accordance with their need for seismic
retrofitting. Section 2 of the Retrofit Guidelines [reference 51 provides a preliminary
screening procedure to facilitate the ranking process. A summary of the procedure
is provided below. Some of the more refined details for determining component
vulnerability are omitted but these can be found in the Commentary for section 2 of
the above Guidelines.

An efficient and comprehensive retrofit program requires that structures can be rated
according to their need for seismic retrofitting by a preliminary screening process using
a seismic rating system. It IS recommended that thls be done for all bridges classified
as Seismic Performance Category C and D. Establishing priorities for retrofitting Is
optional and greatly simplified for bridges in Seismic Performance Category 8. The
flow chart shown in figure 83 illustrates the preliminary screening procedure as it applies
to bridges in different Seismic Performance Categories.

9.2.1 Seismic Inventory Of Bridges

The first step in implementing the Seismic Rating System is to make an inventory of
all applicable bridges with the objective of establishing the following basic information:

e Structural characteristics needed to determine the vulnerability rating
described in section 9.2.2A.

® Seismicity of the bridge site.
° Importance of the structure as a vital transportation link.

Preliminary screening of seismically vulnerable bridges should be carried out efficiently
and with a minimum of effort. The first step in this process is to accumulate critical
information about each appilicable bridge on the highway system. The form shown
in figure 84 is suggested as one possible means of collecting and recording this
information.  This completed form and the results of the seismic rating should be
included with the existing bridge records.

9.2.2 Seismic Rating System

Although numerical ratings based on a few selected parameters are rarely a totally
satistactcry means for determining the priority of needs. they provide a systematic way
of considering the major variables involved in any decision. In the case of seismic
retrofitting  of Cridges. ihere are three major variables that should be considered. These
include he vuineracilility of the structural system, the seismicity of the bridge site,
and (e anportance of the bridge. The proposed Seismic Rating System addresses
cach ¢! these variables separately by requiring that vulnerability, seismicity, and
importance ratings be calculated for each bridge. These rndividual ratings are combined
to arrive at an overall seismic rating. Each of these three areas are assigned a rating
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BRIDGE SEISMIC INVENTORY DATA

GENERAL:
Bridge Name:
Location:
ADT: Detour Length: Essential Bridge: Yes- No_
Alignment: Straight Skewed Curved Rem arks
Length:
Width:
Year Built:
Seismically Retrofitted: Yes. __ No Description:
Classification: Regular Irregular Remarks:

SITE:

Peak Acceleration:

Soil Profile Type: T wta M
Liquefaction Potential:  Yes_ NQg-
SUPERSTRUCTURE:

Material and Type:
Number of Spans:

Continuous; Yes No Number of Expansion Joints:
BEARINGS:

Type:

Condition:  Functioning Not Functioning

Type of Restraint (Trans):
Type of Restraint (Longit):
Actual Support Length: Minimum Required Support Length :
Remarks:

COLUMNS AND PIERS:
Material and Type:
Minimum Transverse Cross-Section Dimension:
Minimum Longitudinal Cross-Seetion Dimension:

Height Range; Fixity: Top Bottom
Percentage of Longitudinal Reinforcément:
Splices in Longitudina Reinforcement at End Zones: Yes NO
Transverse Confinement: Conforms to Design Guideline: Yes No
Foundation Type:

ABUTMENTS:
Type:
Height: .
Foundation type: Location: Cut Fill
Wingwalls: Continous Discontinous Cength_
Approach Slabs: Yes — No Length:

SEISMIC RATINGS:
Vulnerability Rating:

Bearings: Other:

Highest Rating: Weight: Score:
Importance Rating: Weight: Score:
Seismicity Rating: Weight: Score:

Total Sefsmie Rating

Figure 84: Bridge Seismic Inventory Form
(from Reference &)
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and a weight from which a score is calculated. The scores are then added to arrive
at an overall selsmlc rating according to the following procedure :

Vuinerability Rating (rating 0 to 10) x weight = score
Selsmiclty Rating (rating 0 to 10) x weight = score
Importance Rating (rating 0 to 10) x weight = score

Selsmlc Rating (100 maximum) Total Score
The higher the seismic rating score, the greater the need for the bridge to be evaluated
for selsmlc retrofltting. It Is recommended that each weight be taken as 3.33 unless

different welghts, which must total 10, are assigned by the engineer to reflect regional
and jurisdictional needs.

It is obvious that the Seismic Rating System is very subjective. To enhance consistency
it Is deslrable to have the rating of all bridges in one geographical area performed
by the same personnel. It is Important that the current condition of the bridge be
considered in determining these ratings. It Is therefore recommended that maintenance

personnel who are familiar with the current bridge condition participate in the rating
process.

9.2.2A Vulnerability Rating

Vulnerabllity ratings may assume any value between 0 and 10. In general, a 0 rating
means a very low vulnerability to unacceptable seismic damage, a § means a moderate
vulnerability of collapse or a high vulnerability to loss of access, and a 10 means
a high vulnerability to collapse. This does not mean that the vulnerability rating must
assume one of these three values. It Is useful to consider the seismic vuinerability
of the bearings, joInt restrainers. and support lengths separate from the vulnerability
of the remainder of the structure. The other factors will Include columns. piers,
footings. abutments, and vulnerability resulting from ground liquefaction. Separate
vulnerability ratings between 0 and 10 should be asslgned to both of these general
areas. The overall vulnerability rating of the brldge shall be taken as the greater
of these two ratings. although a record should be kept of both values.

For bridges classified as SPC B, only the vuinerability ratings for bearings. joint
restrainers, and support lengths need to be calculated. Determinatlon of these ratings
requilres considerable judgement. A suggested methodology for determining these ratings
Is covered In the Commentary for chapter 2 of the Retrofit Guidelines [reference 51.

9.2.2B Seismicity Rating

The selsmiclty rating shall be taken as 25 times A. where A Is the acceleration
coefficient taken from the maps In flgure 55. The maxlmum selsmiclty rating is 10
for an Acceleration Coefflclent of 0.4.

9.2.X Importance Rating

The Importance rating will be based on the Importance Classlflcation. IC. of the bridge
which is determined from Social/Survival and Security/Defense requirements as discussed
in sectlon 6.6. The Importance rating may vary from 0 to 10. depending on the relative

importance of the structure within each of the Importance Classlflcations as shown
In table 20.

207



Table 20: Importance Rating

Importance Importance
Classification (IQ) Rating

| 6-10 points

Il O-5 points

Since the goal of retrofitting is to minimize unacceptable damage. the relative importance
of a bridge is determined by considering the consequences of bridge failure during
an earthquake.

Immediate consequences will result from the collapse of the bridge. In this event,
the loss of life among Individuals on or under the bridge Is likely to be high. One
factor which will affect the loss of life is the amount of traffic on or under the bridge
at the time of the earthquake. This is likely to increase with the amount of traffic
that crosses a given point durlng a given period of time (e.g.. average daily traffic)
and physical size of the bridge (e.g.. length, number of lanes).

Other consequences of failure result from the loss of use of the bridge in the
emergency situation that is likely to exist following a large earthgake. This is sometimes
very difficult to assess. because there are so many possible situations that may develop
in the aftermath of an earthquake. Some of the items that should be considered are
discussed in the following section.

9.2.3 Other Factors for Consideration

One very important consideration that is not adequately reflected in the seismic rating
system used for preliminary screening is the relationship of the bridge to other bridges
on the system that may also be damaged during an earthquake. These types of
considerations should be made prior to making a detailed evaluatlon of the bridge.
A few examples will serve to illustrate the influence this consideration has on the
decision to retrofit a bridge.

In figure 85, assume that bridge A, has a high seismic rating and is located on a
major route in series with lower rated bridges B and C. Assume that no convenient
detour to this route exists and that each bridge can be economically retrofitted. The
retrofit of only brldge A, the high priority bridge, would only improve one point on
the route and do nothing to prevent failure to bridges B and C. In this scenario
then, although bridges El and C have lower ratings they both should be considered
for retrofit at the same time as bridge A.

The opposite effect could occur if bridge A, in figure 85, had a high rating but can
not be economically retrofitted. Because bridge A is in series with bridges B and C.
the route would be closed if bridge A were to collapse. Therefore, bridges B and
C should be given lower retrofit priorlty because strengthening of these two bridges
without that of bridge A may not prevent closure of the route.

As another lllustration. consider two bridges which have parallel functions. such as
bridges D and E shown in figure 86. If bridge D is rated at a lower priority than
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bridge E, but bridge D is more economical to retrofit, then it might be more rational
to retrofit bridge D before bridge E even though bridge E had the higher rating.

A further consideration when a decision to retrofit is to be made is the age and
condition of the bridge. It would not be rational to spend a large amount to retrofit
a bridge with only five years of service life remaining. However. an unusually high
seismic vulnerabtiity may be a |Justification to accelerate closure or replacement of
such a bridge.

A bridge in poor physical condition that is scheduled for nonseismic rehabilitation should
be given a higher priority for seismic retrofitting, since construction savings can be
realized by performing both the nonseismic and seismic work simultaneously.

9.3 DETAILED EVALUATION PROCEDURE

The detailed seismic evaluatlon of a bridge will be performed in two phases. The
first phase will be a quantitative evaluation of individual bridge components using the
results from one of the two analysis procedures specified in the AASHTO Guide
Specification [reference 41 and discussed in chapter 7. The analysis will be performed
using the design earthquake loading for the site. The resulting forces and displacements
(referred to as demands) will be compared wlth the ultimate force and displacement
capacitles of each of the components. A capacity/demand ratio is then calculated for
each potentlal mode of failure in the critical components. This ratio is intended to
represent the portion of the design earthquake that each of the components is capable
of resisting.

The second phase of evaluatlon is an assessment of the consequences of failure in
each of the components with insufficient capacity to resist the design earthquake.
Consideration will be given to retrofitting substandard components if their failure results
in bridge collapse. In the case of certain essential bridges, the loss of function may
also warrant the consideration of retrofitting.

There are four areas where local failure may occur and where component
capacity/demand ratios should be calculated. These are:

e Bearings and Expansion Joints.
e Columns, Piers and Footings.
e Abutments.

e Liguefaction of Foundation Soil.

A flow chart detailing this procedure is shown in figure 87, and the calculation of
component capacity/demand ratlos is given in section 9.4.

9.3.1 Review of Bridge Records

Most agencies maintain a file of as-bulit bridge plans and a bridge maintenance file
with inspection reports and information about major repairs or modifications to each
bridge. This Informatlon is generally readily available and very useful for the detailed
evaluation process. Additional Information may also be obtained from the original design
calculations and construction records, although these documents are sometimes more
difficult to obtain. Brldge rating calculations to determine live- load capacity may also
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contain useful information about the condition and strength of the materials used to
construct the bridge.

9.3.2 Site Inspection

Current Federal legislation requires that all bridges over 20 feet in length be inspected
biannually as part of the National Bridge Inspection Standards. In general, these
inspections are designed to monitor deterioration of the structure, as it may affect the
live-load rating, and are not specifically directed toward seismic evaiuation. 1t will,
therefore, usually be necessary to make a separate inspection of a bridge to detect
seismically vulnerable condltlons, or to specifically instruct maintenance personnel to
monitor these conditions during their routine maintenance inspections.

A field inspection of bridges selected for detailed evaluation should be made to verify
the information obtained from the review of bridge records and to talk to bridge
maintenance and inspection personnel. The items which should be noted in the field
inspection are as follows:

e Unusual lateral movement under service loading (traffic, temperature,
minor earthquake)

o Unusual gap or offset at expanslon joints.

e Differential gaps at hinges which result in greatly reduced seat width.

e Large gaps between bridge end diaphragms and abutment backwalil.

e Damaged, malfunctioning or unstable bearings.

o Damage or deterioration to the main and secondary structural members.

e Extra dead load, such as wearing surface, utilities, and sidewalks,
not shown on plans.

@ Unusual erosion of soil at or near the foundation.

Horizontal or vertical movement or tilting of the abutments, columns.
or piers.
e Any deviations from the plans and specifications.

9.3.3 Quantitative Evaluation of Bridge Components

The type of components required to be evaluated for unacceptable failure during an
earthquake will vary wilth the Seismic Performance Category of the bridge. Table 21
Indicates the components and failure modes that should be checked in the detailed
quantitative evaluation procedure.

Seismic demands will be determined from an elastic analysis of the bridge performed
using the design earthquake or from the minimum bearing force and support length
requirements that are specified. The limiting available capacity is generally assumed
to be one or more of the following:

o The displacement at expansion joints that will result in a total loss
of support and collapse of the bridge.

¢ The ultimate force capaclty of fixed bearings

e The ductile capaclty of columns, walls and foundations beyond which
unacceptable strength degradation can occur.
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retrofitted.  Each component wilth a capacity/demand ratio less than one should be
investigated In thls way.

9 . 4 CAPACITY/DEMAND RATIOS

The detailed evaluatlon of a bridge requires the determination of component
capacity/demand ratlos as shown in table 21. The demands are obtained either from
minimum specified values In the case of bearings and bearlng support lengths or from
an elastic analysls of the bridge. The analysls procedures and design loads required
to calculate the demands are ldentical to that required for a new bridge. including
the combination of forces In orthogonal dlrections.

9.4.1 Bearings and Expansion Jolnts

Bridge superstructures are often constructed discontinuously to accomodate anticipated
superstructure movements such as those caused by temperature variation or to allow
for the use of Incompatible materials. Dlscontinuities necessitate the use of bearings
which provide for rotational and/or translatlonal movement. Durlng an earthquake, steel
rocker and roller bearings (figure 100) have proved to be among the most vulnerable
of all bridge components.

In major earthquakes, the loss of support at bearings has been responsible for several
bridge failures. Although many of these failures resulted from permanent ground
displacements, several were caused by vtbratlon effects alone. The San Fernando.
California earthquake of 1971, the Guatemala earthquake of 1976, and the Eureka,
California earthquake of 1980, are some recent examples of earthquakes in which bridge
collapse resulted from bearing failure. Even relatively minor earthquakes have caused
failure of anchor bolts, keeper bar bolts. welds and nonductile concrete shear keys.
In many of these cases the collapse of the superstructure would have occurred if
the ground motion were slightly more Intense or longer In duratlon.

Capacity/demand ratios for bearings will be calculated for both displacement and force.
Displacements are investigated in the longitudinal directlon

The force capacity/demand ratio Is calculated for bearlngs designed to resist lateral
loads.

9.4.1A Displacement Capacity/Demand Ratio

The displacement C/D ratios should be calculated for restrained and unrestrained
expansion joints and for bearings when movement can occur due to the absence
of restraint In a horizontal direction. The displacement C/D ratio is the lesser
of the values calculated uslng the followlng two methods, except in the case
where displacement Iimiting devices, such as restrainers, are provided. in which
case only Method 2 needs to be used.
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Method 1:

N(c)
‘bd = N(d)

(86)
where
N(c) = The support length provided. This length is
measured normal to the expansion joint.
N(d) = The minimum support length as defined in
section 7.4.2 or 7.6.8.
Method 2:
‘ Ac(C) - Aj(@)
bd = Aeq(d) 87
where
Agc) = The alowable movement of the expansion joint or bearing. For
structures in SPC D. unreinforced cover concrete should be
excluded when determining the allowable movement.
4@

= The maximum possible movement resulting from temperature,
shrinkage, and creep shortening. If field measurements have
been made of a bridge in existence for some time. only the

temperature effects need to be considered.

Beqld = The maximum relative displacement due to earthquake loading.

As an example, consider a simply supported bridge with 120-ft span lengths
and

30-ft column heights. The minimum support length N(d) for Seismic
Performance Category B. from equatlon 31A, Is:

N() = 8 + 0.02L + 0.08H
= 12.8 inches (88)
and for Seismic Performance Category C and D. from equation 34A. it is:
N() = 12 + 0.03L + 0.12H
= 19.2 inches

(89)
Thus. if a 6.inch support length is available, then using method 1. the
displacement capacity/demand ratio is:
rog = 0.47 for SPC B. and

(¢ 10))
rog = 0.31 for SPC C and D.

This implies that only 47 percent and 31 percent of the design earthquake can
be resisted with the avallable support length for SPC B and SPC C and D
respectively.
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Table 21: Components for which Seismic Capacity/Demand Ratios

Must be Calculated

C D

Seismic Performance Category 8 C o
Acceleration Coeff icient .09<A<19 .19¢A<29 .29¢<A
EXPANSION JOINTS AND BEARINGS
Support Length X X X X
Forces X X X X
REINFORCED CONCRETE PIERS
AND FOOTINGS
Anchorage X X X
Splices X X X
Shear X X X
Confinement X X X
Footing Rotation X X
ABUTMENTS
Displacements X X
LIQUEFACTION X X X

Table 22: Form for Comparlson of Capacity/Demand Ratios

Component

EXPANSION JOINTS AND BEARINGS
Displacement - rpqg
Force - rp¢
REINFORCED CONCRETE PIERS,
AND FOOTINGS
Anchorage of Longitudinal
Reinforcement - reg
Splices in Longitudinal
Reinforcement - reg
Confinement Reinforcement - rec
Column Shear - rgy
Footings - r¢r
ABUTMENTS - raqg
LIQUEFACTION - rg

Bridage

21

As—Built

w

Retrofit
Scheme 1

Retrofit
Scheme 2



e Abutment displacements which could result in the bridge becoming
inaccessible following an earthquake.

o foundation movements which are excessive and will result in a collapse
of the structure or loss of bridge accessibllity.

The basic equation for determining the selsmic capacity/demand ratio, r, is:

Re - TQ
r = 85
Qeq
where
R¢ = The nominal ultimate displacement or force capacity for the structural
component being evaluated.
£Qj = The sum of the displacement or force demands for loads other than
earthquake which are included in the group loading defined by equation
32.

QEQ = Trr]1e displacement or force demand for design earthquake loading at
the site.

Capacity/demand ratios should be calculated at the nominal ultimate capacity without
the use of capacity (strength) reduction factors (® so as to obtain a more realistic
estimate of the as-built capacity of the members. A more detailed discussion on the
calculation of C/D ratios is given in section 9.4.

9.3.4 Identiflcatlon and Assessment of Potential Retrofit Measures

The capacity/demand ratios indicate the earthquake load levels at which individual
components may fail. The capacity/demand ratios for the as-built condition of a bridge
should be tabulated as shown in table 22. Values greater than one indicate that the
component is not likely to fail during the design earthquake, whereas values less than
one indicate a possible failure.

Beginning wlth the lowest capacity/demand ratio, each value less than one should be
investigated to assess the consequences of local component failure on the overall
performance of the bridge to identify retrofit measures and to determine the effectiveness
of the retrofit measure considered. Component failure is always considered unacceptable
if it results in the collapse of the structure. if component failure results in a loss
of access or loss of function, this may also be unacceptable if the bridge serves a
vital transportation route. if component failure does not result in unacceptable
consequences, then retrofitting is usually not Justified for the component in question.

if the consequences of component failure are unacceptable. then the effectiveness of
retrofitting that particular component should be evaluated. if the response of the
remainder of the structure is affected by the retrofit of a component. then new
capacity/demand ratios should be calculated and tabulated as shown in table 22. if
an improvement in overall bridge performance will result from the component retrofit
and this can be accomplished at a reasonable cost. then the bridge should be
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9.4.1 B Force Capacity/Demand Ratio

The force C/D ratio for bearings and expanslon joint restrainers are evaluated

as follows:
Vp©
Tof = on
bf = Vp(@
where
Vp(©) = Nominal ultimate capacity of the component in the direction under
conslderatlon.
Vp(@ = Seismic force acting on the component. This force is the elastic

force determlned from an analysis multiplied by 1.25. The
minimum bearing force demand of 0.20 DL is used when an

analysis Is not performed. or when It exceeds the force demand
obtalned from an analysis.

Elastic bearlng forces obtained from a conventional analysis are likely to
be lower than those actually experienced by bearings during an earthquake.
This is because bearlngs, which are nonductile components, often do not
resist loads In a uniform manner. Thls has been demonstrated In past
earthquakes by the failure of anchor bolts or keeper bars on some. but
not all, of the bearings on the same support. In addition, the ylelding of
ductlle members, such as columns, can transfer additional loads to the
bearings. For these reasons, it is necessary to increase the elastic forces
by a response modlflcatlon factor. which Is less than 1.0, when evaluating
the force demand on nonductile motlon-restraining components.

The force capaclty of bearings must be carefully calculated. Anchor bolts
are often subjected to combined bending and shear or high stresses at
the threads. Spalling of edge concrete at anchor bolts is also possible.

In addition, bearings may not correspond to those shown on the as built
plans or maintenance records.

9.4.2 Capacity/Demand Ratios for Reinforced Concrete Columns. Piers.
and Footings

It is common for bridge columns to yield during strong seismic shaking. This is
expected and provided for In the design of new structures. Existing columns however,
may not be capable of withstanding the same degree of yielding as a column designed
to a modern code. Failure may also occur prior to yielding in those columns designed
to a pre-1971 standard. The interaction of the columns and piers with their footings
will determine the probable mode of failure for these components. The first step In
their evaluation is to determine if and where ptastic hinging will occur. Usually. plastic
hinges are found in the end regions of columns or in the footings, but an effect similar
to a plastic hinge may also develop due to yielding of the soil or piles. Wall piers
can also develop plastic hinges in end regions. but about the weak axis only. The
location of plastic hinging will dictate the modes of failure that should be investigated.

Column failures that result in a sudden loss of flexural or shear strength have the
potential for causing collapse. The force levels at which these local failures occur
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will be reflected in the capacity/demand ratios for the various column failure modes.
Each of these modes must be assessed In terms of Its effect on the global stability
of the structure.

Four modes of fallure should be considered when evaluating columns. These are:
° Shear failure in the column,

o Anchorage failure in the maln longitudinal reinforcement of reinforced
concrete columns.

] Flexural fallure In reinforced concrete columns due to Inadequate
transverse confinement (including bucking failures).

o Failure of the splices in main longitudinal reinforcement of reinforced
concrete columns.

Once potential plastic hinges have been located, It Is necessary to Investigate the
potentlal modes of column and/or footlng failure associated with the locatlon and type
of plastic hinglng. A ductility indicator Is used to account for the ability of the columns
and/or footings to resist certain modes of failure controlled by the amount of ylelding.
The ultimate moment capacity/elastic moment demand ratios are multiplied by ductility
Iindicators to enable elastic analysis results to be used for determining the seismic
C/D ratios of components subject to yielding.

The following procedure should be used to determine the C/D ratio for columns, piers.
and footlngs as lllustrated in the flow chart in figure 88. This procedure includes
a systematic method for locating plastic hinges and evaluating the capacity of the
columns and/or footing to withstand thls plastic hinging. The procedure is more complex
for reinforced concrete columns than for steel columns. For steel columns only steps
1, 2, 3 and 6 are required. Sections 4.8.1 through 4.8.5 of the Retrofit Guidelines
[reference 51 describe detailed procedures for Investigating different reinforced concrete
column and/or footing failure modes associated with plastic hinging. A worked example
illustrating these procedures is also given in reference 5.

Step 1: Determine the elastic moment demands at both ends of the column
or pier for the specified load cases. Moment demands for both the columns and footings
should be determined. The elastic moment demand should be taken as the sum of
the absolute values of the earthquake and dead load moments.

Step 2: Calculate nominal ultimate moment capacities for both the column and
the footings at axial loads equal to the dead load plus, or minus. the seismic axial
load resulting from plastic hinging In the columns. piers. or footings. The procedure
for calculating this axial load level is discussed In section 7.6.2.

Step 3: Calculate the set of moment C/D ratlos (nominal ultimate moment
capacity/elastic moment demand), rgc and rg¢. for each combination of capacity and
demand, assuming, first, that the column wilt yield and the footing will remain elastic;
and, second, that the footing will yield and the column will remain elastic.

Step 4: For reinforced concrete columns, calculate the C/D ratlos for the
anchorage of longitudinal reinforcement. splices in the longitudinal reinforcement. and/or
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transverse confinement reinforcement at the base of the column, and/or footing rotation
or yielding for the most severe possible cases of plastic hinging as Indicated by each

set of rgc and rgs. The following cases describe the C/D ratios that should be
investigated based on the location and extent of plastic hinging.

Case I: When both rgc and rgs exceed 0.8. it may be assumed that
neither the footing nor the column wilii yield sufficiently to require an evaluation
of their ability to withstand plastic hinglng. In this case only the column C/O
ratios for anchorage of longitudinal reinforcement and the splices in longitudinal
reinforcement should be calculated.

Case ll: When rg¢ is less than 0.8 and rg. either exceeds 0.8 or
exceeds rgg by 25 percent, then the footing will require an evaluation for its
ability to rotate and/or yield unless an anchorage or splice failure will occur
and prevent footing rotatlon. Anchorage or splice failures may be assumed
when either the C/D ratio for anchorage of longitudinal reinforcement or for
splices in longitudinal reinforcement is less than 80 percent of ref. When
this is not the case, only the C/D ratio for rotation and/or yielding of the footing
should be calculated.

Case . When rg¢ Is less than 0.8 and rgs either exceeds 0.8 or
exceeds rgc by 25 percent, it may be assumed that only the column will yield
sufficiently to require an evaluation of Its ability to withstand plastic hinging.
in this case the column C/D ratios should be calculated for anchorage of
longitudinal reinforcement, splices in longitudinal reinforcement. and column
transverse confinement.

Case IV: When rge and rgs are less than 0.8 and within 25 percent
of one another, it may be assumed that both the column and footing have the
potential to yleld sufficiently to require further evaluation. Since yielding of the
footings will be prevented by a column failure prior to column yield, column
C/D ratios for anchorage of longitudinal reinforcement, splices of longitudinal
reinforcement should be calculated first. When ail of these C/D ratios exceed
80 percent of rgs. then the C/D ratio for rotation and/or yielding of the footing
should also be calculated.

Step 5: For reinforced concrete columns, calculate the column C/D ratios for
anchorage of longitudinal reinforcement and splices In longitudinal reinforcement at
the top of the column. If the moment C/D ratio. rgc. of the column is less than
0.8, the C/D ratio for column transverse confinement should also be calculated.

Step 6: Calculate the column C/D ratios for column shear.

In reinforced concrete columns, seismic C/O ratios for anchorage of longitudinal
reinforcement (rs5). longitudinal reinforcement splice lengths (rog) , col umns he ar
capacity (rey). column confinement reinforcement (roc). and rotation and/or yielding
of the footing (rgy) are dependent on the amount of flexural yielding in the column
or footing. In columns with poorly detailed transverse reinforcement, one of the most
critical consequences of fiexural yielding is the spailing of cover concrete. Such spalling
Is followed by a rapid degradation in the effectiveness of the transverse steel which
can lead to column failure. The procedure for calculating C/D ratios for column
confinement reinforcement is based on the assumption that spalling will begin at a
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ductility indicator of 2. The effectiveness of poorly detailed transverse reinforcement
is assumed to begin to degrade at the onset of spalling. This type of transverse
reinforcement is considered totally ineffective beyond a ductility indicator of 5. A more

detailed description of the varlous modes of failure in reinforced concrete columns
follows.

9.4.2A Shear Failure

Shear tailures in reinforced concrete columns occur suddenly and can result in the
rapid disintegration of the column. This happened to several bridges during the San
Fernando earthquake (see figures 27, 23. and 29). Flexural yielding of the column
has the effect of limiting the shear force, but it also results in a degradation of shear
capacity. The guidelines provide techniques for determining the level of yielding at
which the danger of a shear failure is large. The level of yielding is represented
by a ductility indicator which is applied to the flexural capacity. The capacity/demand
ratio for column shear is then determined by comparing the modified flexural capacity
with the elastic flexural demand.

If the initial shear capacity is less than the ultimate shear force resulting from flexural
yielding of the column, then the seismic capacity/demand ratio will be calculated as
the ratio of the Initial shear capacity to the elastic shear force caused by the design
earthquake. If the final shear capacity is greater than the ultimate shear force resulting
from flexural yielding of the column. then shear need not be considered a critical
mode of failure. When yielding occurs in the footing, column shear capacity will not
deteriorate, and shear failure may occur only if the ultimate shear force exceeds the
initial shear capacity.

9.4.28 Anchorage Failure

A sudden loss of flexural strength in reinforced concrete columns can result from an
anchorage failure of the main reinforcement. This type of failure occurred at the Route
210/5 Separation and Overhead durlng the 1971 San Fernando Earthquake (see figures
30 and 31). When cracking occurs in the concrete where reinforcing steel is anchored.
bond capacity is lost. and this type of failure is more likely. The procedures for
calculating capacity/demand ratios for longitudinal steel anchorage take this into
consideration.

9.4.2C Flexural Failure

Sufficient transverse confining reinforcement in reinforced concrete columns is necessary
to prevent strength degradation in flexure. In most existing columns the transverse
reinforcement is not capable of preventing flexurai degradation at the levels of yielding
assumed in the design of new columns. Therefore, a method for determlning the
reduced levels of yielding at which existing columns will fall is proposed in the Retrofit
Guidelines. This is also done through the determination of a ductility indicator that
is applied to the ultimate flexural capacity of the column. This modified fiexural capacity
is divided by the elastic moment in the column to obtain the capacity/demand ratio.

The practice of splicing reinforcing bars at the bottom of the column was common
In the past and may result in a high potential for failure during an earthquake. Fiexural
yielding of the column is likely to occur at this location, which will greatly reduce
the capacity of the splices. The Guidelines consider this type of failure by limiting
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the amount of allowable yielding that can take place at a location where splices occur.

The capacity/demand ratio for the footing in fiexure is calculated when yielding occurs
in the footing. The allowable amount of flexural yielding will depend on the mode of
the footing failure. This is also represented by a ductility indicator that is applied
to the ultimate footing fiexurai capacity.

9.43 Capacity/Demand Ratios for Abutments

Failure of abutments during an earthquake usually involves tliting or shifting of the
abutment. either due to inertia forces transmitted from the bridge superstructure or
to large seismic earth pressures. Usually these types of failures alone do not result
in collapse or impairment of the ability of the structure to carry emergency traffic
loadings. However, these failures often result in loss of access, which can be critical
in certain Important structures.

Large horizontal movement at the abutments Is often the cause of large approach fill
settlements that can prevent access to the bridge. Therefore when required, abutment
C/D ratios are based on the horizontal abutment displacement. The displacement
demand d(@). will be the elastic displacement at the abutments obtained by properly
modeling the abutment stiffness. The displacement capacity, d(c). is taken as three
inches in the transverse direction and six inches in the longitudinal direction unless
determined otherwise by a more detailed evaluation. Therefore:

_ d©
fad = qua) (92)

9.4.4 Capacity/Demand Ratios for Liquefaction

To determine the C/D ratio for liquefaction failure, rg). a two-stage procedure is
necessary. First. the depth and extent of soil liquefaction required for foundation failure
must be assessed. Secondly, the level of seismic shaking that will produce liquefaction
of the soils must be evaluated. The C/D ratio is obtained by dividing the effective
peak ground acceleration at which liquefaction failure is likely to occur by the design
acceleration coefficient:

_ AL@©

‘Si T AL (93)

where

A (© = The effective peak ground acceleration at which
ilquefactlion failures are likely to occur.

A = A = Design acceleration coefficient for the bridge site.

Although a great deal of work has been done with respect to determining earthquake
induced liquefaction potential of soiis. the parameter A (c) will require considerable
engineering judgment. The amount of movement at a given site due to soil liquefaction
is a function of the intensity and duration of shaking, the extent of liquefaction. and
also the relative density of the soil, which controls post-liquefaction undrained or residual
strength. in addition, different bridges will be able to sustain different amounts of
movement. Therefore, when determining A (c). both the site and the bridge
characteristics must be taken into consideration.
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Methods for assessing the liguefaction potential of site soils are provided in the AASHTO
Guide Speclfications [reference 41. Two basic approaches are typically used, namely
empirical methods based on blow count corretations for sites which have not liquefied.
and analytical techniques based on the laboratory determination of liquefaction strengths
and dynamic site response analyses. A rough Indication of the potential for liquefaction
may be obtalned by making use of empirical correlations between earthquake magnitude
and epicenter distance as described in reference 4.

Finally, It Is recommended that geotechnical specialists participate in the determination
of Ai(c) at a specific bridge site and assist in the evaluation of the subsequent
foundatlon displacement and damage potentlal.

9.5 SEISMIC RETROFITTING CONCEPTS

Seismic retrofitting concepts are designed to prevent collapse and/or severe structural
damage of the bridge due to the following modes of faliure:

1. Loss of support at the bearings which will result in a partial or
total collapse of the bridge.

2. Excessive strength degradatlon of the supporting components.

3. Abutment and foundatlon failures resulting in loss of accessibility
to the bridge.

Once a concept has been selected, it must be evaluated to ensure that it does not
transfer excessive force to other less-easily inspected and repaired components.

Bridges in Seismic Performance Category B will usually only require consideration of
measures for the retrofit of the bearings and expansion joints. In Seismic Performance
Category C. columns. piers and footings should also be considered. Only in Seismic
Performance Category D should the retrofit of all components be considered.

Once It has been decided to retrofit a component, it is recommended that the
component retrofit be designed to the standards for new construction. wherever possible.
Reduced standards may be used when the use of full design standards is not practical
or economically feasible and partial strengthening significantly reduces the risk of
unacceptable damage. The following sections provide an overview of some of the retrofit
concepts that have either been used or proposed for use. Special design requirements
are also presented where necessary.

9.51 Bearing and Expanslon Jolints

Several bridges have failed during past earthquakes due to a loss of support at the
bearings. These failures are sometimes spectacular. but are also relatively simple
and inexpensive to prevent. Because of this, most retrofitting efforts in the United
States to date, have been directed towards tying the bridge together at bearings and
expansion joints. Several retrofitting methods have been used extensively, while newer
methods such as seismic isolation, have only recently been tried. The methods to
be considered for bearing and expansion joints are:
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Longitudinal Joint Restrainers,

Transverse Bearing Restrainers,

Vertical Motion Restrainers,

Bearing Seat Extensions.

Replacement of Bearings.

Special Earthquake Resistant Bearings and Devices.

9.5.1A Longitudinal Joint Restrainers

Longitudinal joint restrainers are used extensively by the California Department of
Transportation.  The primary function of these devices is to limit relative displacements
at joints and thus decrease the chances for a loss of support at these locations.

However, if connected to the bent caps. these restrainers may Impose higher force
levels on the columns than otherwise expected and this possibility should be carefully
assessed.

Restrainers are designed to resist forces in the elastic range. Careful attention must
be given to the methods used to attach restrainers to the superstructure so that existing
components will not be damaged during an earthquake. Provision must also be made
for the protection agalnst corrosion, especially for those that cannot be easlly inspected,
e.g. restrainers which pass through holes cored in existing structural members.

The restrainer force capacity and stiffness will generally be determined from an analysis
of the structure. However, results from an analysis should always be carefully examined
and interpreted with engineering judgement in light of the several assumptions usually
made in a dynamic analysis. When higher forces seem appropriate, they should be
used for design. in no case should the restrainer force capacity be less than that
required to resist an equivalent horizontal static load of .35 times the dead load of
the superstructure. When two superstructure segments are tied together, the minimum
restrainer capacity should be the maximum of the two capacities obtained by considering
each section Independently. For ‘regular’ bridges in Seismic Performance Category
B. an analysis is not necessary. and the minimum restrainer force capacity may be
used as the restrainer design force. As described in section 7.6.5A. this minimum
force is given by the product of the Acceleration Coefficient and the weight of the
lighter of the two adjoining spans or parts of the bridge. Restrainers should be capable
of developing the design force before the bearings become unseated. A minimum of
two symmetric restrainers per joint will provide for redundancy and minimize eccentric
movement of the joint. An adequate gap should be provided to allow for normal
movement at expansion joints. For joints located at piers, restrainers should provide
a direct and positive tie between the superstructure and the pier, unless pier caps
are wlde enough to prevent a loss of support at the end of the span and the
anticipated maximum movement of the superstructure will not cause excessive damage
lo the bridge.

Connections of the restrainer to the superstructure or substructure should be capable
of resisting 125 percent of the ultimate restrainer capacity. In addition, the existing
structural elements subject to brittle failure should also be capable of resisting 125
percent of the ultimate restrainer capacity. Both restrainer connections and existing
structural elements should be capable of resisting the eccentricities caused by variations
in the restrainer forces of at least 10 percent of the nominal ultimate restrainer capacity.

224



Longltudinai restrainers should be oriented along the principal directlon of expected
movement. if plers are rigid in the transverse direction, as shown in figure 89, the
movement of the superstructure will be along the iongitudlnai axis of the bridge, and
the restrainers should be placed accordingly. However, in a skewed bridge with
transversely flexible supports, superstructure rotatlon can occur. In thls case, restrainers
will be more effective if placed normal to the expansion joInt as shown in figure 90.
if damage to the restrainers due to shearing action Is a posslbility in a predominantly
longitudinal event, then transverse shear keys might also be necessary. in this event,
the restrainers can be parallel with the brldge centerline as in figure 89.

When an expanslon joint exists at a pler. restrainers at the expansion joint should
provide a positive tie to the pier, as shown in flgure 91. This detali will require that
each restralner resist the Inertia forces of both spans. Depending on the configuration
of the restrainers at adjacent expanslon joints It is possible that the inertia forces
of other spans should also be included. Note that in figure 91 the restrainers are
connected to the bottom flange. Thls will prevent the possibility of tearing the web
but it wlii also reduce vertical clearance under the bridge.

In some cases It may be appropriate to forego the positive tie to the pier. Adjacent
spans may then be tied, as shown In figure 92. This should be considered only when
the cumulative opentngs of expansion joints Is small enough to prevent the spans from
becoming unseated, when positive ties could excessively overload the pier and/or when
one of the spans has an adequate existing connection to the pier. Although this retrofit
technique is unlikely to prevent rocker bearings from toppling, collapse of the span
will be prevented by the pier cap, if It has sufficient width. Minor emergency repairs
could quickly restore the usefulness of the bridge.

Steel cables and bars acting In direct tension have been the most frequently used
method for restraining expansion joints against excessive movements. These devices
do not dissipate any significant amount of energy because they are generally designed
to remain elastic. Cable and bar restrainers may permit the ends of girders to be
damaged, but the damage wlii usually be repairable and not extensive enough to allow
the spans to lose support. Although cables and bars do not meet ail the criteria
of an ideal restrainer, they are relatively simple to install.

The Californla Department of Transportation has been retrofitting bridges with longitudinal
expanslon joint restrainers since the San Fernando earthquake of 1971. They have used
two types of restrainer materials. The first type Is 3/4-inch dlameter galvanized steel
wire rope (6 strands with 19 wires per strand) Identical to the materlai commonly used
to anchor the ends of barrier railings. The second type of material is 1-1/4" diameter.
high strength steel bars. These bars are also gaivanlzed and conform to ASTM A-
722 standards. in addition, these bars are required to provide elongation of at least
7 percent in 10 bar diameters before fracture.

Caitrans has no established rule as to when wire rope or bars are preferred. Since
restrainers are designed to perform elastically. the extra ductility of the 1-1/4 inch
bars is not consldered to be a particular advantage. An important consideration is
the amount of movement allowed at the expansion joint. Elastic stretching should be
limited because excessive movement can result in a loss of support at narrow bearing
seats. On the other hand, an overly stiff restrainer. although more effective in limiting
movement, will attract higher forces. In California, the results of multimodal spectral
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analyses are used to select the right combination of restrainer stiffness and strength.
The number and length of wire ropes or bars are then selected on this basis.

Wire ropes often have an economic advantage, since shorter lengths are required to
allow for a given amount of movement. In additlon, wire ropes are flexible and more
able to accomodate transverse and vertical movements. If bars are used. transverse
and vertical restralners may be required to prevent a shear failure In the bars.

Figure 93 shows a method for retrofitting an intermediate expansion joInt in a concrete
box girder. Elther wire rope or rigid steel bars may be used to prevent separation
of the joints. Concrete bolsters are sometimes necessary to strengthen the diaphrams
to accomodate the force transmitted from the restrainers.

In open web concrete bridges such as “T” beams, the lack of support at the bottom
edge of the diaphram may make it necessary to locate restrainers as shown in figure
94. This detail is usually restricted to situations where the restrainer force requirements
are relatively low. When the joint is located at a bent. a positive tie between the
substructure and the superstructure is preferred to this detail unless the bridge is
relatively short and bent caps are wide enough to prevent loss of end support.

An alternate method for restraining joints when the diaphragm is weak, is to attach
restrainers to the sides of the girders or to the underside of the deck. In this case.
it is necessary to locate restrainer anchors a sufficient distance from the joint to prevent
damage to the ends of the span. A detail in which restrainers are anchored to the
deck is shown in figure 95. A direct tie to the bent may be difficult when anchoring
restrainers in lhis way.

certain special situations per-~it so're variation in the use of restrainer details.
For exarple, figure 96 shows continuous wire ropes used to restrain a suspended
span. Large restrainer lengths of ten nake it necessarv to increase the number of
restrainers to limit the relative ‘move'ment at the jo’ints. Therefore, although
anchorage costs are reduced with this detail it -may not be econornical due to the
excessive length required of each restrainer.

Other devices, such as bumper brackets bolted to girder flanges and designed to Impact
abutments, or bent caps to restrict movement, should also be considered.

9.5.1 B Transverse Bearing Restrainers

Transverse restrainers are necessary, in many cases, to keep the superstructure from
sliding off the bearings. Conditions that are particularly vulnerable include high concrete
pedestals, which serve as bearing seals for individual girders, bearing seats which are
narrow and highly skewed, and in two girder bridges in which the transverse distance
between the bearing and the edge of the seal Is smai.

The [Hrces used to design transverse restrainers are generally determined from an
analysis  Transverse restrainer forces obtained from the elastic design spectra should
be ini reased by a factor of 1.25 to account for transfer of load due lo column yielding.
The nimum transverse restrainer design capacity should be not less than that required
t0 re st an equivalent horizontal static load of 0.35 times the superstructure dead load.
For single-span bridges or “regular” bridges in Seismic Performance Category B.
an analysis Is not necessary and the minimum transverse design force may be used.
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One method that has been used to provide transverse restraint In concrete structures
employs a double. extra strong, steel pipe filled with concrete that passes through
the joint. This concept is shown in figure 97. The design is governed by bearing
of the plpe agalnst the walls of the cored hole. The fult concrete compressive strength
may be assumed In well-relnforced expanslon joint dlaphragms. Care should be taken
not to use the full strength at acute corners In highly skewed Joints because they
can be very fragile.

Other devices, such as doweled concrete blocks, brackets bolted to supports, and
transverse cables, can be used to solve unusual problems.

9.5.1C Vertical Motion Restrainers

The need for vertical motlon restrainers will seldom be demonstrated by an analysis
since vertical motions are not considered explicitly In the analysis requirements.
However, experience has shown that vertical movement can take place at the bearings.
This can lead to the displacement of bearings and possibly increase the chances
of a loss of support failure. The Guidelines [reference 51 recommend that vertical
restrainers be Installed whenever longitudinal restrainers are considered as a retrofit
measure and whenever the seismic uplift force obtained from an analysis of longitudinai
motion exceeds fifty percent of the dead load reactlon.

Vertical restrainers can be provided at a very low unlt cost If they are installed at
the same time as the longitudinal restrainers. A typical hold down detail Is shown In
figure 98.

9.51 D Bearing Seat Extension

Bearing seat extenslons may be a feasible retrofit measure In certain situations.
Extenslons allow larger relative displacements to occur at the jolnts before support
is lost and the span collapses. Since high forces may be imposed on these extensions,
it Is recommended that, wherever feasible. they be supported directly on a foundatlon
structure (such as at an abutment - figure 99). A bearing seat extension anchored
with dowels or anchor bolts to a vertical face of an existing concrete support is not
recommended, but if direct support on a foundation Is impractical. post-tensloning of
the extension should be considered.

The deslgn forces for bearing seat extenslons must be high to represent the large
forces a bearing seat will be subjected to when the bearings become unseated. Two
loading conditions are recommended. The first requires the extension to be desligned
to resist twice the vertical dead load reactlon plus the maxlmum live load reaction.
This Is Intended to account for the large Impact forces that can result when the
superstructure drops from the bearings onto the seat. The second requires the extension
to be designed to resist a vertical load equal to the dead load reaction in conjunction
with a horizontal toad equal to the dead load reaction times either the acceleration
coefticient or the friction coefficient between the two surfaces, whichever is the larger.
This accounts for both the horizontal and vertical loads that can develop when the
superstructure is resting on the bearing seat extenslon and still subjected to earthquake
ground motions. Bottom surfaces of structures shall be modified to eliminate offsets
due to bearing plates and the tike., to avoid horizontal impacts against built-up seats.
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All bearing seat extensions should provide a final minlmum seat width equal to or
greater than the minimum specitied value given In section 7.4.2 and 7.6.8.

9.5.1E Replacement of Bearings

Bearings which are damaged or malfunctionlng can fail during an earthquake. In
addltlon, certain types of bearings, such as steel rocker and roller bearlngs shown
In figure 100. have performed poorly durlng past earthquakes. A possible retrofit
measure In these cases is the replacement of the bearlngs with modern bearing types
such as elastomeric pads or more sophisticated energy disslpating devices which. in
conjunction with adequately designed restrainers. are more effective In resisting seismic
loads.

Caltrans has used several methods of bearing replacement. In one method, high rocker
bearings are replaced by a prefabricated steel bearing assembly and elastomeric bearing
pads. The steel bearing assembly was necessary to malntaln the proper elevation
of the superstructure and to provide for the rotational and translational movement at
the bearing. The detalls for this retrofit scheme are shown In figure 101.

Another possible solutlon to replacing steel rocker bearings is shown in figure 102.
In this case a concrete cap Is used to build up the elevation difference between
a replacement elastomeric bearing and the orlginal steel rocker bearing. With thls
method of replacement, the concrete cap can be constructed at a higher elevation
between girders to provide a transverse shear key. In addltion. vertical motion
restrainers may be anchored In the new concrete cap.

At fixed bearings it may be appropriate to completely embed existing rocker bearing
pedestals in concrete as shown In figure 103. This will prevent shear failure and
toppling of the bearings. In addition, if spans were to become displaced from the
bearings. the concrete cap would prevent collapse. Again the concrete cap can double
as a shear key and anchorage for vertical motion restrainers.

Another recent application has been the replacement of existing bearings with more
sophisticated energy dissipating devices. in addition to replacing vulnerable bearings.
these dlssipators also limit the seismic forces transmitted to the substructures. This

is the basis of seismic isolation. and the concept Is explained further in sections 4.7.
9.5.1 F and 9.5.2.

9.5.1F Special Earthquake Resistant Bearings and Devices

Certain types of bearlngs have special performance characteristics which will alter the
dynamic response of a bridge. As a consequence, superstructure forces can be reduced
by factors of 5 to 10 and there are corresponding reductions in the forces transferred
to the piers and abutments. Thus in addition to providing an acceptable replacement
device for vulnerable bearings. they also provide a retrofit measure for understrength
substructures, as dlscussed in sectlon 9.5.2. Furthermore. selection of elastomeric
bearings of different height and shear stiffness can be used to control the distribution
of lateral load as discussed previously in sectlon 5.1.4.

More rigorous analysis procedures should be used when bearings and devices of this

kind are used. This Is particularly Important if they use nonlinear characteristics to
achieve the desired force reductions. If a nontinear time-history analysis Is performed,
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at least three ground motion time histories should be used. These ground motions
should have different frequency content and duration of maximum shaking. They should
also reflect the variations in ground motlons expected at the bridge site. if design
charts have been developed they may be used In lieu of a nonlinear analysis, provided
they are based on a series of nonlinear analyses consistent with the above-stated
criteria.

in addition to performing under normal service conditions, an earthquake resistant bearing
should be capable of resisting seismically induced forces, restricting relative
displacements within the bridge. dissipating energy. and returning the structure to its
pre-earthquake position. A bearing system having these capabilities has been discussed
in section 4.7 and might be composed of the components shown in figure 104. Vertical
support would be provided by a flexible bearing and/or sliding support isolator. in
the case of a flexible bearing. a fuse would be used to prevent movement under service
conditions. but would be expected to fail or yield during a large earthquake. During
rapid movement, energy would be dissipated by some form of damper, and excessive
relative displacements would be prevented by a restrainer with a gap to allow limited
displacements. Following an earthquake. the flexible support would provide a restoring
force to bring the structure back to its pre-earthquake posltion.

A considerable amount of interest currently exists in the Improvement of bearing systems
to provide greater earthquake resistance. in New Zealand, ltaly. Japan and, more recently,
the United States, many innovative Ideas have been implemented in this field. These
ideas use the principles of restraint. isolation. and energy dissipation to modify structural
behavior during earthquakes. in each case these bearing systems also provide for
the normal functions of bridge bearlngs. A few examples are discussed below.

New Zealand has constructed 37 bridges using special energy-dissipating devices.
Some of the early devices are shown in tigure 105. Ail of these devices rely on
the inelastic behavior and hysteretic damping that will occur during reversed cycles
of yielding. The devices shown are used to connect the bridge superstructure to the
substructure and are usually installed in parallel with elastomeric bearing pads. At
low levels of lateral load such as wind, the devices remain elastic and restrain
movement at the bearings. During strong seismic shaking, the devices yield. allowing
translation at the bearings. When they yield. the load transmitted from the superstructure
to the substructure will be limited to the ultimate capacity of the devices. In addition,
energy will be dissipated during yielding which will dampen the seismic response.

One refinement has been to combine the energy dissipator with the elastomeric bearing
in one physical unit. To do this, a circular core is removed from an elastomeric bearing
and the hole backfilled with lead. as shown in figure 106. During cyclic shear
deformations of the bearing, the lead core is forced to deform in shear also. Plastic
shear deformations in the lead dissipate signiticant amounts of energy and thereby
limit the shear displacements in the bearing. This unit is popular in New Zealand
and has now been used, or proposed for use. in 25 bridges.

Because lead has a low rate of work hardening, it can sustain many cycles of Imposed
deformation due to thermal and creep movements without fracture. in addition, its
resistance to slowly applied deformation is less than half of that which will occur under
rapid movement. Thls makes it possible to use the device as an expansion bearing.
Under rapid movements. which occur during a strong earthquake. the lead will resist
greater loads and dissipate energy. in addition there will be a reduction in the total
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earthquake load due to energy dissipatlon. Brldge retrofit using lead-fllled bearings
has been undertaken in New Zealand. Italy and now in the United States. These bearings
are patented In New Zealand, Japan, the United States and elsewhere.

In Japan a somewhat similar philosophy for bridge bearings has been adopted. The
Japanese, however, use viscous rather than hysteretic damping to achieve this type
of performance. Load transfer to the substructure occurs when a rigid post Is forced
through a pot of viscous materlal as shown in figure 107. Since thermal movements
and creep occur very slowly, little resistance Is offered and negligible loads are
transferred under these conditions. However. durlng an earthquake the rapid movement
of the post is resisted by the viscous material. and significant load is then transferred
to the substructure. A combination bearing and shear damper has also been developed
tflgure 108) and used extenslvely. It is also a patented product.

A viscous damping device is used on the new Oumbarton Bridge across the southern
end of San Francisco Bay in California. This device. shown in figure 109, allows the
expansion joint to open and close during normal temperature movement but limits the
relative movement of the joint during an earthquake.

Some oit damper systems are known to leak and all require regular maintenance and
Inspection.  Because their reliability Is low, a posltive back up system such as an
elastic restralner is recommended to prevent catastrophic failure.

An expansion bearing deslgn concept, developed and tested during a study for the
Federal Highway Administration. employs an elastomeric bearing pad surfaced with a
special material designed to slide durlng seismic loading. Under normal conditions
the bearing will perform as a standard elastomeric bearing pad. At higher loads,
sliding will occur and limit the load transferred to the supports. protect the pad from
being destroyed, and maintain the reliability of vertical support. This bearing concept.
shown In figure 110, has the disadvantage that It will be permanently offset after an
earthquake.

9.5.2 Columns. Piers and Footings

There are a number of potential modes of failure for columns. piers and footlngs and
in general. it is more difficult and less cost effective to retrofit these components than
It Is to upgrade the bearings. Very few column retrofit techniques have been used
in practice and it appears that the only practical, cost-effective method currently available
is the use of the force limiting devices and seismic isolation bearings discussed earlier.

Force limiting devices and some of the other schemes that have been proposed are
presented below. Concepts that have not been used are also presented primarily as
a source of ideas.

9.5.2A Force Limiting Devices

A force limiting device which uses the principles of seismic isolation (section 4.7) is
the most practical and cost-effective method currently developed for column retrofit.
These devices have been discussed in detail in section 9.5.1F and when used in
conjunction with a bearing have the potential to reduce the real forces, to which a
column Is subjected, by factors of 5 to 10. Thus the demand Is significantly reduced
and the C/D ratios are signiticantly Improved.
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The use of force-limiting devices should be restricted to devices whose dynamic
performance has been demonstrated by physlcal testing. Design forces and
displacements should be derived from an analysls of the structure which takes Into
consgideration the actual performance characteristics of the device.

9.5.2B Increased Transverse Confinement

Improved confinement will Increase the abiiity of a column to withstand repeated cycles
of loading beyond the elastic limit and tend to prevent column failure due to degradation
of flexural capaclty. The use of the detailed design requirements for transverse
reinforcement for new bridges in a retrofit sltuation will present construction difficulties
and will be of questionable effectiveness.

Several different concepts have been proposed but so far as is known, none have
been used to date. The following design requirements should be considered when
evaluating these lIdeas.

Increased transverse confinement should be located within the column end reglons.
The end regions should be assumed to extend from the soffit of the girders or cap
beams at the top of columns, or the top of foundatlons at the bottom of columns,
a distance not less than the greater of (a) the maximum cross-sectional dimension
of the column, (b) one-sixth of the clear helght of the column, or (¢) 18 inches.

The transverse confinement should be capable of developing the conflning force provided
by the transverse confinement required for new construction. In addition, If the
capacity/demand ratio for shear In the existing column is less than 1.0, the transverse
reinforcement should be capable of resisting the maxlmum shear force due to hinging
in the column. It should also be remembered that the transverse reinforcement must
extend over the full column height if shear and not fiexural confinement controls.
Transverse confinement reinforcing should have a maximum spacing not to exceed the
smaller of one-quarter of the minimum member dimension or 4 inches. It Is noted
that current Caltrans requirements relax the maximum spacing to the smaller of 8 main
column bar dlameters or 8 Inches. Anchorage schemes for transverse reinforcement
should be capable of developing the ultimate capaclty of the reinforcement, and should
not be significantly affected by the spalling of cover concrete. The designer should
be aware that retrofit schemes for increasing confinement may redistribute moments
and shears, resulting in overstress in other members of the structure, i.e.. footings
and bent caps. Increased transverse confinement should result In capacity/demand ratios
greater than one for each of the column fallure modes. If this is not the case, then
additional retrofit measures should be considered.

Several methods of increasing the transverse confinement of columns have been
proposed.

One proposal which uses conventional half-inch steel reinforcing hoops, prestressed
onto the outer face of the column is shown In figure 111. The prestress force Is
provided by threading the ends of the bars so that these can be connected together
with a specially designed turnbuckle, also shown In figure 111. The steel bars would
be spaced at 3-1/2 Inches on center which would provide confinement equivalent to
new constructton In most cases. The steel would be protected with a layer of
pneumatically applied concrete.
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Another proposal to use quarter-inch prestressing wire wrapped under tension around
the column is shown in figure 112. The wire and anchorages would also be protected
with a layer of pneumatically applied concrete. The practical difficulties associated with
wrapping a very long piece of prestressing wire around a bridge column should not
be underestimated.

A solid-steel shell placed around an existing column. as shown in figure 113, has
also been proposed. A small space would be left between the column and the shell
that would be grouted solid. The steel shell could be painted or it could be constructed
of a weathering type of steel.

Square columns pose additlonal problems. Aesthetics and clearances are other
considerations which will dictate solutions.

9.5.2C Reduced Flexural Reinforcement

The ultimate shear force on a column can be reduced by decreasing the yield moment
at one or both ends of the column. This retrofit method should only be considered
when columns are over-reinforced for flexure and when there is little or no flexural
yielding during an earthquake. The high-yield moments of an over-reinforced column
could produce shear forces above the capacity of the column resulting in a brittle
shear mode of failure. By cutting longitudinal reinforcing bars (figure 114), an increased
amount of yielding is accepted in exchange for a reduced shear force. The net result
could be an improvement in the overall earthquake resistance of the structure. Despite
its conceptual appeal, it is controversial because it does reduce the flexural strength
of the column. it Is recommended that cutting of column longitudinal reinforcement
as a retrofit measure be used only when It is not possible to retrofit the column by
other means.

9.5.20 Increased Flexural Reinforcement

The use of increased fiexural reinforcement has also been proposed. This retrofit
technique will increase the fiexural capacity of the column. However, increased fiexural
capacity will increase the forces transferred to the foundation and the
superstructure/column connectlons and will also result in an increased column shear
force. in addition, the strengthened column will be stiffer and may be subjected to
higher seismic forces. Since failure of the footings or failure of the columns in shear
is usually more critical than excessive fiexural yielding, this retrofit technique should
be used with care and should only be considered when loss of fiexurai strength would
result in a collapse mechanism.

Retrofit methods used by the Japanese to increase the fiexurai strength of reinforced
concrete building columns are shown in figures 115. 116, and 117.

9.5.2E Infili Shear Wall

The transverse resistance of multi-column bents can be increased by constructing an
Infil concrete shear wall between individual columns in the bent. This technique has
been used to repair earthquake damage to bridges in Japan and California, and requires
that individual column footings be extended to support the shear wall. The shear wall
is tied Into the existing structure with grouted bars or anchors.
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Figure 118 illustrates the use of a infil concrete shear wall to retrofit a multi-column
bridge bent. This type of structural modification wiil have a slgnlficant effect on the
structural strength and stiffness In the transverse direction and will require a new
analysls to be made in order to obtaln the revised design forces.

9.5.2F Strengthening of Footings

In many cases, column footings will fall before the column or pier yields. This is
often due to the absence of a top layer of reinforcement capable of resisting uplift
forces on the footlng. During an earthquake, this can result in the flexural cracking
of footlng concrete and the loss of anchorage for the column longitudinal reinforcement.
This condition is usually most critical In single column piers supported on pile footings,

Although minor soil and piling fallures are undesirable. these are preferable to the
failure of the structural components of a footlng. Therefore, In the case of retrofitting,
footings should be strengthened so that they do not fail prior to soil or piling failure.
Design moments and forces should therefore be equal to 1.25 times the nominal
ultimate capaclty of the soil and/or pitings.

A method for retrofitting footings to correct thls deficiency Is shown in figure 119.
A concrete cap of constant thickness Is cast directly on top of the footlng.  Continuity
with the existing footing is provided by steel dowels grouted In drilled holes. Negative
moment capacity is provided by a top layer of conventtonal reinforcement and prestress
tendons. The collar will strengthen the footing to resist uplift forces and provide an
extra measure of confinement at the base of the column and the top of the footlng
to prevent anchorage failures.

9.6 ABUTMENTS

Abutment failure very rarely results in the collapse of the structure unless associated
with liquetaction faillure or loss of support for the end spans. For example. seat type
abutments on high walls which are skewed to the brldge spans are particularly prone
to loss-of-support failures. Lateral movements of an earth-retalnlng abutment or
consolidation of the abutment fill may result In a loss of accessibility to the bridge.
which may be an unacceptable taliure for an Important brldge. In addltion. the use
of restralners to limit relative displacements at the abutment bearings may result in
much larger abutment forces. Therefore, sltuatlons will exist in which abutment
retrofitting should be consldered. The following paragraphs discuss two possible retrofit
measures that will mitlgate the effects of abutment failure.

9.6.1 Settlement Slabs

Settlement (or approach) slabs are deslgned to provide continuity between the bridge
deck and the abutment ftill In the case of approach fill settlement. Settlement slabs
should be positively tied to the abutment to prevent them from pulling away and
becoming Ineffective. It Is recommended that they be considered only for bridges
classified as SPC-D wlth approach fills subject to excessive settlement due to either
soil failure or excessive movement of the abutment. To minimize the discontinuity at
the abutment following an earthquake, settlement slabs should be deslgned as simple
span-reinforced concrete slabs spanning their full length. Posltive ties to the abutment
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should be capable of resisting a design force equal to (coefficient of friction +
Acceleration Coefficient x slab dead load.

It should be pointed out that this connection should be free to rotate so that moment
will not be transferred to the abutment backwall when the approach fill settles.

Figures 120 and 121 show two different types of settlement slabs that have been used
in the past. In figure 121. the frictional force due to the weight of the soil above
the slab may help stabilize the abutment. However. this effect Is not expected to be
large and both configuratlons should perform in a similar manner.

9.6.2 Soil Anchors

Horizontal displacements at the abutment may cause a loss of accessibility to the bridge.
Displacements of the abutment normal or parallel to the abutment face may be
prevented or minimized by adding soil anchors.

The ultimate capaclty of soil anchors should be greater than or equal to the seismic
forces transferred to the abutment from the superstrucure and/or the seismic earth
pressures generated behind the abutment backwall due to the design earthquake.

Soil anchors similar to those shown In figure 122, may be used as a retrofit measure.
Because the backfill may be subject to movement during an earthquake, the anchors
should extend into the backfill a sufficient distance so as not to be affected.

9.7 LIQUEFACTION AND SOIL MOVEMENT

Liquefaction and/or excessive movement have been the cause of a large number of
bridge failures in some areas during past earthquakes. There are two suggested
approaches to retrofitting that will mitigate these types of failure. The first approach
is to eliminate or Improve the soil conditions that tend to be responsible for seismic
liquefaction. The second approach is to increase the abillty of the structure to withstand
large relative displacements similar to those caused by liquefaction or large soil
movement. The first approach has been tried on dams, power plants. and other
structures but t0 date has not been used as a retrofit measure for bridges. The second
approach utilizes many of the retrofitting techniques In the previous sections. Both
of these approaches are outlined In the following sections. Assessment of the potential
for site liquefaction is discussed in references 4 and 6.

9.7.1 Site Stabilization

Although site stabilization would only be used In exceptional cases. several methods

are available for stabilizing the soil at the slte of the bridge. Some possible methods
include:

Lowering of groundwater table,

Consolidation of soil by vibroflotation or sand compaction.
Vertical network of drains.

Placement of permeable overburden .

Soil grouting or chemical injection.

249



Some of these methods may not be suitable or environmentally acceptable. and may
even be detrimental in certaln cases unless provisions are made to minimize the effects
of soll settlement during construction. Therefore, careful planning and design are
necessary before employing any of the above site-stabilization methods. Each method
should be Individually designed using established principles of soil mechanics to ensure
that the design Is effective and that constructlon procedures will not damage the existing
bridge.

The first method suggested Is to lower the ground water table. This eliminates the
presence of water, which is one of the three Items required before liquefaction can
occur. The possibllity and expense of accomplishing this will depend on the site.
Obviously, some type of gravity drainage would be preferred to mechanical methods
although mechanlcal methods such as well polnts are not out of the question in a
major structure of unusual Importance. Drainage can cause settlement of the
surrounding soil and the effect of this settlement on the existing bridge should be
assessed before thls method Is used.

Densification of the soil can also be effective in reducing the potential for llquefaction.
Since the process of fiquefaction involves the compaction of loose soil. it follows
that preconsolidation can reduce the risk of liquefaction. However. consolidation of
only the surface layer can impede drainage and actually be detrimental. Soil
densificatlon through the use of vibroflotation or sand compaction piles Improves drainage
if porous material Is used and therefore is the preferred method. Preconsolidation
can result In signiticant settlements, and care should be taken to protect the existing
structure from damage. Often excessive settlements during construction will make soil
densiflcation an impractical retrofit method.

A method which will improve drainage without disrupting the existing structure is to
install a network of gravel drains as shown in figure 123. These drains will allow
water to escape during an earthquake and thus prevent the build-up of pore pressure
which can reduce the shear strength of the soil. Settlement will be likely during an
earthquake, but large lateral movements resulting from shear strength loss will be greatly
reduced.

The use of a highly porous overburden or surcharge can also greatly reduce liquefaction
potential with minimal disruption to the existing structure. The increased intergranular
forces resulting from the overburden will necessitate higher pore pressures to offset
these forces and cause liquefaction. The permeabllity of the overburden will not
aggravate the build up of pore pressure. In addition, the overburden will result in
some preconsolidation which will reduce the chances of llquefaction. However, the
settlements that will accompany this preconsolidation should be considered when using
this approach.

The use of chemicals or grouts to increase the shear strength of soil Is also a possible
solutlon.  If not properly designed. these methods may reduce soil permeability and
aggravate the build-up of pore pressure. Therefore. design and construction should
be performed by qualified Individuals.

9.7.2 Increased Superstructure Continuity and Substructure Ductility

Any method that will tend to prevent loss of support at the bearings will be useful
in preventing structural collapse due to excessive soil movement. Therefore. most of
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the methods for retrofitting bearings should be considered in a structure subjected
to excessive soil movement. in addition, the ability of the substructure to absorb
differential movements is important, The strengthening methods used will depend on
the configuration of the structure and components most susceptible to damage. These
will usually involve methods for tying superstructure sections together and connecting
the superstructure to the bents. In some cases, column retrofitting should be
considered. Attempts to stabilize the abutments through the use of anchors would
probably not be very effective.

Longitudinal restrainers should be provided at the bearings to prevent a loss of support.
If bents are not tied to the superstructure, the movements of the foundation can easily
pull the support out from under the bearings as shown in figure 124. It would be
preferrable to fail the column in flexure rather than to lose this support. Therefore.
the superstructure should be anchored to the bent. and the design load in the anchors
should be at least enough to fail the bent. Care should be taken to provide a sufficient
gap in the restrainers so that normal temperature movement or moderate earthquakes
will not result in a column failure. Gaps should be preset so that restrainers just
fit snugly in cold weather.

Transverse and vertical restrainers at the expansion joints tend to prevent the
superstructure from shifting and should be used along with longitudinal restrainers.
When expansion joints occur at the bents. these restrainers should provide a positive
tie to the substructure.

Because ductile failures of the columns are required to accommodate large movements,
column retrofitting may be necessary to assure that a brittle failure does not occur.
Extra transverse reinforcement or reduction of flexurai capacity are two possible
retrofitting techniques for accomplishing this.
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CHAPTER 10 COMPARATIVE ANALYSES

In this chapter, several comparative analyses are reported for two different bridges.
Both are continuous over several spans. but one is straight and the other is curved.

For the straight bridge. several variations are analyzed in which pier heights are
changed, skew is Introduced and abutment restraint Is relaxed. Results from both the
single mode and multi-mode methods of analysis illustrate the effect of these changes
on the seismic response and show some limits of single mode modelling.

The computer program SEISAB was used throughout to perform these analyses and
this chapter therefore also demonstrates the user-friendly nature of this program and
its ability to analyze complex structures with ease.

10.1 STRAIGHT BRIDGE EXAMPLE
10.1.1 Geometry

A three span continuous girder bridge is supported on multlcolumn bents as shown
in figure 125. Properties for both the superstructure and substructure are given in
this same figure. The abutments are assumed to be seat-type abutments which are
free to slide in the longitudinal direction but are restrained transversely. it will be noted
that thils is the same bridge as that used In chapter 8 to lllustrate the seismic design
procedures.

in addltion, this basic bridge geometry Is modified seven times to produce another
seven examples for anaiysls. These modifications are

e a change in column height for bent 3 from 25 feet to 50 feet.
e introduction of 45° skew at all abutments and piers.

e release of the transverse restraint at both abutments,

e combinations of the above.

Table 23 identifies each of these examples and the variation made to the basic bridge
model. in total, the anaiysls of eight examples is described In this section.

10.1.2 Load Cases

The response spectrum chosen for all eight analyses was as follows:
Acceleration Coefficient, A = 0.4
Soil Profile Type: Il. (8§ = 1.2)

Seismic load coefficient, Cg = 1.2AS/T2/3
= 0.576/T2/3
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Table 23: Straight Bridge Example

EXAMPLE DEFINITION
A Base Example: 3-span straight bridge. all column heights 25 ft.
B Same as A, but wlth column height equal to 50 ft. at bent 3
C Same as A. but wlth abutments and bents skewed 45 degrees
D Comblne B + C (unequal columns and skew)
E Same as A, but release both abutments transversely
F Combine B + E (unequal columns and free abutments)
G Comblne C + E (skew and free abutments)
H

Comblne B + C + E (unequal columns. skew, and free abutments)
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Direction of loading: longitudinal and transverse
Load combinations were made as follows:

Case 1. 1.0 * longitudinal + 0.3 * transverse
Case 2: 0.3 * longitudinal + 1.0 * transverse

10.1.3 Analysis Methods

Both single mode spectral analysis (procedure 1) and multimode spectral analysis
(procedure 2> were used to analyze each of the eight bridges in turn to determine
the accuracy of the single mode method for this series of regular bridges of increasing
compiexity. It was of course assumed in thls exercise that the multimode method was
“exact” le. that it glve the correct answer agalnst which results from the single mode
method may be compared.

10.1.4 Input Data

Table 24 lists the SEISAB Input data for the single mode analysis of the basic bridge.
Even wlthout any prior experience with SEISAB. It is possible to understand this input
file. This Is due. In large measure, to the development of a problem oriented language
and the use of terms already famlliar to a bridge engineer. Detailed explanations of
each input command can be found In reference 41.

10.15 Results
Three sets of typical results are presented in Tables 25, 26 and 27 and follows:

e Table 25: Comparison of Periods of Vibration,
o Table 26: Comparlson of Column Displacements.
e Table 27: Comparlson of Column Forces and Moments.

These results have been extracted from the SEISAB output files and are used here
to illustrate the range of output available and trends In response.

10.1.6 Discussion of Results

It appears from examlnatlon of table 25 that the single mode method gives similar
periods of vibration to those predicted by the multimode method. This Is clearly the
case for the first four examples but It is not so clear for the second set of four
examples. The reason for this is that, in the second set. the transverse release of
the abutments permits a rotational mode to occur which is strongly coupled with the
longitudinal and transverse modes. It Is therefore not strictly correct to make period
comparisons for these four examples because the single mode methods cannot model
these coupled actions. In other words. although the periods can be compared for
examples E through |-t in table 24, they are not for exactly the same mode of vibration.

The displacements In table 26 are for the second column In bent 2. Again good
agreement is evident between the two methods until the transverse restraint Is released
at the abutments. As noted above, this is done In examples E through H and It
introduces a rotational mode of vlbration in each case. This mode Is seen to be
particularly excited during transverse loading. Consequently the transverse displacements
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Table 24: SEISAB Input Data - Example 1

C 330569038 3636 3 36 36 38 338 3 3 333 I3 W I WA I3 T3 I
C = *
C # E X A M P L E 1 °
m *
mo* SINGLE MODE ANALYSIS OF A STRAIGHT THREE-SPAN BRIDGE. *
c it BASE EXAMPLE - EQUAL COLUMNS, NO SKEW, ETC. .
mo o UNITS USED ARE HIPS, FEET, SECONDS AND RADIANS »
c w *
R I i il 2RI st e e 2RSS YL L S LR
c
SEISAB ‘EXAMPLE I, STRAIGHT THREE-SPAN BRIDGE’
SINGLE MODE ANALYSIS
c
C -------- ALIGNMENT DATA BLOCK IS OMITTED ENTIRELY —-——=—————mmw——-
c
SPANS
LENGTHS, 120. 75, 120. 3, 134. 167 % SPAN LENGTHS MUST BE SPECIFIED
AREA 123. 0 $ EXPLICITLY
I11 117.0
122 63550.0 $ GENERATION OF SPAN CROSS SECTION DATA
133 527. 0 $ IS USED
E 430000. 0
WEIGHT 0. 125
DESCR | BE
COLUMN ‘TYPE 1 ° ‘TYPICAL BENT COLUMN °
AREA 13. 0 $ NOTE: LENGTH INPUT IS NOT REQUIRED FOR
I11,.13 O $ SINGLE SEGMENT (PRISMATIC) COLUMN
122, 13. 0
I133,13. 0
E 430000. 0
SPECIAL CAP ‘TYPE A’ ‘SPECIAL CAP MEMBER IS USED FOR BENTS’
I3372. 2
E 440000. 0
ABUTMENT STATION 0 + 0 $ VALUES FOR ABUTMENT 4 ARE IDENTICAL
BEARING N 00 00 00 E $ TO THOSE AT ABUTMENT 1 AND ARE
ELEVATION, 125. 0 $ OBTAINED BY GENERATION
BENT

BEARING N 00 00 00 E
ELEVATION TOP 125. 0
HEIGHT 25. 0
COLUMN NORMAL LAYOUT ‘TYPE 1’ 35. 0 ‘TYPE 1’ 35. 0 ‘TYPE 1“ AT 2. 3
SPECIAL CAP ‘TYPE A’ AT 2.3
LOADS
SINGLE MODE ANALYSIS
ATCé& CURVE
SOIL TYPE II
ACCELERATION COEFFICIENT 0. 4
FINISH
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Table 25: Comparison of Transverse and Longiudinal Periods
Straight Bridge

PERIOD - seconds
SINGLE MODE MULTI MODE (EIGEN)
EXAMPLE
Longitudinal Transverse Longitudinal Transverse
A 0.610 0.312 0.624 (1) 1 0.316 (4)
8 0.819 0.347 0.835 (1) 0.353 (4)
C 0.653 0.322 0.662 (1) 0.323 (4)
D 0.868 0.353 0.880 (1) 0.355 (4)
E 0.610 0.637 0.624 (3) 0.628 (2)
F 0.819 1.774 0.835 (2) 2.053 (1
G 0.656 0.694 0.629 (3) 2 0.722 (2) 2
H 0.873 1.558 0.909 (23 1.827 (1) 3
—
NOTES :
1. The numbers in parenthesis indicate mode numbers.
2, These modes (2 and 3) are strongly coupled.
3. These modes (1 and 2) are strongly coupled.
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Table 26: Comparison of Absolute Column Displacements
for Column 2 of Sent 2 - Straight Bridge

SINGLE MODE MULTI MODE EIGEN
EXAMPLE| LOAD Longitudinal Transverse Longitudinal Transverse
CASE (Hoat) (feot) (teed) (feed)
A L 0.242 0.000 0.236 0.000
T 0.000 0.065 0.000 0.067
L+0.37 0.236 0.026
0.3L+T 0.071 0.067
8 L 0.357 0.000 0.361 0.000
T 0.000 0.104 0.000 0.107
L+0.37 0.361 0.032
0.3L+T 0.106 0.107
c L 0.265 0.012 0.266 0.016
T 0.012 0.091 0.013 0.090
L+0.37 0.270 0.044
0.3L+T 0.093 0.095
o L 0.366 0.012 0.393 0.016
T 0.013 0.108 0.011 0.105
L+0.37 0.396 0.047
0.3L+T 0.129 0.109
E L 0.242 0.000 0.236 0.000
T 0.000 0.155 0.000 0.254
L+0.37 0.236 0.076
0.3L+T 0.071 0.254
F L 0.357 0.000 0.361 0.000
T 0.000 0.001 0.000 0.306
L+0.3T 0.361 0.092
0.3L+T 0.106 0.306
G L 0.267 0.035 0.222 0.156
T 0.033 0.209 0.151 0.245
L+0.37 0.267 0.232
0.3L+7 0.216 0.293
H L 0.369 0.052 0.356 0.203
T 0.015 0.066 0.146 0.269
L+0.3T 0.399 0.290
0.3L+T 0.252 0.350

NOTE: SEISAB does not output the combination of the longitudinal (U and transverse
(T analyses under the single mode optlon.
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Table 27: Comparison of Maxlmum Column Forces and Moments
for Bottom of Column 2. Bent 2 - Straight Bridge

COLUMN FORCES AND MIOMENTS
SINGLE MODE MULTI MODE (EIGEN)
EXAMPLE LOAD Shear Moment Shear Moment
NO. CASE (klps) (kip—10 kips) Gip-f
A L 932.6 12.100 913.5 11.856
T 358.7 4.518 373.1 4.655
L+0.37 913.5 11.856
0.3L+T 373.1 4,655
B L 1.337.1 17.525 1.327.7 17.516
T 434.7 5,475 456.9 5,711
L+0.37 1.327.7 17,516
0.3L+T 456.9 5.711
C L 919.9 10.862 912.0 10.741
T 206.3 3,024 220.2 3.000
L+0.37 978.0 11.641
0.3L+7 493.8 6.223
D L 1.333.3 15.838 1.345.6 15,987
T 240.3 3.541 253.9 3.452
L+0.37 1.421.8 17,023
0 3L+T 657.5 8.248
E L 932 6 12,100 913.5 11.856
T 6512 8.204 1.071.9 13.469
L+0.37 913.5 11.856
0.3L+T 1.071 0 13.469
F L 1.337 1 17,525 1.327.8 17.516
T 4.4 57 1.296.3 16.220
L+0.37 1.327.8 17.516
0.3L+T 1.290 3 16.220
G L 873.5 10.211 879.4 10.729
T 487 1 7,120 662.3 9.683
L+0.37 1.072.7 13,224
0.3L+T 908.1 12,111
H L 1.250.3 14,689 1.044.2 14.733
T 166 3 2,404 981.9 12.685
L+0.37 1.338.8 17.189
0.3L+T 1.295.1 16.373
NOTE: The shears and moments listed are the maximum values and can be either

longltudinal or transverse.
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calculated by the single mode method are In substantial error for each of these four
cases. However, it is alSO true that changes In column height and the introduction
of skew can be accommodated quite successfully by the single mode method.

A similar trend Is evident In table 27 which compares forces and moments at the
bottom Of the second column in bent 2. Once the abutments are released and the
rotational mode Is excited by transverse loading. the shear forces and moments are
underestimated by the single mode method. In fact, in example F. these quantities
bear no relation to the correct values as given by the multimode method. But it must
be remembered that this Is to be expected from a method which uses a single mode
shape to represent (in this case) a bridge with at least two strongly coupled lateral
modes of vibration. The method works well for bridges wlth single modes and, as shown
here, gives good results even when column heights change dramatically from pier to
pier and a large skew is present.

10.2 CURVED BRIDGE EXAMPLE

10.2.1 Geometry

A six span continuous girder bridge is supported on single columns as shown in figure
126. Properties for both the superstructure and substructure are given In this same
figure. Of particular Interest is the hinge near mlid-length and the flexible soil conditions
requiring explicit modeiling of the foundation compliance. Restrainers are aiso provided
at the abutments, columns and hinge. This example has been taken from the SEISAB
‘User Manual and Example Problems [reference 41]}.

10.2.2 Load Cases
The response spectrum chosen to load this bridge was as follows.

Acceleration Coefficient. A = 0.4

Soil Profile Type: ill. (8§ = 1.5)
Seismic load coefficient, Cg = 1.2A5/T72/3
= 0.720/T2/3
Directions: longitudinal (along the chord joining the two abutments: and

transverse (normal to the chord)
Load combinations were made as follows:

Case 1: 1.0 * longitudinal + 0.3 * transverse
Case 2: 0.3 * longitudinal + 1.0 * transverse

10.23 Analysis Methods

Both single mode spectral analysis (procedure 1) and multimode spectral analysis
(procedure 2) were used to analyze this bridge. As with the straight bridge, one purpose
Of thls exercise was 10 determine the suitability Of the single mode method for a bridge
of this complexity.
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Table 28: SEISAB Input Data -~ Example 2

TR TR RIS LSS SRS L S A S R S Rt st y])

EXAMPLE 2

RESPONSE SPECTRUM ANALYSIS OF A SIX-SPAN CURVED BRIDGE
UNITS USED ARE KIPS. FEET, SECONDS AND RADIANS

e o %o X o
* ¥ % ¥ & &

Ns =IO

3303036 I B3I NIITEI I TI
@
SEISAB ‘EXAMPLE 2: SIX-SPAN CURVED BRIDGE
RESPONSE SPECTRUM ANALYSIS
SUPERSTRUCTURE JOINTS 4 ¢ FOUR INTERMEDIATE SUPERSTRUCTWE
AL ICNMENT
STATION 100 + 0. O
COORDINATES N 300. E 250.
BEAR I NC NOE
BC 10000. 0
RADIUS R 400.0
BEARING N &6, 16, 20, E

SPANS
LENGTHS 100. O0,143.0,3#117.0,100.0
133 360.0 ® OENERATION OF VALUES IS PERFORMED FOR SPANS 2-6
I11 862.0 $ NOTE THAT COMMANDS MAY BE INPUT IN ANY ORDER
122 13000.0 ® FOLLOWINQ THE LENGTHS COMMAND
AREA 86. 0
c
c DEFAULT VALUES FOR MATERIAL DENSITY AND ELASTIC MODULUS
c ARE USED.
C
DESCRIBE
COLUMN ‘BNT cOoL’ ‘PRISMATIC BENT COLUMN TYPE’
AREA 33. 0
I11 146.0
122 73.0 ¢ DEFAULT DENSITY AND MODULUS VALUES USED
133 143. 0
RESTRAINER ‘TYPE 1’ ‘CALV. H. S. ROD’
LENGTH S.0
AREA 3. 068E-03
E 2. 01E+06
RESTRAINER ‘TYPE 2’ ‘GALV. STEEL CABLE’
LENGTH 20. 0
AREA 0. 01 $ DEFAULT MODULUS VALUE USED
ABUTMENT STATION 100 + 0.0
ELEVATION 152.5 155. 5
WIDTH NORMAL 3%5. 0 $ GENERATION FOR ABUT 7 IS USED
RESTRAINER NORMAL LAYOUT ‘TYPE 1 8. 0 8. G ‘TYPE 1 AT 1
RESTRAINER NORMAL LAYOUT ‘TYPE 1’ 8. 0 ‘TYPE 1’ 8. 0 ‘TYPE 1 ' AT 7
BENT
ELEVAT I ON TOP 153.0, 153. 5,154. 0, 154. 5,153 0
HEIGHT 25. 0 % GENERATION OF HEIGHT DATA IS PERFORMED

COLUMN ‘BNT COL’ AT 2, 3.4, 5.6
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Table 28: SEISAB Input Data - Example 2 (cont’d)

C EXAMPLE 2 Continued.........
C

C

FOUNDATION

AT BENT 2. 3, 4, 8.6

SPRING CONSTANTS

KM2M2 2. 704E+ 10
KM3M3 1. 292E10 8 FOUNDATION DATA HAY BE INPUT IN

KMIM1 2 2204E10 $ ANY ORDER FOLLOWING THE ‘AT’ COMMAND
KF3F3 4 . 0B84E+08
KFLF1 4. 084E0B
HINGE
AT 3 102.00
TRANSVERSE PIN
RESTRAINER NORMAL LAYOUT ‘TYPE 2’ 4.5.4.0,4.0.4.5 ‘TYPE 2’ AT 1t
WIDTH NORMAL 33. 3 AT 1
LOADS
RESPONSE SPECTRUM
ATC& CURVE
SOIL TYPE III
ACCELERATION COEFFICIENT 0. 4

THE DEFAULT DIRECTION FACTORS AND NUMBER OF MODES
ARE USED

Rz Xz X2 X3

INISH
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Table 29: Comparison of Transverse and Longitudinal
Periods - curved Bridge
[ PERIOD - seconds I
SINGLE MODE MULTI MODE (EIGEN)
EXAMPLE
Longitudinal Transverse Longitudinal Transverse
Curved 0.340 0.365 0.380 (21,2 0.369 (3)2
I I
NOTES :
1. The numbers in parenthesis indicate mode numbers.
2. These modes (2 and 3) are strongly coupled.
Table 30: Comparison of Absolute Column Displacements
and Hinge Openings for Sent 4 - Curved Bridge
SINGLE MODE | MULTI MODE (EIGEN)
EXAMPLE LOAD Longitudinal | Transverse | Longitudinal Transverse
CASE (feet) (teet) (feed (feet)
Curved L 0.053 0.001 0.047 0.011
T 0.016 0.109 0.009 0.1 16
L+0.3T 0.050 0.046
0.3L+T 0.023 0.119
Hinge Openings L 0.041 0.000 0.067 0.000
T 0.043 0.000 0.018 0.000
L+0.37 0.072 0.000
0.3L+T 0.038 0.000
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Table 31: Comparison of Maximum Column Forces and Moments
for Bottom of Bent 4 - Curved Bridge

COLUMN FORCES MD MOMENTS
SINGLE MODE MULTI MODE (E)GEN)
EXAMPLE LOAD Shear Moment Shear Moment
NO. CASE (kips) e (kips) (kip—-f)
Curved L 902.4 12,673 790.9 11,180
T 1.403.7 33.307 1.566.8 35,927
L+0.3T 812.5 14,358
0.3L+T 1.615.1 37,001

NOTE: The shears and moments listed are the maximum values and can be
either longitudinal or transverse.
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10.2.4 Input Data

Table 28 lists the SEISAB Input data for the multimode analysis of this bridge. Again
It Is possible to read and understand this input file without prior knowldge of the SEISAB
Input commands, demonstrating once more. the usefulness of a problem-orlented input
language. Detalls of each command and optlon are given in reference 41.

10.23 Results
Three sets of results are presented In tables 29, 30 and 31 as follows:

e Table 29 Comparlson of Periods of Vibration.
e Table 30 Comparlson of Column Displacements.
e Table 31 Comparlson of Column Forces and Moments.

These results have been extracted from the SEISAB output fife and are used here
to lllustrate the avaitable output and the accuracy of the single mode method.

10.2.6 Discussion of Results

Because of the curved nature of the bridge, the longitudinal and transverse modes
of the bridge are strongly coupled. The single mode method Is therefore unable to
represent this action and although the periods of vibration (table 29) are remarkably
close, they are for different mode shapes. Thls inability to represent more than one
mode at a time Is evident In the displacement results given for the column of pier
4 by the single mode method (table 30). The transverse deflection during longltudinal
loading is an order of magnitude too low and the longltudinal deflection during transverse
loading Is almost twice the correct value. However, the maxlmum shear forces and
moments at the bottom of this column (table 31) are close to the multimode values.
and this Is generally true for the other columns In the bridgge. It can therefore be
concluded that the results for shear forces and moments from the single mode method
are adequate for design purposes but that the displacements should be treated wlth
caution.
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Masonry A.
or otherwise,

Masonry A.

Masonry B.

Masonry C.

Masonry D.

INTENSITY
VALUE

APPENDIX A

MODIFIED MERCALLI INTENSITY SCALE
(1956 version)*

B. C. D. To avold amblguity of language. the quality of masonry, brick
Is specified by the following lettering.

Good workmanship, mortar. and design; reinforced, especially laterally.
and bound together by using steel, concrete. etc.; designed to resist lateral

forces.

Good workmanship and mortar; reintorced. but not designed in detail to
resist lateral forces.

Ordinary workmanship and mortar; no extreme weaknesses like failing to
tie In at corners, but neither reinforced nor designed against horizontal

forces.

Weak materials, such as adobe; poor mortar; low standards of workmanship;
weak horizontally.

DESCRIPTION
Not felt. Marginal and long-period effects of large earthquakes.
Felt by persons at rest, on upper floors, or favorably placed.

Felt indoors. Hanging objects swing. Vibration like passing of light trucks.
Duration estimated. May not be recognized as an earthquake.

Hanging objects swing. Vibration like passing of heavy trucks; or sensation
of a jolt like a heavy ball striking the walls. Standing cars rock. Windows,
dishes, doors rattle. Glasses clink. Crockery clashes. In the upper range
of IV. wooden walls and frame creak.

*  QOriginal

1931 version in Wood, H.O. and Neumann, F., 1931, Modified Mercalli

intensity scale of 1931: Seismological Society of America Bulletin, v. 53, no. 5,
p. 979-987. 1956 version prepared by Charles F. Richter. In Elementary Seismology.
1958, pp.137-138. W.H. freeman and Company.
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VL.

VIL.

VIIL.

XL

Xl

Felt outdoors; direction estimated. Sleepers wakened. Liquids disturbed.
some spilled. Small unstable objects dispiaced or upset. Doors swing.
close. open. Shutters, pictures move. Pendulum clocks stop, start. change
rate.

Felt by all. Many frightened and run outdoors. Persons walk unsteadily.
Windows, dishes, glassware broken. Knickknacks, books. etc. off shelves.
Pictures off walls. Furniture moved or overturned. Weak plaster and
masonry D cracked. Small bells ring (church. school). Trees. bushes shaken
visibly, or heard to rustle.

Difficult to stand. Noticed by drivers. Hanging objects quiver. Furniture
broken. Damage to masonry D. including cracks. Weak chimneys broken
at roof line. Fall of plaster, loose bricks. stones, tiles, cornices also
unbraced parapets and architectural ornaments. Some cracks In masonry
C. Waves on ponds, water turbid with mud. Small slides and caving In
along sand or gravel banks. Large bells ring. Concrete Irrigation ditches
damaged.

Steering of cars affected. Damage to masonry C. partial collapse. Some
damage to masonry B: none to masonry A. Fall of stucco and some
masonry wails. Twisting. fall of chimneys. factory stacks, monuments, towers,
elevated tanks. Frame houses moved on foundations If not bolted down;
loose panel walls thrown out. Decayed piling broken off. Branches broken
from trees. Changes in flow or temperature of springs and welts. Cracks
in wet ground and on Steep slopes.

General panic. Masonry D destroyed: masonry C heavily damaged,
sometimes with compiete collapse. masonry B seriously damaged. General
damage to foundations. Frames racked. Serious damage to reservoirs.
Underground pipes broken. Conspicuous cracks In ground. In alluviated
areas sand and mud ejected. earthquake fountains, sand craters.

Most masonry and frame structures destroyed with their foundations. Some
well-built wooden structures and bridges destroyed. Serious damage to
dams. dikes. embankments. Large landslides. Water thrown on banks of
canals. rivers, lakes, etc. Sand and mud shifted horizontally on beaches
and flat land. Rails bent slightly.

Rails bent greatly. Underground pipelines completely Out Of service.

Damage nearly total. Large rock masses displaced. Lines of sight and
level distorted. Objects thrown into the air.
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APPENDIX B: ABUTMENT DESIGN

As described In Chapter 5 and lllustrated In flgure 53. abutments can be diviged into
two classlflcatlons for seismic analysis:

I} Monollthlc abutments (also known as Integral. or end dlaphragm abutments)
2y  Seat type abutments (also known as free-standing abutments)

Monollthlc abutments tend to mobilize the adjacent soils and can be very effective
at absorbing energy during an earthquake, In both the longitudinal and transverse
directions. When It Is desirable to carry large forces into the soiis. this abutment
type Is preferred. Damage may be heavy but wlth adequate reinforcement and a
generous berm length. this abutment should perform satlsfactorliy and the collapse
potential will be very low.

Seat type abutments permit the engineer more control over the degree of soil
mobilization, but the added jolnt introduces a potential collapse mechanism into the
structure. However, damage with this type of abutment will be less than with a
monolithic abutment.  Longitudinally, the backwall gap may be designed to permit larger
or smaller movements to occur as desired. Transversely the superstructure may be
held or released.

B.l Abutment Stiffness

Abutments usually attract high In-plane forces during an earthquake because of their
very high lateral stiffness. These structures are nearly rigid because of their physical
configuration and the restraint provided by the approach fills. it is therefore important
to include the combined stiffness effects of the abutment and backfill In any seismic
analysis, particularly when calculating performance In the iongltudinai direction.

However. the interaction effects between the soil and structure are complex and difficult
to quantify numerically. Nevertheless It Is Important that some attempt be made to Include
these effects In a seismic anaiysls. The approximate procedure outtined In Section
7.4.20 is recommended as a minlmum level of effort. Thls procedure is illustrated
In the following sections. using examples taken from reference 38.

8.2 Initial Abutment Stiffness Calculation (Step 1. Section 7.2.4D)

The following preiiminary stiffness coefficients are suggested (reference 38) for average
abutment backfill conditions.

Wall/footing stiffness against backfill, Kg
Pile stiffness. Kp

200 K/in per lineal foot of wall
40 K/in per pile
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Ks Is based on material with sheaf velocity = 800 ft/sec and a wall height of about
8 ft. Kp Is for OSD standard 45 ton, 70 ton and 16" CIDH piles.

All components which contrlbute to the abutment stliffness. In the direction under
consfderatlon. should be consldered. Wingwalis should also be Included but onily if
they can wlthstand the associated forces.

B.2.1 Longltudinal Stiffness

The full passive resistance of the soil Is only mobilized when the abutment Is moving
towards the backfill. It Is essentially zero when moving away from the backflll.
Therefore only one equivalent abutment spring Is effective at any one Instant In time.
If both abutments are identical. the equivaient bridge model will have just one abutment
spring arbitrarily located at one or other end.

If the abutments are unequal. two trials may be necessary, with flrst one abutment
spring and then the other to determine which produces the most severe set of forces
and deflectlons.

The SO-foot wlde abutment shown In figure 127a. Is supported on 5 vertical piles.
and comprises an 8 ft. high end wall and wingwalls which are 12 ft. long.

Using the stlffness coefficients of the previous section. the followlng equivalent abutment
spring coefficient Is calculated:

soll contribution = 200 K/in x 50 ft = 10,000 K/in
pile contrlbutlon = 40 K/in x 10 piles = 400 K/in
total abutment stiffness (initial estimate) = 10,400 K/in

(longitudinal at one abutment)

Note: 1. 10 piles are assumed effective. 5 at each abutment.
2. Only 1 endwall Is assumed effective, al any polnt In time.
3.  Wingwall contrlbutlon Is neglected In longltudinal direction.

The equivalent spring model In the longltudinal dlrectlon Is shown In figure 127b.
8.2.2 Transverse Stiffness

The soll resistance In the transverse directlon Is due to wingwall actlon only--the
endwalls are assumed Ineffective In thls direction. However. because of the Inherent
flexibility In these walls. It Is usual to downgrade their effective stiffness to, say. two-
thirds of a fully restrained endwall. Also the two wingwalls at each abutment do not
engage the same volume of backfill and a further reduction In stiffness Is made to
account for these variances. for example, the effective volume of soil that can be
maobitized between the two walls is conslderably greater than that outslde either wall,
and the number of effective walls should therefore be reduced from 2 to say 1-1/3.
However, each abutment should be examined on Its own merits and these assessments
of wingwall performance should be reviewed using judgement and taklng into acount
local site condltlons. WIth the above assumptlons. the followlng equlvalent abutment
stiffnesses (in the transverse dlirectlon) may be calculated.
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lateral stiffness of piles
at both abutments.
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Figure 127: Preliminary Abutment Stiffness - Equivalent Spring Models
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soil contribution 200 K/in x 12 x 0.67 x 1.33
pile contribution = 40 K/in x §
total abutment stiffness (initial estimate)

2140 Klin

200 K/in

2340 Klin (transverse.
at both abutments)

The equivalent spring model in transverse direction Is shown in figure 127c.

8.3 Abutment Forces and Displacements (Steps 2 and 3. Section 7.2.4D)

Using the preliminary abutment stiffnesses of the previous section. the abutment forces
and deflections may now be calculated. If these forces and deflections are excessive.
the assumed stlffnesses will require adjustment and the analysts repeated.

As a guide, abutment forces are considered excessive If the corresponding effective
stress in the soil behind the abutment exceeds 5 ksf (reference 38). Assuming the
ratio of eftective stress to maximum stress is 0.65, under cyclic loading. a maximum
stress of 7.7 ksf may be attained before degradatlon In the soil stiffness begins.  Higher
allowable soil stresses might be allowed for spread footings in flrm soil. Also for
the purpose of this calculation, ultimate pile loads of 40 K per plle might be assumed
for 45 ton and 70 ton piles.

Excessive deformation at one or both abutments is the most common form of selsmic
bridge damage. Past performance of bridge abutments has indicated that displacements
more than 0.2 feet (2.4 in) cause severe problems, whereas movements less than this
amount are repairable and cause little distress to the bridge structure. Accordingly,
displacements more than 0.2 tt might be considered excessive for the purpose of these
calculations.

B.3.1 Example: Abutment Design for Longitudinal Earthquake

The two span bridge in tigure 128 has seat type abutments. The total deadload (W)
Is 10957 K. The seismic coefficient, A |Is 0.49. The soll profile type Is Ill and the
site coefficient, S. is therefore 1.5. The preliminary abutment stlffness in the longitudinal
direction is assumed zero because of the release provided by the bearings at the
seats. This neglects the frictional forces inherent In sliders or the shear stiffness
of elastomeric bearings if these are used at the seats. The initial value for longitudinal
stiffness, K, is therefore governed by the pier alone and is shown to be 493 K/in.

perlod, T = 2m \/g—": = 2m /10957/384 x 493 = 1.51 secs.

seismic response coefficient Cg = 1.2AS/T2/3
1.2 x 0.4 x 1.5/(1.51)2/3
0

55

seismic force = Cg.W = 0.55 x 10957 = 6026 K

deflection (longitudinal) = 60261493 = 12.22 inches
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pler longitudinal stiffness g R“
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\—-—bearing
assume negligible shear stiffness

abutment width = 71ft

0 vertical plles

Figure 128: Example Abutment
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Since abutment gaps are usually less than 6 Inches. impact on the backwall will occur.
The longitudinal stlffness of the abutment and backfill. which was neglected in the
above calculation, must be therefore Included in the analysls.

First calculate the abutment longitudinal stiftness.

Given: abutment width = 71 feet
number of vertical piles = 30
soll stiffness = 200 K/in/tt length of wall
pile stlffness = 40 Kl/In/pile

71 x 200 + 30 x 40
15,400 Klin

the abutment stiffness

Also calculate the maximum abutment force that can be resisted before the soil reaches
Its limit state (maximum stress = 7.7 ksf) and the piles reach their ultimate load
(40 K each).

backwall contribution = 7.7 x 12 x 71 = 6560 K
pile contribution = 30 x 40 = 1200 K
total (maximum abutment force) = 7760 K

7800 K (say)

Several trial analyses may now be necessary because of the nonlinear nature of the
abutment force-deflection curve.

TFUAL 1. Assume total movement of superstructure will be 6 inches and specify
the gap to be 4 inches. This implies 2 inches of abutment movement, which is
less than the 2.4 inches previously given as a reasonable upper limit.

Figure 129 shows the result of this trial analysis. It is constructed as follows:

a. The first 4 inches of displacement occur ‘freely’ and the structure
stiffness (493 K/in) governs.

b. Once the 4 inch gap is closed, the combined stiffness of the structure
and abutment (493 + 15,400 = 15,900 K/in) governs. After about one
half inch (7800/15,900) of deflection, the abutment strength (7800 K)
1s exceeded.

C. The remaining 1-1/2 inches (to a total of 6 inches) of deflection occurs
after soil and pile failure and since it is assumed that there is now
no stiffness contribution from the soil or piles, the structure stiffness
(493 K/in) governs.

d. Calculate the total force at 6 inches of displacement as follows:
493 x 4 + 7800 + 493 x 151 = 10,516 K

e. Calculate the effective combined abutment and structure stiffness as
follows:
1051616 = 1753 K/in
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Figure 129: Abutment Trial Designs
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Given this revised stiffness (Ky) recalculate the period of vibratlion,
/ W
T = 27 —
gK,y
27 v 10957/384 x 1753 = 0.80 sec.

12 x 04 x 1.5/0.8213
0.84
9200 K.

Then the revised seismic coefficient (Cg)

and the selsmic force = 0.84 x 10957
it follows that the longitudinal deflection = 920011753 = 5.2 Inches

Since this is less than the 6.0 Inches assumed for thls trial, the 4-inch gap will
be satistactory. The abutment movement will be less than 2.4 Inches. To calculate
the actual deflection, a reanalysis must be made assuming 5 Inches of displacement
and a revised effective stiffness. However, a more economic design can usually be
achieved by reducing the size of the gap, and for this example, the next trial assumes
only a 3 Inch gap and 5 Inches of total superstructure movement.

TRIAL 2 Assume the total movement of the superstructure will be 5 Inches. and
the gap to be 3 inches. Figure 129 shows the results of this trial, which follows
the steps used in Trial 1.

it can be seen that the total force at 5 inches of displacement is

493 x 3 + 7800 + 493 x 1.51 = 10.023 K

The effective stitffness is now 10,023/5 = 2005 K/in
The corresponding period of vibratlon = 0.75 secs
The seismic response coefficient = 0.87

and the corresponding seismic force = 9533 K

It follows that the deflection = 964212005 = 4.8 Ins

which is satisfactorily close to the assumed value of 5 Ins.

The gap can therefore be 3 inches wide. and the expected abutment movement will
then be of the order of 1.8 Inches which is less than the 2.4 inch upper limit
recommended for damage control.

63.2 General

Generally. one of four options may be selected In the longitudinal design of an
abutment:

1. Provide a very large gap In order to isolate the superstructure
movements from the abutment. This implies the use of a seat
type abutment and, In the above example, would mean a gap in
excess of 12 inches.

2. Provide a gap for thermal considerations and some seismic
displacement but also expect abutment movement under seismic
conditions. Design the abutment so that this movement is less
than 0.2 feet.
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3. Permit the abutment backwall to fall before exceeding the 0.2 foot
limitation, thus protecting the abutment footing and pile unlt. To
be effective, the backwall (or a section of this wall) must be
specifically detailed as a sacrificial unit. so as to fail at a
predetermined level of load.

4, Permit the total abutment to move more than 0.2 feet.

Usually the fully free condition (1) Is more expensive because of the larger road
joint. However. with stiff piers, a small gap (which may also be necessary for
temperature) may be adequate for seismic condltlons.

Options (2 and (3) are about equal and the selection will depend on abutment size.
gap requirements, soil type and whether or not backwall failure or part thereof, can
be tolerated.

Optlon 4) will allow more movement and damage to occur at the abutment and wili
require an evaluation of stability of the total bridge. The use of Option (4) is quite
valid for lower seismic areas and for bridges wlth adequate stability to survive the
effects of large abutment movements.
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GLOSSARY

Abutment

The substructure supporting the end span of a bridge at the approach to that span.
Abutments may be of wail type or the spill-through type founded on piles or footings.
They may be monolithic with the superstructure or structurally separate. In the former
case, the backwall is also an end dlaphragm for the bridge superstructure and hence
the alternate name of end dlaphragm abutment. A third alternate name is integral
abutment. In the latter case, bearings to support the superstructure are necessary
and a road joint is also required. These abutments are called seat type abutments.
and sometimes free standing abutments. because the abutment can stand alone from
the superstructure.

Accelerogram
The record from an accelerograph showing acceleration as a function of time.

Accelerograph
A strong motion earthquake instrument which records acceleration.

Aftershock
An earthquake, usually one of a series which may occur soon after the occurrence
of a large earthquake tmaln shock). but with a magnitude smaller than the main event.

Ampilification

An increase. in earthquake motlon within a structure because of the characteristics
of the structure.

Amplitude

Maximum deviation of any time-varylng quantity from Its mean value during one half
cycle of vibratlon.

Aseismic Region
One that Is relatively free of earthquakes.

Attenuation
Reduction of earthquake Intensity due to energy dissipation over distance with time.

Base Isolation
A technique for reducing earthquake motions and forces in a structure by isolating

it from the ground at Its base using flexible mounts with or without mechanlical energy
dissipators.

Base Shear
Total shear force acting at the base of a structure.
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Bearings

Mechanical devices designed to permit relative movements between a structure and
its foundation (or between parts of the same structure) while at the same time
transmitting gravity loads. Used frequently in bridges and in ail base-isolated structures.

Bent
Two or more columns in the same plane and joined by a capping beam. Commonly
used for bridge substructures.

Bilinear
Representation by two straight lines of the stress versus strain properties of a material.
one straight line to the yield point and a second line to represent post-elastic behavior.

Braced Frame

A framework of columns and beams that is stiffened (or braced) by additional members.
usually diagonal ties.

Brittle Failure
Failure in a material without plastic deformation: such a failure occurs suddenly and
usually without warning.

Connection

The structural detail which joins separate members together and which transfers one
or more actions (forces and/or moments) from member to member.

Critical Damping

The minimum damping that will allow a displaced system to return to its initial position
without oscillation.

Damping
The reduction in amplitude of vibration by energy absorption.

Dlaphragm

A structural member which is intended to be rigid in its own plane and used to
distribute external loads among two or more resisting members. in a building, floor
slabs act as diaphragms for distributing seismic loads to columns and walls. In a bridge,
the deck slab and transverse girders will act as a diaphragm, distributing lateral seismic
loads to piers and/or abutments.

Ductlllty
Ability to withstand inelastic strain without fracturing due to plastic deformation.

Dynamic
Having to do with bodies in motion.

Effective Peak Acceleration
A normalizing factor for the construction of smoothed elastic acceleration response
spectra (ATC-3-06 ground motion parameter).

Elasticlty

The ability of a material to return immediately to its original form or condition after
a displacing force is removed.
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Elastomeric Bearing

A bearing constructed from a reinforced elastomer so that it is flexible (soft in one
plane and almost rigid normal to this plane. Rubber pads reinforced with thin steel
plates are commonly used for bridge bearings.

Energy Dissipation (Absorption)

The loss of energy (usually as heat) during the inelastic deformations of structural
materials. Energy dissipated in this way effectively dampens vibratory *notions.
Tolerates high plastic defor'rations without fracture (i.e., are ductile).

Epicenter

The point on the earth’s surface vertically above the focus or hypocenter of an
earthquake.

Failure Mode

The manner in which a structure fails (e.g.. column buckling. shear fallure. overturning
of structure).

Fault

Planar or gently curved fracture In the earth’s crust across which relative displacement
has occurred.

Fault Zones

A fault zone consists of numerous interlacing small faults and may be many thousands
of feet wide.

Felt Area
Total extent of area where the same earthquake is felt.

Flexible System
A system that will sustaln relatively large displacements without failure.

Focal Depth
Depth of the earthquake focus (or hypocenter) below the ground surface.

Focus

Focus of an earthquake is the point at which rupture occurs; synonymous wilth
hypocenter. (It marks the origin of the elastic waves of an earthquake.)

Frequency

The number of events which occur in a unit of time, usually measured In cycles per
second.

Fundamental Period
The longest period (duration In time of one full cycle of oscillatory motion) of vlbration

of a structure which has several posslble modes of vibration. each with a different
period.

Ground Failure
Collapse of the ground due to landsliding. mud flows. liquefaction or similar catastrophe.
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Free-Standing Abutment
An abutment which Is structurally separate from the superstructure.

Ground Movement

A general term; includes all aspects of motion tacceleratlon. particle velocity,
displacement).

Ground Acceleration
Acceleration of the ground due to earthquake forces.

Ground Velocity
Velocity of the ground durlng an earthquake.

Ground Displacement
The distance which the ground moves from its original position during an earthquake.

Hold-Down Devices

Mechanical devices for restralning simply supported bridge spans from falling off pier
and abutment seats durlng an earthquake.

Hypocenter
The point below the epicenter at which an earthquake actually begins; the focus.

Importance Classlficatlon

An assessment of the importance of structure which is then used to determine the
approprlate level of seismic deslgn loads. For bridges. two classifications are used:
essential and nonessential.

inelastic Behavior
Behavlor of an element beyond Its elastic limit.

intensity

A subjective measure of the force of an earthquake at a particular place as determined
by Its effects on persons. structures and earth materials. Intensity Is a measure of
effects as contrasted with magnltude which is a measure of energy. The principal
intensity scale used In the Unlted States today is the Modified Mercalli. 1956 version.

Irregular Bridge
A bridge that does not satisfy the definltlon of a regular bridge (See Regular
Bridge.

Lateral Force Coefficients
Factors applied to the weight of a structure or Its parts to determine lateral force
for aseismic structural design.

Linkage

A mechanical device (usually a bolt) which may be used to tie several parts of a
bridge superstructure together or to an abutment wall for the same purpose as a hold~
down device.
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Liquefaction
Transformation of a granular material (s0il) from a solid state Into a liquefled state
as a consequence of Increased pore-water pressure Induced by vibrations.

Lumped Mass
An assumptlon made to simplify dynamic analysis In which actual dlstrlbutlons of mass
are lumped together at specific locatlons based on tributary volumes of material.

Macrozones

Large zones of earthquake activity such as zones designated by the ATC-6 Acceleration
Coefficient map.

Magnification Factor
An Increase In the Induced lateral forces in a structure due to frequency matching
between the ground and structure.

Magnitude
A measure of earthquake size which describes the amount of energy released. See
Richter Magnitude Scale.

The main bulk of the earth between the crust and core, varying in depth from 40
to 3,480 kllometers.

Mean Return Period

The average time between occurrences of an earthquake of a given size at a particular
location.

Modal Analysis

Determination of design earthquake forces based upon the theoretical response of a
structure In Its several modes of vibration.

Modified Mercaiii Scale
See intensity.

Mode Shape

The characteristic shape of a vlbrating structure. Complex structures can vibrate in
more than one mode shape. depending on the exciting frequency, and respond to
earthquakes in a combination of mode shapes.

Moment Frame

One which is capable of resisting bending moments at the joints, enabling it to resist
lateral forces or unsymmetrical vertical loads through overall bending action rather
than bracing. Gee Braced Frame).

Monolithic Abutment
An abutment which is integral with the superstructure and may not have a road joint.

Multimode

More than one mode of vibratlon. Vibratlon In a complex structure (e.g.. a long bridge)
usually consists of a combination of several modes and Is sald to be multimodal.
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Natural Frequency

The frequency of free vibration of a structure if damping effects are neglected.
Sometimes expressed in radians/sec.

Nonstructural Components

Those components which are not intended for the structural support of a bridge: e.g..
handrail.

Normalization
A method of standardizing vibration characteristics.

Out of Phase

A vibration state where a structure in motion is not moving in the same direction as
the ground or where different parts of the same structure are not moving together.
Long brtdges exhibit this behavior when different pler footings and abutments are
moving in opposing directlons.

Period

The time for an oscillatory event to occur and usually measured in seconds; the inverse
of frequency. It Is the amount of time taken for an oscillating system to complete one
cycle of motion. It Is analagous to the time which elapses between successive high
points of the swing of a pendulum.

Pier
Any support to a brldge superstructure which is located between the two abutments.

Pile

A column which is elther driven or cast In the ground to support the welght of a
structure.

Pile Cap
A beam or slab which joins two or more piles together at the ground surface. It
is also used as the foundation beam from which the pler or abutment Is erected.

Plate Tectonics

The theory and study of plate formation, movement, interaction, and destruction; the
theory which explains seismiclty. volcanism, mountain buillding and paleomagnetjc evidence
In terms of plate motions.

Plastic Hinge
A hinge in a beam or column which Is formed when the materlal at that point reaches
Its fully yielded state and rotation occurs without a signiticant increase In load.

Formation of a sufficient number of plastic hinges In a structure can lead to a collapse
mechanism.

Regular Bridge
A bridge that has no abrupt or unusual changes in mass, stiffness or geometry along

its span and has no large differences In these parameters between adjacent supports
(abutments excluded).
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Resonance
A state of maximum amplitude of vibration caused by the exact matching of the excitation
frequency with the natural frequency of the structure itself.

Response
Behavior of a structure excited by earthquake ground motion and measured by structure
displacement or member action.

Response Modification Factors
These factors are used to modify the component forces calculated from an elastic
analysis of a structure to determine design forces. These factors are based on the
assumptlon that columns will yleld when subjected to forces induced by actual seismic
loads and that connections and foundations must be designed to resist these same
loads with little or no damage.

Response Spectrum
See Spectra.

Retaining Wall

A wail to support the ground from slipping. frequently used at an abutment to retain
the approach fill.

Richter Magnitude Scale

A measure of earthquake size which describes the amount of energy released. The
measure is determined by taking the common logarithm (base 10} of the largest ground
motion observed during the arrival of a P-wave or seismic surface wave and applying
a standard correction for distance to the epicenter.

Rigidity
Relative stiffness of a structure or element. in numerical terms. equal to the force
required to cause a unlt displacement.

Seismic
Pertaining to earthquake activities.

Seismicity
The world-wide or local distribution of earthquakes in space and time; a general term
for the number of earthquakes in a unit of time, or for relative earthquake activity.

Seismic Performance Category

A classification system which reflects the importance of a bridge and the variation
in seismic risk throughout the country. The ATC-6 "Seismic Design Quideiines for
Mighway Bridges" defines four categories to permit variations in the methods of analysis.
minimum support lengths, column design details, and foundation and abutment design
requirements in accordance with the seismic risk associated with a particular bridge
location.

Shear Distribution

Distributlon of lateral forces along the height or wildth of a building or between the
plers and abutments in a bridge.

285



Shear Strength
The stress at which a material fails In shear.

Shear Wall
A wail designed to resist lateral forces parallel to the wail. A shear wall is normally
vertical. although not necessarily so.

Shear Key

A structural component intended to transfer shear force from one structural member
to another.

Simple Harmonic Motlon
Oscillatory motion of an object at a single frequency. Essentlaiiy a vlbratory
displacement such as that described by a weight which is attached to one end of

a spring and allowed to vibrate freely. This displacement may be described by a
sinusoidal function of time.

Single-Mode
Vibration of a structure Is completely described by one mode of vibration rather than
a combination of modes as In complex structures. See Multimode.

Site Effects

The effect of site soil conditions on the behavior of a bridge or building during an
earthquake.

Soil-Structure Interaction
See Site Effects.

Spectra

A plot indicating maximum earthquake response with respect to natural period or
frequency of the structure or element. Spectra can show acceleration. velocity.
dtspiacement. shear or other measure of response.

Stabllity
Resistance to displacement or overturning.

Stiffness
Rlgidity, or the reciprocal of fiexibility.

Straln Release
Movement along a fault plane: can be gradual or abrupt.

Substructure (of a Bridge)
Those structural units which support the superstructure and therefore may include the
pler cap, pier, pile cap, footing. piles. abutment and wingwaii structures.

Superstructure (of a Bridge)
That part of a bridge which supports the live load and transfers this load to the
substructures. it may comprise beams, slabs. box girders. and/or trusses.

Support Length
The length available at a pier or abutment to support the superstructure.
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Time Dependent Response Analysis

Study of the behavior of a structure to determine a complete record or time history
of response to input excltatlon.

Torsion
Twisting around an axis.

Vibration
A periodic motlon which repeats Itself after a definite interval of time.

Yield

The onset of plastic deformatlon In a member once the elastic limit has been exceeded.
Accompanied by nonrecoverable deformatlons.
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