April 2007
s Publication No. FHWA-NHI-08-048

PROVIDER

Structures Engineering Series No. 1

130081, 130081A-130081D

Load and Resistance Factor
Design (LRFD) for Highway
Bridge Superstructures

Design Manual-US Units

I US.Department of Transportation “
Al m Federal Highway Administration

NATIONAL HIGHWAY INSTITUTE







Technical Report Documentation Page

1. Report No. 2. Government Accession No. 3. Recipient’s Catalog No.
FHWA NHI 08-048 FHWA NHI 08-048

4. Title and Subtitle 5. Report Date
Load and Resistance Factor Design (LRFD) For Highway Bridge April 2007
Superstructures - Design Manual 6.  Performing Organization Code

FHWA/OPCD/NHI

7. Author (s) 8.  Performing Organization Report No.

Michael A. Grubb, P.E., John A. Corven, P.E., Kenneth E. Wilson, P.E. S.E., MN105179

Justin W. Bouscher, P.E., Laura E. Volle, E.I.T.

9. Performing Organization Name and Address 10.  Work Unit No. (TRAIS)
Michael Baker Jr., Inc.
Airside Business Park, 100 Airside Drive 11.  Contract or Grant No.
Moon Township, PA 15108 DTFH61-02-D-63001

12.  Sponsoring Agency Name and Address 13.  Type of Report and Period Covered
Federal Highway Administration Final Submission
National Highway Institute (HNHI-10) December 2004 — April 2007
4600 N. Fairfax Drive, Suite 800 14.  Sponsoring Agency Code
Arlington, Virginia 22203 FHWA

15.  Supplementary Notes
Baker Principle Investigator: Raymond A. Hartle, P.E. FHWA expresses thanks to the
Baker Project Manager: Scott D. Vannoy, P.E. AASHTO Oversight Committee for
FHWA Contracting Officer’s Technical Representative: Louisa M. Ward co-funding this effort.

FHWA Contracting Officer's Task Manager: Firas I. Sheikh Ibrahim, Ph.D., P.E.
Review Team Members: Thomas K. Saad, P.E. and Jeff Smith

16.  Abstract

This document presents the theory, methodology, and application for the design and construction of both steel and
concrete highway bridge superstructures. The manual is based on the AASHTO LRFD Bridge Design Specifications
Fourth Edition, 2007. Design examples and commentary throughout the manual are intended to serve as a guide to aid
bridge structural design engineers with the implementation of the AASHTO LRFD Bridge Design Specifications, and is
presented in both US Customary Units and Standard International Units.

This manual is comprised of four volumes. Volume 1covers general steel and concrete superstructure design
considerations including the history of bridge design, loads and load combinations, deck design, and bearing design.
Volume 2 covers simple and continuous composite steel bridge superstructure design and construction with a focus on
straight/skewed/curved girders, connections/splices, and bracing member design. Volume 3 covers the design and
construction of simple and continuous composite concrete bridge superstructures concentrating on precast pretensioned
girders, girder continuity by means of reinforced concrete joints and post-tenioning, and cast-in-place post-tensioned
superstructures. VVolume 4 provides detailed superstructure design examples which support the text in Volumes 1
through 3. The four design examples covered in Volume 4 include: a straight steel girder superstructure with no skew, a
straight steel girder superstructure with a skew, a steel tub girder superstructure, and a concrete I-girder superstructure.
AASHTO references are provided throughout each volume.

Key reference documents used in the development of this manual are given immediately following each section in each
chapter (as applicable).

17. Key Words 18.  Distribution Statement

Bridge Design, Load and Resistance Factor

Design, LRFD, Superstructure, Deck, Bearing, 1-Girder,
Fatigue, Splices, Bracing, Precast, Prestressed Concrete,
Pretensioned, Post-tensioned

This report is available to the public from the NHI
Bookstore at
http://www.nhi.fhwa.dot.gov/training/nhistore.aspx

19.  Security Classif. (of this report) 20.  Security Classif. (of this page) 21.  No.of Pages | 22.  Price
Unclassified Unclassified 1982
Form DOT F 1700.7 (8-72) Reproduction of completed page authorized




ACKNOWLEDGEMENTS

We would like to express appreciation to the following individuals who served on the Technical Review Committee:

John M. Kulicki, Ph.D., P.E.
President/CEO and Chief Bridge Engineer
Modjeski and Masters

Tom Macioce, P.E.
Chief Bridge Engineer
PA Dept. of Transportation

Edward Wasserman
State Bridge Engineer
Tennessee Department of Transportation

Robert Cisneros
High Steel Structures Inc.

We would also like to acknowledge the contributions of the following staff members at Michael Baker Jr., Inc.:

Sean J. Hart, P.E.
Jeffrey J. Campbell, P.E.
Leslie J. Danovich
Sandy Fitzgerald
Maureen Kanfoush
Ronald J. Ladyka, P.E.
Linda Montagna

Eric L. Martz, P.E.
Brett Schock

Rachel A. Sharp, P.E.
William R. Sobieray
Laura E. Volle

Roy R. Weil

Roberta L. Wilson

In addition, we would like to thank the following individuals who provided technical support throughout the
development:

Dann H. Hall

Reid W. Castrodale, Ph.D., P.E.
Alan Moreton

Shrinivas B. Bhide, S.E.,P.E., Ph.D.
Michelle Roddenberry

Alan Shoemaker

William F. McEleney

Heather Gilmer



LRFD for Highway Bridge Superstructures

Design Manual

Table of Contents

Legend:
Normal Text - To Be Completed

Bold Text — Completed To Date

Italicized Text — Future Development

Volume | - General Design Considerations

Chapter 1 - History of Bridges in America

11
1.2
1.3
1.4
15
1.6

INTFOAUCTION coeiiiiiiiiiiiiiieieeeeeeeeeeeee e
Early HiStOrY.....ooii i
Railroad Demands ............ueiiiieiiiiiiiiiiiie e
Highways (National System)..........ccccvvviiieiieeeeceeiiieee
Y TS I = 1 ]|

Design Philosophies and Codes .......ccccooeeeviiiiiieeeinnnnnnn.

Chapter 2 - Preliminary Design Considerations

2.1
2.2
2.3
2.4
2.5
2.6

INTrOAUCTION L.ueiiie e
General Design and Location Constraints...................
Construction and Constructibility ISSUES ........ccccevveeeeeinnnns
Steel Bridge SUPerstruCtures .........oeeevvveevvviiiieeeeeeeeeennns
Prestressed Concrete Bridge Superstructures............
COSt COMPAIISONS covviiiiiieeeeeeeeeeeiieee e e e e

Chapter 3 - Life Cycle Cost Considerations

3.1
3.2

GRNETAL oo

Steel-Bridge SUPerstruCtUreS.......ccoovveeevvvevviviiiii e eeeeeeeenns

NHI Course No. 130081, 130081A-130081D

Table of Contents



LRFD for Highway Bridge Superstructures NHI Course No. 130081, 130081A-130081D
Design Manual Table of Contents

3.3 Concrete-Bridge SUPErStrUCIUIES. .........uviiiieeeeieeeeiie e 3.X

Chapter 4 - Limit States

o R [ 0 o T 1U o3 1 o o ISR 4.1
4.2 Limit StateS iN LRED .....cuuiiiiiiiie e 4.2
4.3 Service LIMIt STAteS ....ccuuuiiiiiee et 4.4
4.4 Fatigue and Fracture Limit States ........ccceevvvvveviiiiiiiee e 4.8
4.5 Strength Limit StateS .......coiiii i i 4.14
4.6 Extreme Event Limit State........oooviiiiiiiiiiiiiiiiei e 4.17

Chapter 5 - Loads and Load Combinations

5.1 INTrOQUCTION ..uuiiiiiiiiii e 51
5.2 Load Factors and Combinations .........cccoooiiiiiiiiiiiiiiiiin 5.2
LSRG T B =T o [ o X- o £SO 5.3
5.4 CoONSIruCtion LOAAS ...ccovveeiiiiiiiiee et 5.7
5.5 LIVE LOAAS ..uuiiiiii e 5.11
5.6 WING LOAUS. . .uuuuiiiiiiiiiii e 5.29
5.7 Thermal LOAAS ...cooi it 5.34
5.8 Creep and SNINKAGE ........uuuuuuuuiiiiiiiiiiiiiiiiiiiiiiiiiiii e 5.38
5.9 Accumulated Locked-in Force Effects.......cccooviiiiiiiiiiiiiiiiiiis 5.41

Chapter 6 - Structural Analysis

6.1 Methods of Structural ANalySiS..........ccovvviiiiiiiie e, 6.X
6.2 Influence Lines and SUMaCES...........uuuuuuiiiiiiiiiiiiiiiiiiiieiiieiieeeeeeeeeeeeeeeee 6.X
6.3 Girder StiffneSS ASSUMPLIONS .....iiiiiiiiiiiiiiiie et 6.X
6.4 Effective Flange Width of DecK.............uuuuiiiiiiiiiiiiiiiiiiiiiiiiiiiiiiiiiiie 6.X
6.5 Live-Load Distribution FACLOrS ............uuuuuiiiiiiiiiiiiiiiiiiiiiiiiiiiiieninienennnnen 6.X
6.6 Effects of skewed bridges........ccooooeviiiiiiiiiiii e, 6.X
6.7 Refined Methods of ANAlYSIS.........coooiiiiiiiiiiii e, 6.X



LRFD for Highway Bridge Superstructures NHI Course No. 130081, 130081A-130081D

Design Manual Table of Contents

Chapter 7 - Deck Design

4% S [ a1 oo LU Yo {0 o N 7.1
7.2 General Design Considerations.............uuvvieiiieeeeeeveiiiiieee e eeeeeeinans 7.2
7.3 CONCIEtE DECKS ..ouuiiiei et 7.4
7.4 Design of Bridge RalliNg .......uuiiiiiiiiiiiiiiiie e 7.56
7.5 MeEtal DECKS ... 7.X
7.6 Other Decks (Timber, Aluminum, FRP, etC.) .......ccccccviieiiiiieeieeeeiin, 7.X
7.7 Deck Connections to the Superstructure ............ccccvvvvviiiiiieeeeeeeeeieinn, 7.X
7.8 DeECK DAIlING ....utuuiiiieeiiiieiiitiee et 7.X

Chapter 8 - Bearing Selection and Design

8.1 INTrOAUCTION ..uutiiiiiiii e 8.1
oI B TS Y o | o I O ] =T = 8.2
8.3 TYPES Of BEAINNGS ..o 8.6
8.4 Bearing ANCROTAge.........uuuuiiii s 8.32

Chapter 9 - Joint Selection and Design

9.1 DesSigN reqUITEMENTS .....cceieiiiiiiiieee e e eeee et e e e e e e e e eere e e e e e e e e eaaeannnas 9.x
9.2 TYPES Of JOINTS ..uuuiiii i e e 9.x
9.3 JOINtIESS BIAQGES ... 9.x



LRFD for Highway Bridge Superstructures NHI Course No. 130081, 130081A-130081D

Design Manual Table of Contents

Volume |l - Steel Bridge Superstructure Design

Chapter 1 - Construction of Steel Bridges

1.1 Bridge SEEEIS ...cooiiiiiiiiiiiiii 1.x
1.2 Fabrication (I-girders, tubs and trusses only) ........ccccccvviiiiiiiiieeenennee, 1.x
IORC T =1 = Tox 1 o] o PP 1.x
1.4 DeCK CONSLIUCLION ....uvtiiiiieeeeiiiiiiiiiie e e ettt e e e e eetabia e e e e e e e eeeenes 1.x
1.5 Staged CONSIIUCLION ......ccooiiiiiiiiiiiiieee 1.x

Chapter 2 - Steel Bridge Design

P20 R 1 1 o o LU o3 4 o Y o I 2.1
2.2 Girder/Beam/Stringer DEeSIgN .....ccovvviiiuiiiiiiie e 2.2
2.3 Connection and Splice DeSIgN ......cocvvviiiiiiiii e, 2.442
2.4 Bracing Member DeSigN .......ooo i 2.647
2.5 TTUSS DBSIGN ... 2.X
2.6 Cable-Stayed DeSIgN ....ccceuveeiiiiee et e e 2.X
2.7 AICRH DESIGN ..ot 2.X
2.8 Curved Steel GIrders ......ooouuiiiiiiiiie e 2.X



LRFD for Highway Bridge Superstructures NHI Course No. 130081, 130081A-130081D

Design Manual Table of Contents

Volume Ill - Concrete Bridge Superstructure Design

Chapter 1 - Construction of Concrete Bridges

00 A [ 4 o Yo [0 Yo o o R 1.1
1.2 Materials and COMPONENTS .....covvviiiieiiieeeeeeeecr e 1.10
1.3 Girder PreCastiNg ...t e e 1.14
1.4 Construction of Adjacent Precast Girder Superstructures.................... 1.x

1.5 Construction of Precast Girder Superstructures with CIP
(O70] g Loa g1 (= =T o € 1.25

1.6 Precast Girders Made Continuous by Reinforced Concrete

1.7 Construction of Precast Girder Superstructures made

Continuous with PoSt-TenSIiONING .....ccccevvviiiiiiiiiee e 1.37
1.8 Construction of Cast-in-Place Post-Tensioned Superstructures .. 1.47
1.9 Construction of Concrete Segmental Bridges ...........ccoovvvvviiiiiinnnnennne. 1.x
1.10 Construction of Concrete Cable-Stayed Bridges.............ccccceeiininnnn. 1.x

Chapter 2 - Concrete Bridge Design

P20 R 1 1 o o LU o3 4 o Y o I 2.1
2.2 MALEITAIS ..ttt 2.10
2.3 Design of Adjacent Precast, Pretensioned Girder Superstructures with
Integral Decks (Precast Planks, Double Tees and Box Beams) .................. 2.X
2.4 Design of Precast, Pretensioned Girders .......cccccceeeveeeeeeevveeeiiinnnnnnn. 2.24

2.5 Design of Precast Girders Made Continuous with Reinforced Concrete

2.6 Design of Precast Girders made Continuous with

POST-TENSIONING .oeiiiiiiiiiiiiiiiiiieeeeeeeeeeeeeee e 2.124
2.7 Design of Cast-In-Place Post-Tensioned Superstructures............. 2.163
2.8 Design of Concrete Segmental BridgesS ........ccceevvvvvviiiiiiiiiee e, 2.X
2.9 Design of Concrete Cable-Stayed Bridges ..........oovvvvvviiiiiiieeiiieeiiiiiinnnn, 2.X



NHI Course No. 130081, 130081A-130081D
Table of Contents

LRFD for Highway Bridge Superstructures

Design Manual

Volume 1V - Superstructure Design Examples
Example 1: LRFD Design Example for a Steel Girder Superstructure Bridge

(FHWA - straight w/o skew)
Example 2: LRFD Design Example for a Steel Girder Superstructure Bridge

(NSBA - straight w skew)
Example 3: LRFD Design Example for a Steel Tub Girder Superstructure

Bridge (new)
Example 4: LRFD Design Example for a Concrete I-Girder Superstructure

Bridge (FHWA)

Vi



Volume 1

General Design
Considerations

Chapter 1
History of Bridges in
America

American Ass
Highway and Trans,

1.1 Introduction

AASHTO LRFD Bridge Bridges have helped shape our
Design Specifications nation. Bridge design and
Customary U.S. Units construction methods have
Third Edition « 2004 advanced significantly in America
and have helped advance our

people as well.

This chapter describes the history
of bridges in America, tracing its
early history, the demand for
railroad bridges, the National
Highway System, and mass transit.
This chapter also describes the
primary design philosophies and
codes, including Allowable Stress
Design (ASD), Load Factor Design
(LFD), and Load and Resistance
Factor Design (LRFD). A design
example is also included for each
of these three design philosophies.

ISBN: 1-56051-250-4 « Publication Code; LRFDUS-3
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1.6 Design Philosophies and Codes

Simply stated, safety in any engineering design is assumed when the demands
placed on components and materials are less than what is supplied, so that:

Demand < Supply

Another way of stating this same principle with respect to structural engineering is
that the effect of the loads must be less than the resistance of the materials, so that:

Load < Resistance

When a particular loading or combination of loadings reaches the component or
material capacity, safety margins approach zero and the potential for failure exists.
The goal of the basic design equation is to limit the potential for failure to the lowest
probability practical for a given situation.

When applying this principle to design, it is essential that both sides of the inequality
be evaluated for the same conditions. For example, if the effect of applied loads
produces tension in a concrete member, the load should be compared to the tensile
resistance of the concrete and not some other aspect of the material such as the
compressive resistance.

For bridge design, the left side of the inequality representing the loads is constantly
changing due to live loads and other environmental loads. Under some
circumstances, due to deterioration of the structure over time, the right side of the
inequality representing the resistance also changes. These uncertainties throughout
the life of the structure are almost impossible to predict but must be accounted for.

The way the uncertainties are considered is what separates different design
philosophies. Presently, three design philosophies (or codes) for bridge design are
in general use in the United States. In order of age, they are allowable (or working)
stress design (ASD), load factor design (LFD), and load and resistance factor design
(LRFD).

For ASD, a single factor of safety on the resistance side of the inequality accounts
for the uncertainty. The use of LFD, on the other hand, applies load factors to each
type of load depending on the combination and the material resistance is also
modified by reduction factors. Hence, LFD accounts for uncertainty on both sides of
the inequality.

LRFD is similar to LFD in the fact that the uncertainty is accounted for on both sides
of the inequality. However, the major advantage LRFD has over LFD is that LRFD is
probability-based. LRFD was developed based on a specific reliability index that
targets a specific probability of failure. Each design philosophy is discussed in more
detail in the following sections.

13
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1.6.1 Allowable Stress Design (ASD)

Allowable stress design (ASD), also known as working stress design (or WSD), is
the oldest design code in use for bridges in the United States today. Of the three
philosophies, ASD is the most simplistic.

The ASD method of design utilizes unfactored loads (taken at unity), which are
combined to produce a maximum effect in a member. The maximum load or
combination of loads cannot exceed the allowable (or working) stress of the material.
The allowable or working stress is found by taking the strength of the material and
applying an appropriate factor of safety that is greater than unity.

The basic equation for allowable stress design is:
2DL+2LL=R,/FS Equation 1.1

where:
DL = dead loads applied to the element under consideration

LL = live loads applied to the element under consideration
Ry, = ultimate resistance or strength of the element under consideration
FS = factor of safety, > 1.0

Note that loads other than dead and live load have been excluded from the above
equation for simplicity.

A graphical representation of the ASD philosophy is shown in Figure 1.1. As can be
seen in the figure, the assumption of ASD is that loads and resistances both have a
probability of occurrence of 1.0. The load types include dead loads, live loads, and
environmental loads, all of which in reality have different occurrence probabilities
and different effects.

Therefore, it is evident that the factor of safety applied to the resistance side of the

inequality dictates the width of the safety margin in the graphical representation and
is the only aspect of ASD that accounts for uncertainty.

14
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Safety margin, (R/FS) - P

Probability of occurance

Magnitude of loads (P) and
resistances (R)

Figure 1.1 Allowable Stress Design
(adapted from NHI Course No. 132068, Pub. FHWA HI-98-032, May 2001, page 2-2)
The advantages of ASD are:

» ASD has an inherent simplicity. Because it does not involve the use of load
or resistance factors, the computations are relatively simple.

The limitations of ASD are:

> In ASD, no consideration is given to the fact that various types of loads have
different levels of uncertainty. For example, the dead load of a bridge can be
estimated with a high degree of accuracy. However, earthquake loads acting
on bridges cannot be estimated with the same degree of accuracy and
confidence. Nevertheless, dead loads, live loads and environmental loads
are all treated equally in ASD.

» Because the factor of safety applied to the resistance side of the inequality is
based on experience and judgment, consistent measures of risk cannot be
determined for ASD.

1.6.1.1 Allowable Stress Design Example
For this example, assume a dead load of 50 kips, a live load of 25 kips and an
ultimate structural resistance of 150 kips. Use a factor of safety of 1.5 for this
example.

>DL + XLL =50 + 25 = 75 kips

R,/ FS =150/1.5 =100 kips

Since 75 < 100, the fundamental equation is satisfied and the design is acceptable
for the given loadings at a factor of safety of 1.5.

15
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1.6.2 Load Factor Design (LFD)

Load factor design (LFD) was introduced several decades ago in an effort to refine
the ASD philosophy. LFD utilizes loads multiplied by load factors and load
combination coefficients, which are generally greater than unity. The factored loads
are combined to produce a maximum effect in a member. Load factors vary by type
of load and reflect the uncertainty in estimating magnitudes of different load types.
The combination of the factored loads cannot exceed the strength of the material
multiplied by a reduction factor less than unity.

In LFD, uncertainty is also accounted for in the resistance side of the inequality. The
resistance side is multiplied by a reduction factor, phi (¢), which is generally less
than unity in order to account for variability of material properties, structural
dimensions, and workmanship.

The following relationship represents LFD design. Note that loads other than dead
and live load have been excluded from the equation for simplicity.

Y(ZPB, DL+ ZB, LL) = R, Equation 1.2

where:

DL = dead loads applied to the element under consideration

LL = live loads applied to the element under consideration

Ry, = ultimate resistance or strength of the element under consideration

Y load factor applied to all loads

BoL = load combination coefficient for dead loads
BL = load combination coefficient for live loads
¢ = reduction factor

The advantages of LFD are:

» In LFD, a load factor is applied to each load combination to account for the
relative likelihood that a specific combination of loads would occur
simultaneously.

> In LFD, consideration is given to the fact that various types of loads have
different levels of uncertainty. For example, the dead load of a bridge can be
estimated with a higher degree of accuracy than the live loads. Therefore, the
load combination coefficient for live load is greater than that for dead load.

The limitations of LFD are:
» LFD is not as simple to use as ASD.

» LFD does not achieve relatively uniform levels of safety.

1.6
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1.6.2.1 Load Factor Design Example

Using the same loads and ultimate structural resistance from the ASD example in
1.6.1.1, the design inequality for LFD Strength Load Combination | is listed below.
Note that a reduction factor of 0.9 has been assumed.

y = 1.3
ﬁDL = 1.0
BLL = 1.67
¢ =09

v (X BoL DL + = B LL) = 1.3 (1.0 * 50 + 1.67 * 25) = 119.3 kips
¢ Ry = 0.9 * 150 = 135 kips

Since 119.3 < 135, the fundamental equation is satisfied and the design is
acceptable for this particular strength combination.

1.6.3 Load and Resistance Factor Design (LRFD)

The LRFD design method is the latest advancement in transportation structures
design practice. In the year 2000, AASHTO (in concurrence with FHWA) set a
transition date of October 1, 2007, after which all new bridges on which states initiate
preliminary engineering, shall be designed by the AASHTO LRFD Bridge Design
Specifications (AASHTO LRFD).

The LRFD design methodology is similar to LFD design. On the load side of the
inequality, LRFD utilizes load factors but not load combination coefficients. In
addition to load factors, LRFD uses a load modifier, eta (n), which is applied to all
loads equally. The combination of the factored loads, termed “limit states” in LRFD,
cannot exceed the strength of the material multiplied by a resistance factor less than
unity. Several limit states are included for service, strength, and extreme event
considerations. The different limit states will be discussed in future topics throughout
this course.

The resistance side of the LRFD inequality is similar to that of LFD, although
resistance factors differ from LFD. The following relationship represents LRFD
design. Note that loads other than dead and live load have been excluded from the
equation for simplicity.

(X v DL+ 2y, LL) = ¢R, Equation 1.3

where:
DL = dead loads applied to the element under consideration
LL live loads applied to the element under consideration
Rn nominal resistance or strength of the element under consideration

1.7
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n = load modifier applied to all loads
yo. = load factor for dead loads

v = load factor for live loads

¢ = resistance factor

A graphical representation of the LRFD process is shown in Figure 1.2. As can be
seen in the figure, the factored safety margin is small, but when the theoretical actual
loads and nominal resistances are observed, the actual safety margin is actually
much wider. LRFD also takes into account the different probabilities of occurrence
for loads and resistances.

A
Factored safety margin, )R —yP

A
\

Probability of occurance

Magnitude of loads (P) and
resistances (R)

Figure 1.2 Load and Resistance Factor Design
(adapted from NHI Course No. 132068, Pub. FHWA HI-98-032, May 2001, page 2-3)

The differences in how load factors are applied in LFD and in LRFD are significant,
but perhaps the greatest difference between LFD and LRFD is that reliability theory
was used in LRFD to derive the load and resistance factors. The load and
resistance factors were statistically “calibrated” in an effort to obtain a more uniform
level of safety for different limit states and types of material.

These calibrations are based on a reliability index, B, which for the 1994 LRFD code
was set at a target of B = 3.5. The reliability indices of previous AASHTO LRFD
specifications ranged from as low as 2.0 to as high as 4.5. A target reliability of 3.5
was considered appropriate, as it was slightly higher than an average of previous
specifications and design philosophies. Based on these calibrations and reliability
indices, a higher load factor or lesser resistance factor is applied to loads and
materials whose behavior is less-well known and cannot be as accurately predicted.
In this manner, greater knowledge of some resistances and loadings can be
accounted for, allowing more efficient designs while still applying appropriate levels
of safety to those resistances and loads which are more ambiguous. As research is
conducted and the knowledge base increases, load and resistance factors can be
altered to account for the greater certainty, or in some cases, greater uncertainty of
loads or resistances.

1.8
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The advantages of LRFD are:
» LRFD accounts for variability in both resistance and loads.

» LRFD achieves relatively uniform levels of safety for different limit states and
material types.

» LRFD provides more consistent levels of safety in the superstructure and
substructure as both are designed using the same loads for predicted or
target probabilities of failure.

The limitations of LRFD are:

» The most rigorous method for developing and adjusting resistance factors to
meet individual situations requires availability of statistical data and
probabilistic design algorithms.

» Implementation requires a change in design procedures for engineers
accustomed to ASD or LFD.

As noted above, the LRFD specifications introduce a new term in the design
equation which is a load modifier. AASHTO LRFD Article 1.3.2.1 defines the eta
term, n, as a combination of factors due to the effects of ductility, redundancy and
importance. At the time of this writing, the three factors, termed np, nr and n,, are all
in development. The final combination of n factors depends on the desired loading
condition.

For maximum values of v;:

N =NpNg"N, 20.95
AASHTO LRFD Equation 1.3.2.1-2

For minimum values of v;:

n, =(Mynen)” <1.0
AASHTO LRFD Equation 1.3.2.1-3

The ductility factor, np, can be modified for the strength limit state to reflect a
bridge’s ductility characteristics. A higher factor of 1.05 is applied to bridges or
materials with lower ductility, and a factor of 0.95 is applied if a higher level of
ductility is provided as per AASHTO LRFD Articles 1.3.3, and C1.3.3. For non-
strength limit states, or for materials which are considered to comply with the
AASHTO LRFD Atrticles 1.3.3 and C1.3.3 for ductility, a factor of 1.0 is used.

The redundancy factor, ng, as the name implies, accounts for the redundant nature
of the bridge or element. The preference is to design bridges with a suitable level of
redundancy unless there is a specific reason not to do so. For strength limit states,
a value of 1.05 is used for elements with lower redundancy, and a value of 0.95 is

1.9
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used for elements with a higher level of redundancy, as defined in AASHTO LRFD
Article C1.3.4. For bridges with normal redundancy, and for all limit states other than
strength, a factor of 1.0 should be used.

The use of the importance factor, n,, is somewhat more subjective than the ductility
and redundancy factors. The importance of a bridge structure is the decision of the
owner, although AASHTO LRFD Article C1.3.5 does give some guidance. For
strength limit states, importance can range from 1.05 for important bridges to 0.95
for less important bridges. For typical bridges, and limit states other than strength, a
factor of 1.0 should be used.

In summary, bridge designers that are accustomed to using the LFD design code will
recognize many similarities when learning the LRFD design code. While load and
resistance factors differ for LRFD as compared to LFD, many procedures for
determining design loads and material strengths are the same.

1.6.3.1 Load and Resistance Factor Design Example

Using the same loads and ultimate resistance from the ASD example in 1.6.1.1, and
the following factors corresponding to a strength limit state, the design is as follows:

n = 1.05(np =1.00, ng = 1.00, n, = 1.05)

YoL = 1.25
Yo = 1.75
¢ =09

N (Zyp. DL+ =y, LL) = 1.05 (1.25 * 50 + 1.75 * 25) = 111.6 kips
¢ Ry = 0.9 * 150 = 135 kips

Since 111.6 < 135, the fundamental equation is satisfied and the design is
acceptable for this particular strength limit state.
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Chapter 2

Preliminary Design
Considerations

Volume 1

General Design
Considerations

2.1

2.1 Introduction

During the preliminary phase of a
bridge design, several critical
decisions must be made which set
the course for the final design
phase. These decisions directly
influence whether the bridge
design and construction will be
successful or burdened with
problems.

lll-conceived preliminary designs
cannot be made efficient during
final design, regardless of how
well  the individual bridge
components are designed. This
chapter describes some of those
preliminary design considerations,
highlighting the differences in
efficient design  requirements
using concrete and steel.
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2.2 General Design and Location Constraints

Some of the considerations and constraints that must be addressed during
preliminary design include the alignment of the roadway and bridge, significant
location features, vertical and horizontal clearance requirements, environmental
considerations, and bridge aesthetics.

2.2.1 Alignment and Location Features

The alignment and location of the bridge must satisfy both the on-bridge and under-
bridge requirements. The bridge must be designed for the alignment of the roadway
or railway it is supporting. This can result in a tangent bridge if the alignment is
straight or slightly curved, a curved bridge if the alignment has a significant curve, or
a flared bridge to allow for a varying roadway width. A curved bridge, supporting a
roadway with an alignment of significant horizontal curvature, is shown in Figure 2.1.

Figure 2.1 Bridge with Curved Alignment

The preliminary design must also consider the need for skewed substructure units.
A skew may be necessary if the feature that is being crossed (such as a roadway,
railway, or waterway) is not oriented perpendicular to the bridge.

When defining the alignment and location of a bridge, any possible future variations
in the alignment or width of the waterway, highway, or railway spanned by the bridge
must be considered. For example, if the roadway being crossed may be widened in
the future, then consideration should be given to locating the bridge’s substructure
units to facilitate the future roadway width. In addition, the bridge width should be
determined with consideration to future widening of the roadway supported by the
bridge.
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The route location for bridges must be established to facilitate a cost-effective
design, construction, operation, inspection, and maintenance. It must also provide
the desired level of traffic service and safety, and it must minimize adverse highway
impacts.

Bridges over waterways or in floodplains must be aligned and located based on the
following considerations:

» hydrologic and hydraulic characteristics of the waterway, including flood
history, channel stability, and any tidal ranges and cycles

effect of the proposed bridge on flood flow patterns

scour potential at the bridge foundations

potential for creating new flood hazards or worsening existing flood hazards
consistency with the standards and criteria of the National Flood Insurance
Program, where applicable

long-term aggradation or degradation

any environmental approval requirements

YV VVVYVY

2.2.2 Clearance Requirements

In addition to alignment and location constraints, bridges must also be designed to
satisfy all clearance requirements. The two basic types of clearance requirements
are vertical clearance and horizontal clearance.

Vertical clearance requirements are established to prevent collision damage to the
superstructure, such as that shown in Figure 2.2. Requirements for vertical
clearance are defined in AASHTO, A Policy on Geometric Design of Highways and
Streets. Vertical clearance is measured from the top of the roadway surface to the
bottom of the lowest girder. For prestressed concrete girder bridges, the girder
camber must be considered when computing the vertical clearance. For complex
structures, it may be necessary to investigate the vertical clearance at several
locations to ensure that the controlling value has been determined.

For many highway bridges, the required vertical clearance is 14’-6”. The specified
minimum clearance should include 6 inches for possible future overlays.

When evaluating whether or not to utilize wider girder spacings, a number of issues
should be considered. Girder depth limitations based on vertical clearance
requirements may limit how many girders can be removed from a cross section.
Maintaining the required vertical clearance by raising the bridge profile is generally
not economical.

Horizontal clearance requirements are established to prevent collision damage to the
substructure. Requirements for horizontal clearances are defined in Chapter 3 of the
AASHTO Roadside Design Guide. Horizontal clearance requirements can be used
to determine the type of abutment selected. For example, stub abutments are often
used when a wide opening is required under the superstructure, and they provide a
larger scope of view for the driver. Full-height abutments restrict the opening under
the superstructure, but they also allow shorter span lengths.
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Figure 2.2 Violation of Vertical Clearance Requirement

In addition, railway bridges have clearance requirements that are set forth in
American Railway Engineering and Maintenance-of-Way Association (AREMA),
Manual for Railway Engineering. Clearances for railroad bridges must also satisfy
local laws and any additional requirements of the railroad owner.

For bridges over navigable waterways, required navigational clearances, both
vertical and horizontal, must be established and satisfied in cooperation with the
U.S. Coast Guard. In addition, permits for construction must be obtained from the
Coast Guard, as well as from any other agencies having jurisdiction over the
waterway.

2.2.3 Environmental Considerations

During the preliminary stages of a bridge design, any environmental considerations
unique to the bridge site and bridge type must also be addressed. For example, the
impact of the bridge and its approaches on local communities, historic sites,
wetlands, and any other aesthetically or environmentally sensitive regions must be
considered.

The engineer must ensure that all laws and regulations are satisfied, including any
state water laws, provisions of the National Flood Insurance Program, and any
federal and state regulations concerning encroachment on floodplains, fish, and
wildlife habitats.

For bridges crossing waterways, the stream forces, consequences of riverbed scour,

removal of embankment stabilizing vegetation, and impacts to tidal dynamics must
also be considered.
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For bridges with concrete components, the design must provide protection of the
reinforcing steel and/or prestressing steel against corrosion during the life of the
structure. Such design considerations include concrete quality, protective coatings,
minimum reinforcing steel cover, and protection for prestressing tendons.
Aggregates from sources that are known to be excessively alkali-silica resistive
should not be used in bridge design.

In addition, consideration should be given to portions of the structure where:

air-entrainment of the concrete is required

epoxy-coated or galvanized reinforcement is required

special concrete additives are required

the concrete is expected to be exposed to salt water or to sulfate soils or
water

» special curing procedures are required

VVVYY

2.2.4 Aesthetics

Every bridge makes a visual impact within its unique setting, some favorable and
others unfavorable. Although beauty can sometimes be in the eyes of the beholder,
there are several qualities of beauty to which most people can attest. Just as people
can generally agree on what makes a painting or a symphony a work of beauty, so it
is with bridges. There are several guiding principles that generally lead to the design
of an aesthetically pleasing bridge.

Some of the most basic characteristics of aesthetically pleasing bridges include the
following:

> they are generally simple — that is, they have few individual elements, and its
elements are similar in function, size, and shape

they have relatively slender girders

the lines of the bridge are continuous, or they appear to be continuous

the shapes of the bridge’s members reflect the forces acting on them — that
is, they are largest where the forces are greatest and smallest where the
forces are least

YV V

Since bridge engineering is a profession that serves the general public, engineers
must take responsibility for the aesthetic impact of their bridges. Bridges generally
last for a very long time, many for several centuries. The bridge engineer’s
responsibility to the public is not limited to designing safe, serviceable, and
economical bridges. He or she is also obligated to design bridges that are pleasing
for people to look at on a daily basis for many decades to come. The ability to
design aesthetically pleasing bridges is a skill that can be developed by engineers by
following a series of aesthetic principles. It is the engineer’s responsibility to the
traveling public to learn and master these skills.

Some of the most important determinants of a bridge’s appearance are described
below (as adapted from Frederick Gottemoeller's Bridgescape: The Art of Designing

2.5



LRFD for Highway Bridge Superstructures Design Manual

Bridges, Second Edition, 2004, John Wiley & Sons, Inc.). These ten determinants
are listed in order of importance to the aesthetic quality of the bridge.

2.2.4.1 Vertical and horizontal geometry

This first and most important determinant involves the basic geometry of the bridge
relative to its surrounding topography and other nearby structures. While the bridge
engineer usually is not able to define the vertical or horizontal geometry of the
bridge, small adjustments in the bridge’'s alignment can lead to significant
improvements to its appearance. Some of these adjustments include the following:

» Locate the bridge along an alignment that looks like the short distance
between points.

» Provide a vertical and horizontal alignment that consists of long and
continuous curves and tangents rather than a series of short and dissimilar

segments.

» Whenever possible, provide curve lengths that are longer than the minimums
set by AASHTO.

» Curve lengths should be as long as possible, preferably longer than the
bridge itself

» Whenever possible, provide a crest vertical curve on overpasses.

» Adjust the horizontal alignment if needed to simplify column placement and

provide consistent pier types.
2.2.4.2 Superstructure type

The superstructure type is the second most important determinant of bridge
appearance. Superstructure type is generally a function of structural requirements
and economic considerations. It is often governed by the unique bridge site and the
corresponding span lengths. Some of the primary factors influencing the choice of
superstructure type are as follows:

» If the bridge is curved or tapered, then the girders must be well suited to the
required curve or taper.

» The span requirements and the required vertical clearances will affect the
superstructure type and proportions.

» The nature of the bridge site and its surrounding topography may limit the
choice of superstructure type (such as the unigue bridge site requirements for
arches, rigid frames, and cable-supported bridges).

» The superstructure type plays a major role in the establishment of a signature
bridge.

» Relative slenderness is desirable in the selection of the superstructure type.

» Maintain continuity of structural form, material, and depth, and maintain
continuity as much as possible between adjoining bridge types.

For girder bridges, several considerations can enhance the aesthetic quality of the
bridge. Curved girders should be used for roadways with a significant horizontal
curve. If the underside view of the bridge is especially important, box girders can
provide an attractive solution. Integrally frame cross frames emphasize the visual
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continuity of the superstructure and can minimize the pier size. If girders must be
added to accommodate a flared bridge width, the girders should be added in a
systematic and logical manner.

For arches and frames, the aesthetic quality of the bridge is enhanced by providing a
visual thrust for the arch, either by the surrounding topography or by visual thrust
blocks. For rigid frames, the legs should be approximately one-quarter to one-half of
the span length.

For trusses, the design should incorporate a graceful and simple shape, a minimum
number of members, a consistency of the angles, and small connection details.

Figure 2.3 Slenderness Improves the Aesthetic Quality of a Bridge
2.2.4.3 Pier placement

The next most important determinant of a bridge’s appearance is the pier placement.
The placement of the piers is affected by several factors, including the under-bridge
clearance requirements, hydraulic requirements, navigational channels, foundation
conditions, and span length requirements. In addition to satisfying each of these pier
placement criteria, there are also several aesthetic principles for pier placement:

For most bridges, there should be an odd number of spans.

Piers should not be placed in the deepest part of a valley or cut.

Whenever possible, piers should be placed on natural points of high ground.
Piers should be placed as symmetrically as possible relative to shorelines.
The span length should generally exceed the pier height.

The ratio of the pier height to the span length should be similar from span to
span.

VVVVVYYVY
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Figure 2.4 Providing an Odd Number of Spans Enhances Bridge Aesthetics
2.2.4.4 Abutment placement and height

The visual function of an abutment is to get the bridge started, to connect the bridge
with the earth. The placement, height, and appearance of the abutment can play a
significant role in improving or detracting from the beauty of a bridge. As a general
rule of thumb, the abutments should be placed to open up the view to the people
traveling under the bridge. The following are some general guidelines for abutment
placement and height:

» The abutment height should not be less than one-half of the girder depth.

» For three- or four-span bridges, use minimum height pedestal abutments.

» If both abutments are visible at the same time, provide the same height-to-
clearance ratio at both ends of the bridge.

» Use abutment wingwalls that are parallel to the roadway crossing the bridge
(U-wings).

For skewed bridges, it can be beneficial to place the abutment near the top of the
embankment and to place it at right angles to the roadway crossing the bridge. This
improves the aesthetics of the bridge, reduces the amount of required fill, and
simplifies analysis and construction. While it may increase span lengths, it also
reduces the required length and height of the abutments, which may provide a
compensating savings.
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Figure 2.5 Abutment Placement Providing an Open View
2.2.4.5 Superstructure shape, including parapet and railing details

After the superstructure type has been selected and the abutments and piers have
been located, there are additional choices that can be made to enhance the
superstructure shape and the parapet and railing details. As previously described, it
is desirable to design the superstructure such that it appears to be slender, light, and
continuous. In addition, the superstructure shape should accentuate the function of
the superstructure and the flow of forces through the superstructure to the
substructure. Slenderness, lightness, and continuity can be achieved using some of
the following techniques:

Maximize the girder spacing, and maximize the girder overhang.

The overhang should not be less than the girder depth.

Provide a structural depth that is either constant or that varies smoothly over
the length of the bridge.

Consider haunched girders where feasible.

Make haunches long enough to be in proportion to the span length.

Use pointed haunches at the piers to accentuate the flow of forces.

Provide a haunched girder depth that is approximately 1.3 to 2.0 times the
shallowest girder depth.

VVVY VVYY
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Figure 2.6 Haunched Girders Can Improve the Aesthetics of the Bridge

Railings and parapets also affect the aesthetic statement of a bridge. The height of
the parapets should be between one-quarter and one-half of the exposed girder
depth. In addition, it should also be no less than 1/80™ of the span length. Incisions,
recesses, and sloped planes can break up the face of the parapet horizontally,
enhancing the aesthetics of the superstructure.

2.2.4.6 Pier shape

Pier shape can play an important role in the visual impact of a bridge, especially for
girder bridges. There is no correct pier shape for all bridges, but it important that a
clear visual relationship is maintained for all substructure units.

For short piers, it is desirable to use piers which eliminate or minimize the pier cap.
The taper of V-shaped and A-shaped piers should be limited, and hammerhead piers
should have logical shapes. The pier width should be proportional to the
superstructure depth, the span lengths, and the visible pier heights.

For tall piers, no more than two columns should be used at each pier line, if possible.
The vertical members should be tapered or flared such that they are wider at the
based of the pier. In addition, the pier shaft and cap should be integrated as much
as possible, rather than giving the appearance of two distinct elements.
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For groups of piers, each pier should have the same basic shape, and the shapes
and curves of adjoining piers should be consistent.

Figure 2.7 Aesthetically-Pleasing Tall Piers

2.2.4.7 Abutment shape

The abutment shape can also play a significant role in the aesthetic quality of a
bridge, especially for bridges of four spans or less. The shapes and details of the
abutments should be selected to complement and enhance the shapes and details
of other bridge components.

To frame the opening and to create a sense of transition between the abutment and
the superstructure, the face of the abutment can be sloped inward. However, to
make the superstructure appear longer or to emphasize the separation between the
abutment and the girders, the face of the abutment can be sloped outward.

As a general rule of thumb, the beam seat width should be at least one-half the
girder depth. In addition, abutments should be designed such that the adjoining
retaining walls blend into the abutment without an abrupt change in appearance.

2.2.4.8 Colors
Although the shapes and patterns of the superstructure and substructure play the
most significant role in creating the visual statement of a bridge, the surfaces of

those shapes can also add to that visual statement. The two most prominent
gualities of the surface are its color and its textures and ornamentation.
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The application of a specific color to a bridge is not necessary for the creation of an
aesthetically-pleasing bridge. At the same time, however, the application of color
can not compensate for poor decisions elsewhere in the aesthetics of the bridge.

2.2.4.9 Surface textures and ornamentation

Similar to color, surface textures and ornamentation can also enhance the shapes
and patterns for the bridge, but they can not undo the visual impact of poor decisions
concerning those shapes and patterns.

Concrete provides many opportunities for surface textures through the use of form
liners and custom formwork. However, it is important to ensure that the pattern
contributes to the overall design features and patterns of the structure itself. In
addition, the pattern should be large enough to be recognizable to travelers on or
beneath the bridge.

2.2.4.10 Signing, lighting, and landscaping

Finally, signing, lighting, and landscaping also influence the aesthetics of the bridge.
Bridge-mounted signs should fit into the overall design of the bridge, and sign
bridges on structures should be kept as simple as possible.

Light should be avoided on short bridges, if possible. However, if they are
necessary on the bridge, they should be placed in some consistent relationship to
the geometry of the bridge, and their poles should be mounted on a widened area in
the parapet.

Landscaping can be used to emphasize continuity of the space through the bridge
and to soften the hard edges of the bridge. The colors and shapes of the
landscaping should complement those of the bridge itself.

After studying these ten determinants of the bridge’s appearance, it is important to
note that the most important determinants are those which affect the geometry and
appearance of the entire bridge, and the least important determinants are those
which affect smaller details of the bridge. It is also important to note that many of
these ten determinants can be fully implemented at no additional cost to the bridge
owner.
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2.3 Construction and Constructibility Issues

Future Development
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2.4 Steel Bridge Superstructures

2.4.1 Introduction

The sole purpose of a bridge is to transfer load from one side to the other side of an
expanse. Thus, its design should present minimal conflicts. Although bridge design
is not quite so simple, it does afford the designer significant latitude in developing the
design to best satisfy this purpose.

2.4.2 Bridge Layout
2.4.2.1 Span Optimization

Steel has the versatility to be built in most any span arrangement. However, steel is
most efficient when it is used in properly proportioned span arrangements, and not
forced into a span arrangement set for prestressed concrete. While many factors
may dictate where piers may and may not be placed, there are many cases
where locating piers is the prerogative of the Engineer; carefully arranged
spans can usually has a very positive impact on the cost of the bridge. In the
following, the relationship between substructure and superstructure costs will be
examined, along with the importance of span length and relative span length of
continuous-span bridges.

Figure 2.8 Continuous Span Steel Bridge

Continuous-span steel bridges are usually more efficient than simple-span bridges.
Thus, where possible, a single multi-span unit should be employed in lieu of many
simple spans or several continuous-span units. Elimination of as many end spans
and associated joints as possible is desirable for both first-cost and maintenance
considerations. Modern design techniques and modern bearings permit much
longer multi-span steel structures than commonly used in the past. Thermal
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considerations should lead to separate units only after careful consideration of
thermal requirements.

2.4.2.2 Balanced Spans

For continuous-span units with more than two spans, span lengths preferably should
be proportioned such to yield approximately equal maximum positive dead-load
moments in the end and interior spans. Such arrangements are called “balanced
span arrangements”. Balanced span arrangements result in negative moments at
piers somewhat larger than the concomitant positive moments. As a result, a
constant girder depth may be optimally employed. A balanced span arrangement
has end span lengths between 0.75 and 0.82 of the interior span lengths.

The optimum girder depth is that depth that provides a minimum cost girder for the
structural unit. The optimum depth distributes the steel area between the flanges
and the web of a girder. Composite girders are actually designed for two
conditions—the noncomposite load during construction and the combined
noncomposite and composite load on the completed bridge. There is no known
algorithm that correctly optimizes the depth of such girders. Factors including
desired web slenderness, live load deflection limit, flange stability and web bend
buckling all contribute to the mix in selecting a girder depth.

A compromise between that depth for the positive and negative moments is
required. However, a balanced span arrangement provides a single optimum for all
spans. If unbalanced spans are employed, it may be desirable to taper the depth of
the girder so that different depths are employed in different spans. Frequently an
average-depth girder in a poorly proportioned continuous-span unit is found to be
neither optimum for the larger or the smaller spans. An average girder depth often
leads to flanges that are too large and too small in the long and short spans,
respectively. If the girder is too shallow in the longer spans, deflections may be
problematic. The Engineer should be aware that the use of different depths in the
same unit may draw load (moment) to the deeper (stiffer) portion of the unit, further
exacerbating the imbalance of moments.

To illustrate the balanced span concept further, the unfactored moments in a tangent
three-span continuous box girder caused by the dead load applied to the
noncomposite section (DC,) are shown in Figure 2.9. The span arrangement for this
girder (190’-0” — 236'-0” — 190’-0") is reasonably balanced with an end-to-center
span ratio of approximately 0.81.

Also shown in Figure 2.9 are the moments assuming the same total length for the
box girder, but with a different span arrangement (200’-0” — 216’-0” — 200'-0"). For
this particular unbalanced span arrangement, the end-to-center span ratio is
approximately 0.93. As shown in Figure 2.9, note that the ratio of the maximum
positive DC; moment in the end span to the maximum positive DC; moment in the
center span increases from 1.2 to 2.5 when going from the balanced to the
unbalanced span arrangement. For a steel-girder design, the larger uneven
distribution of the moments from span to span in the unbalanced arrangement —
which is the case for both the dead and live load moments in this instance (live load
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moments not shown) — will have a significant overall effect on the girder efficiency
and economy. Assuming that the girder depth is optimized for either the interior or
exterior spans, or else averaged, the chosen girder depth will be inefficient for the
moments in either some or all spans.
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Figure 2.9 Component Dead Load (DC;) Moments for Different Span
Arrangements — Box Girder

Another disadvantage associated with the use of an unbalanced span arrangement
for this particular box-girder design is that fact that the resulting moments will not
likely permit the bottom-flange longitudinal stiffener in the box to be terminated at the
field splices, as is the case for the balanced span arrangement. Termination of the
stiffener at the field splice is desirable because the flange bending stress at the weld
termination is zero; thus, fatigue of the base metal at the weld termination need not
be checked. Otherwise, a special transition radius is required at the termination of
the stiffener weld to avoid a fatigue detail in either Category E or E'. As the nominal
fatigue resistance of Category E or E’ details is low, it therefore becomes difficult to
terminate the stiffener in regions of net applied tensile stress. Thus, expensive
termination details or lengthy extensions of the stiffener may have to be used to
satisfy fatigue requirements. Similar considerations would apply to a longitudinal
web stiffener for either a box- or an I-girder
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In some situations, unbalanced span arrangements may be required. For example,
where there are severe depth restrictions, or where it is desirable to eliminate center
piers (e.g. for certain overpass-type structures), it may be necessary to consider ill-
proportioned short end spans. One solution in these cases may be to extend the
end spans to provide a balanced span ratio. Another option may be to shorten the
bridge to a single span with higher abutments. A third solution and less desirable
solution may be to provide short end spans and tie down the end bearings. In the
latter case, a shallower center span is possible when haunches are employed at the
piers, which improves the appearance of the bridge and may reduce the steepness
or length of the approach grades. A fourth solution, which is less desirable
aesthetically and from a maintenance point of view, would be to utilize simple spans.

2.4.2.3 Relation of Substructure to Superstructure
2.4.2.3.1 General

In determining the most economical spans, it is necessary to compare the relative
cost of the superstructure and substructures since the cost of the substructure has a
major impact on the optimum span length. If the substructure costs are relatively
low, utilizing shorter spans is called for; if substructure costs are relatively high,
longer spans are desirable. Other things being not considered, the cost of the
substructure should approximately equal the cost of the superstructure steel on a
multi-span bridge. An important corollary is that reduction of the pier cost has a
double effect in that the savings in the piers justifies less costly (by an equal amount)
shorter spans. It can be observed that the shape of the superstructure may affect
pier cost, and thereby the span length, and finally the total bridge cost.

Figure 2.10 Full Height Abutment (Shorter Span)
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Figure 2.11 Stub Abutment (Longer Span)

Hence, when alternate designs are investigated, the substructure for the steel design
must be evaluated and designed concurrently with the superstructure if efficiency is
to be obtained. Since substructure costs have such a substantial impact on the
most economical span arrangement, the proper steps must be taken if the
Engineer is to ensure that the substructure design is the most efficient
possible when combined with the steel superstructure. Therefore, a few words
are in order at this juncture regarding the selection of a substructure form to satisfy
the demands of a particular site.

2.4.2.3.2 Substructure Type

As stated earlier, the substructure type is dictated in part by the superstructure type.
For example, small footprint pier designs can be obtained by drawing the
superstructure loads to a single column. One way to accomplish this objective is
with a hammerhead pier. More desirably, a superstructure type consisting of a
single girder that requires no pier cap leads to an even more economical pier design.
Careful steps are often taken to optimize a steel superstructure design without giving
due consideration to the substructure design. In fact, when pier caps are made
integral with the girders, and/or integral abutments are employed, it is difficult to
differentiate between the two parts from the whole. Since steel is an inherently
versatile material that can be adapted to most any substructure and span
arrangement, steel is often the material of choice when the site dictates unique span
arrangements. Each of these situations presents unique challenges to the Engineer.
To achieve a truly efficient steel design, the superstructure and substructure type
must be compatible with respect to economic, structural and aesthetic demands.
Modern bridge design calls for a unified approach to the design of superstructure
and substructure.
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Figure 2.12 Hammerhead Piers

The type of substructure is defined by considering its many functions and the
existing soil conditions. The substructure is designed for various specified
combinations of the resulting vertical and lateral load effects. Different load factors
are applied to each force effect to account for the probability of the combination of
individual design loads occurring simultaneously. Vertical loads are primarily dead
and live loads plus impact. Lateral loads include wind on the structure and on the
live loads; braking; bearing friction; thermal forces; ice; stream flow; earth pressure;
ship impact; debris; and seismic forces. Lateral loads are resisted by overturning
moments and shear in the piers and abutments. Overturning moments can cause
an increase in the size of the foundation beyond that required for only vertical loads;
however, an objective for an efficient foundation is one that requires minimal
additional material beyond that required for vertical loads. This is particularly true for
pile foundations where there is latitude in not only the pile-group size, but also the
arrangement of the piles. A potentially inefficient design may occur if more piles are
used than required to resist the vertical load. Sizing a spread footing presents a
similar challenge.

Transferring the vertical loads to the ground through a minimum number of pier
columns is usually desirable. For example, single-shaft piers carry the entire vertical
load as well as resist lateral loads. The critical moment in the shaft is partially due to
transversely and longitudinally eccentric vertical loads. Usually the maximum
moment and maximum axial load are not coincident. Further, AASHTO LRFD Table
3.4.1-1 requires modified load factors. Load Combination Strength IIl applies 1.4
times the wind load, but no live load. Load Combination Strength V applies 1.35
times the live load, but only 0.40 times the wind load. Further, maximum live loads
are reduced from the maximum vertical live load in order to cause the maximum

2.19



LRFD for Highway Bridge Superstructures Design Manual

overturning moment; e.g. live load is applied in only one span or on only one half of
the cross-section to obtain maximum overturning with concomitant reductions in the
maximum vertical load. In multiple-column piers there are multiple or redundant
paths for live loads. It is almost axiomatic that such a condition demands an
uneconomical vertical load capacity in excess of the design vertical load.

When appropriate, single shaft piers that support multiple girders with a pier cap, or
a single box girder without a pier cap, avoid the uneconomical redundant path
dilemma. Hammerhead pier caps can be designed integral with the steel girders if
underclearance is limited. It is common to employ an integral pier cap in conjunction
with a single-shaft pier to avoid a skewed pier. Integral cap beams are frequently
constructed of prestressed concrete to make them easily integral with the pier
column. A disadvantage of this type of pier is the need to shore the girder sections
while the cap is built. Since integral pier caps are often employed where a typical
cap would be in the clearance envelope, shoring is often not an option.

Figure 2.13 Integral Pier Cap

In cases where shoring is not possible, an integral steel cap beam may be
employed. Usually, steel cap beams are employed with five or fewer I-girders or
two tub girders. Steel cap beams present two concerns:

1) a fracture-critical cap beam, and
2) ensuring that the steel cap beam is stable on the pier shaft.

The shaft itself may support two or three of the I-girders while additional exterior
girders are supported by what are essentially diaphragms. In the case of tub girders,
two bearings may be used to support the diaphragm on the shaft. Steel box
diaphragms are commonly employed. Designers frequently employ bolted
connections to provide redundancy via the use of multiple elements rather than
single element welded members.
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A broad section for the pier shaft helps reduce the overturning moments. However,
if large volumes of concrete are required in the pier shaft, the cost is increased and
the casting rate may be limited by constraints imposed by heat of hydration. The
use of a hollow shaft may be desirable in this situation. In some cases, it may be
most economical to precast sections of the pier shafts

For cases where a less costly spread footing might be applicable in lieu of a pile-
supported foundation, the optimal arrangement of the cross-section of the footing is
less critical and other considerations might take precedence. As discussed above,
the use of less costly spread footings combined with shorter spans may lead to a
more economical bridge.

In the case of long viaduct-type bridges, the length of bridge that can be built without
expansion joints is not defined by specification. The elimination of joints, in addition
to providing savings in the number of bearings, cross-frames and expansion devices,
removes simple supports, which tend to require spans that are shorter than the
adjacent spans in order to provide the necessary economy. Longitudinal forces can
be distributed to several piers in proportion to their stiffnesses by attaching the
superstructure to the pier with longitudinally fixed bearings, forcing the piers to flex.
This allows less expensive elastomeric fixed bearings to be used. Steel bridges well
over 2,000 ft in length have been successfully built in cold climates with expansion
joints provided only at the ends.

From the above discussion, it is clear that it is sometimes difficult to separate the
superstructure and substructure analysis, as well as the economic and aesthetic
aspects of the design. The preceding discussion cites a few examples of some of
the considerations that an Engineer will make when judiciously selecting a cost-
effective substructure type for a steel-girder bridge. Again, substructure design
demonstrates the uniqueness of each bridge and the requirement for an Engineer to
address the substructure design with a unique thought process and ideas. The
selection of the best substructure type for a given steel superstructure, in
combination with the development of reasonably accurate cost data for the chosen
substructure, will help to ensure the selection of a well-conceived span arrangement,
which in turn will lead to an overall more desirable steel bridge.

2.4.2.3.3 Cost Curves

For projects in which spans may be varied, it is prudent to develop superstructure
and substructure cost curves comparing cost to span length for a series of
preliminary designs having different span lengths and arrangements. Since the
concrete deck cost is independent of span length, that cost need not be considered
in these curves. The most economical span arrangement is at the minimum point of
the total cost curve, if the curve representing the sum of the variable superstructure
and fixed substructure cost per unit over the span range is investigated, as shown in
Figure 2.14. For the case illustrated in Figure 2.14, the optimum span length is
approximately 165 feet. For multiple continuous-span units, this would be the span
length chosen for the interior spans. The length of the end spans would then be
selected to provide a balanced span arrangement.

2.21



LRFD for Highway Bridge Superstructures Design Manual

70—

Tog,
/¢,
0,
Sr c
Y,
/‘,,9

60 ——

Optimum 165
50—+

™

9 a1 \ ‘9%@

2 N @00"’

S s0-{- N S

3 N2 o .

© N¢ <

£ 20 ~.

172 J >4

W T e ~. .

10— Tr— o .

| | | | .
I I I I =
50 100 150 200 250

Span Length (Feet)
Figure 2.14 Sample Span Optimization

The validity of the preceding analysis is only as good as the accuracy of the costs. If
rule-of-thumb estimates are applied for substructure costs, they can lead to improper
conclusions about the most economical span lengths. As a minimum, pier costs
should consider separately concrete reinforcement, concrete forming, concrete, and
foundation costs. Simplicity and repetition of the formwork are the keys to economy.
Changes to the unit costs that may result from an improved knowledge of specific
site conditions should be incorporated in the analysis and the curves regenerated
before selecting the final span arrangement.

2.4.3 Superstructure Types
2.4.3.1 Multi-Girder Systems
2.4.3.1.1 Girder Spacing and Deck Overhangs

The cost of steel multi-girder bridge superstructures depends in part on girder
spacing and the deck overhang. It is desirable to take advantage of the new load
distribution rules in the LRFD provisions that provide improved assignment of dead
and live load to longitudinal stringers. Design of the deck itself is also important
when investigating the cross-section. Generally it is desirable to balance the
overhang and girder spacing so that interior and exterior girders are nearly the same
size. Several of the factors that lead to an economical cross-section are examined
below.

2.4.3.1.1.1 Girder Spacing
Where depth limitations are not an overriding factor, it is generally cost-

effective to minimize the number of girder lines by using wider girder spacings
for steel multi-girder bridges. Fewer girders provide these economic benefits:
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1) fewer girders and cross-frames to fabricate, handle, inspect, coat, transport
and erect,

2) fewer bearings to purchase, install and maintain,
3) fewer bolts and welded splices,

4) reduced fabrication and erection time, and

5) lower total structural steel weight.

Another intrinsic benefit of utilizing wider girder spacings is that because each
individual girder must carry more load, deeper girders are often economical. The
greater depth leads to an increased moment of inertia of each girder, which in turn
makes for a stiffer structure with smaller deflections. This result is somewhat at
odds with the provision for straight-girder bridges allowing live load deflection to be
computed by assuming all lanes loaded and equally distributed to all girders, which
leads to a reduced load assigned to each girder as the number of girders is
increased.

When evaluating whether or not to utilize wider girder spacings, a number of issues
deserve consideration. Girder depth limitations based on vertical clearance
demands may limit how many girders can be removed from the cross-section.
Maintaining the required vertical clearance by raising the bridge profile is often not
economical

2.4.3.1.1.1.1 Effect on Deck Design

Larger girder spacing beyond some limit leads to a thicker concrete deck, which can
translate to additional cost for concrete and reinforcing steel. The weight of a thicker
deck on longer spans may lead to significant increase in girder sizes. However, in
many instances, the additional costs of a thicker deck are more than offset by the
savings realized from reducing the number of girders.

When cast-in-place decks are used, the weight of concrete in the troughs of stay-in-
place deck forms must be considered. Much of this weight can be eliminated by
placing styrofoam in the form flutes. When employing wider girder spacings, the
method of forming the deck must be considered. Deeper galvanized metal
permanent deck forms are extremely stiff and can clear span up to about 13.5 feet.
Precast concrete deck panels are sometimes used as an alternative stay-in-place
form system, but these forms can only be used for girder spacings up to
approximately 10 feet.
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Figure 2.15 Precast Concrete Deck Panels

Conventional removable forming can be used to span similar or greater girder
spacings. Some form of intermediate support or shoring is required. However, such
forming adds complexity and the expense of removal. Traditionally, the weight of
wood forming has not been considered in the design because it is temporary.
However, its weight acting on the noncomposite section might be considered in
longer spans. The weight is removed from the composite dead load section. The
form weight is applied to the noncomposite section, but removed from the composite
section so it can have an effect on the determination of vertical cambers.

For very wide girder spacings, cast-in-place posttensioned prestressed decks have
been used. Spans of thirty feet with overhangs half that amount have been
successfully made. In these applications, a vaulted deck section (variable thickness)
is economical. Such a shape permits posttensioning without draping to be used
effectively in both positive and negative bending. Vaulted deck forming systems are
rarely permanent. Transverse posttensioning of lesser spans also has been used
without vaulting. Other precast decks using mild steel transversely with nominal
longitudinal posttensioning have been used successfully. Precast decks augment
the speed of steel erection by removing the set trades from much of the contract,
thereby speeding completion of the bridge.

2.4.3.1.1.1.2 Redecking

Another consideration related to the use of fewer girders associated with wider girder
spacings are the myriad issues associated with future redecking. These issues
include girder capacity, stability, uplift, cross-frame forces, and several other factors
such as geometric constraints.  Future redecking is different from phased
construction (discussed below) and may present different design considerations. It
is advisable to check for the temporary conditions that may exist during redecking as
part of the design to ensure that the bridge has adequate capacity for a redecking
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plan. A number of Owners require such an analysis. Redecking of bridges that
require more lanes to be carried by fewer girders than in the total cross-section are
suspect. Skewed supports can experience uplift that is not found when the total
cross-section is effective. Of course, horizontally curved bridges are frequently
problematic structures during redecking.

When the deck is removed from some of the girders and temporary barriers are
erected, the bridge undergoes significant structural changes. The unloaded girders
tend to rise while the cross-frames tend to restrain them. This applies some upward,
unloading force to the composite girders. The wet concrete is then placed on the
bare girders as a noncomposite load. However, the adjacent composite girders are
much stiffer and tend to draw additional load in excess of the unloading experienced
by the earlier deck removal. This additional load is added to the live load and the
load from the additional barriers. The empirical wheel-load distribution factors that
may have been used for the design are no longer appropriate since the girders have
varying stiffness at the time.

Figure 2.16 Conventional Deck Replacement Under Traffic

Of course, the original girder dead load moments and shears and cross-frame forces
are added to the redecking analyses results to obtain the proper condition of the
bridge during the various stages of redecking. Not infrequently, the cross-frames are
found to be significantly overloaded compared to the original forces due to the
unified construction and live load. One of the options available is to disconnect
cross-frames, or at least the cross-frame diagonals, between the composite and
noncomposite girders during the redecking. This simplifies the analysis situation, but
not the field situation where cross-frames must be reconnected under the completed
deck. Usually the old holes will not line up and new holes are required, or new
diagonals can be made with one end blank (un-drilled).
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The more flexible the bridge, the more redecking issues would be anticipated. Thus,
if the dead load deflections are large, changes in deflections during redecking would
be a certainty and problems would seem to be a corollary.

2.4.3.1.1.1.3 Phased Construction

Phased construction is defined as building a parallel portion of a bridge at a different
time. For example, if a bridge is to be replaced by a wider new bridge, the old bridge
may be left in service while a portion of the new bridge is built. The old bridge is
then removed and the remainder of the new bridge is added. This situation is
usually simpler than redecking under traffic, as described above.

Figure 2.17 Phased Construction

The simplest way to construct such a bridge is as two bridges and then to connect
them with cross-frames in the closure bay followed by a closure pour. Cross-frames
in the closure area can be left with the diagonals disconnected at one end (the top
and bottom strut then maintain the lateral spacing without constraining the vertical
deflection) until completion of the second stage; then, installation can be completed
prior to the closure pour (after the closure pour only if the underbridge access
allows). This permits the bridge to be built with none of the problematic issues
associated with the connections between the composite and noncomposite girders.
There is some reluctance to use closure pours by some Owners due to unfortunate
experience with them. However, proper computation of cambers should give very
compatible deflections. The deck pouring sequence needs to be considered, as
does shrinkage. When constraint of the bridge abutments is planned, cambers are
much more difficult to correctly determine.

2.4.3.1.1.2 Deck Overhangs
Deck overhangs in steel multi-girder bridges are often overlooked as insignificant. In

fact, deck overhangs are an important factor in the overall economy of the bridge.
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Overhangs should be established to provide a reasonable balance of the total
factored dead and live load major-axis bending moments in the exterior and interior
girders. Otherwise, the exterior and interior girders are designed for different loads
leading to inefficient designs for the more lightly loaded girders if all girders are kept
the same size, or to different size girders with differing stiffnesses. The wheel-load
distribution factors in the LRFD Specifications are sometimes not applicable for
bridges with cross-sections having girders with differing stiffnesses. If the stiffnesses
are comparable, the wheel-load distribution factors in the specifications are
adequate.

There are a number of factors that affect the design of exterior girders. The new
wheel-load distribution factors for the exterior girder tend to more correctly apply a
greater live load to those girders than did the older wheel load distribution factors in
the Standard Specifications, which were developed for smaller overhangs on much
shallower girders than are prevalent today (2006). As discussed below, deck weight
can be assigned equally between all stringers in the cross section if the girders are
of approximately equal stiffness at cross-frame/diaphragm connection points.
Additionally, a larger portion of the barrier weight should also be assigned to the
exterior girders. As a result, the exterior girders are often designed for significantly
more load than the interior girders if the overhang is as large as 35 percent of the
girder spacing (or larger).

The transverse bending moment in the deck over the exterior girders is a function of
the vertical loads on the overhang and impact on the barrier. These vertical loads
typically include the self-weight of the deck, weight of the parapet, sidewalk, sound
barrier, light poles, sign supports and live load on the overhang.

Article 2.5.2.7.1 of the AASHTO LRFD Specifications states that unless future
widening of the bridge is not plausible, the load carrying capacity of the exterior
girders is not to be less than the load carrying capacity of the interior girders. This
requirement can be used to establish the lower limit on the length of the deck
overhangs. However, as mentioned above, if the overhang is of a typical size, the
total factored major-axis bending moments will tend to be larger in the exterior
girders than the interior girders. Hence, it is necessary to limit the length of the deck
overhangs to ensure a reasonable balance between interior and exterior girder
moments.

In general, if the overhang is too large, the exterior girders will be critical and will be
required to be larger than the interior girders. As discussed elsewhere, this leads to
uneconomical designs. Therefore, keeping a reasonably small overhang with a
minimal number of girders yields the most economical steel I-girder cross-section in
most cases.

As overhangs become larger, it becomes more difficult to control the twist and web
deflection of the exterior noncomposite girder induced by loads on the cantilevered
forming brackets. These brackets are typically spaced at three or four foot
increments along the exterior girders. Vertical load on the bracket is usually resisted
by a bolt and clip mechanism attached to the top flange. The vertical load is applied
to the edge of the flange. The lateral load due to the eccentricity of the vertical load
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with respect to the shear center of the girder is resisted by a couple at the top flange
and in the web or bottom flange where the bottom of the bracket diagonal rests. This
vertical load on the top flange is countered by the permanent deck form supports on
the interior side of the exterior girder. The eccentric deck overhang loads include:
deck forms, walkway, screed rail, a portion of the wet concrete in the overhang, and
the ephemeral weight of the deck finishing machine. The lateral loads from the
brackets create a non-uniform torsional moment in the girder that is resisted by the
lateral bending in the flanges and the cross-frames. The torsional moments bend
the exterior girder top flanges outward, causing lateral bending stresses in the girder
flanges (note that in tub girders, these stresses are only significant in the exterior top
flange). It should be noted, as discussed later, that the AASHTO LRFD
Specifications permit cross frame spacings greater than the traditional 25-foot
maximum limit, thus increasing the non-uniform torsional moment in the top flange.
Also, the AASHTO LRFD Specifications do not permit nominal yielding in main load-
carrying members during construction, except for localized yielding of the web in
hybrid sections. The design of the girder for these effects is treated in more detail in
DM Volume 2, Chapter 2, Section 2.2.3.4.2.

Figure 2.18 Cantilevered Forming Brackets

It is preferable to carry the forming brackets down the web to the bottom flange-to-
web intersection. Since that may not be practical with very deep girders; it is
possible to transmit the horizontal components of the reactions on the cantilever
forming brackets directly onto the exterior girder web if the Engineer ensures that the
web does not yield and that it does not deform such that the screed rail elevation is
compromised. Excessive deformation of the web or top flange may lead to
excessive deflection of the brackets resulting in a problematic deck finish.

Once the concrete deck is made composite, the deck and the cross-frames act in
concert to provide the restoring forces that tend to make the girders deflect more
equally under loads applied to the deck (i.e. the composite dead loads, DC, and DW,
and the live loads). Again, this results in a larger portion of the loads applied over
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the interior girders to be transferred to the exterior girders of steel multi-girder
bridges. In deeper girders, full-depth cross frames become more effective and the
horizontal shear force in the deck is better mobilized. For these reasons, more load
is transferred from the interior of the deck to the exterior girders than was found in
the 1940s by Newmark (1), who tested beams less than 30 inches deep with
diaphragms less than half that depth. Article 4.6.2.2.2d of the AASHTO LRFD
Specifications permits recognition of the effect of the exterior girders rigidly
connected to the remainder of the bridge when live-load lateral distribution factors
are employed to compute the live load effects in exterior girders. This article states
that for multi I-girder bridges with cross-frames or diaphragms, the distribution factor
for the exterior girders is not to be taken less than that which would be obtained by
assuming the cross-section deflects and rotates as a rigid cross-section. Equation
C4.6.2.2.2d-1, which is reproduced below, satisfies this assumption and is
analogous to the conventional approximation used for computing loads on pile
groups.

N Xextze
R=—"F+— Equation 2.1
N, Zsz
AASHTO LRFD Equation C4.6.2.2.2d-1
where:
R = reaction on exterior girder in terms of lanes
N. = number of loaded lanes under consideration
e = eccentricity of a design truck or a design lane load from the center of
gravity of the pattern of girders, ft
X = horizontal distance from the center of gravity of the

pattern of girders to each girder, ft (note: this is a signed
guantity)

Xext = horizontal distance from the center of gravity of the
pattern of girders to the exterior girder, ft

N, = number of girders in the cross-section

This special investigation is specified because the distribution factors given for
bending moment in multi I-girder cross-sections in Tables 4.6.2.2.2b-1 and
4.6.2.2.2d-1 were determined without consideration of cross-frames or diaphragms;
hence, while they are conservative for interior girders, they are generally
unconservative for exterior girders in steel multi-girder bridges. Therefore, the
distribution factor for the exterior girders determined from the special analysis (e.g.
Equation C4.6.2.2.2d-1) will usually control. The distribution factors for interior
girders in multi-girder cross-sections given in Table 4.6.2.2.2b-1 provide a significant
reduction in the distribution of live load to the interior girders over past methods.
Therefore, overall, regardless of whether refined analysis methods or the live-load
distribution factors currently given in the AASHTO LRFD Specifications are
employed, the exterior girders will typically be assigned more live load moment and
the interior girders will typically be assigned significantly less live load moment than
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previously assumed using earlier AASHTO live-load distribution factors that did not
recognize the behavior of deeper multi-girder bridges that are commonly used today.

In summary, for the reasons discussed above, experience shows that deck
overhangs for cast-in-place concrete decks limited to between approximately
28 and 35 percent of the girder spacing tend to yield reasonable balance
between the total interior and exterior girder moments.

2.4.3.1.1.3 Deflection Issues
2.4.3.1.1.3.1 Dead Load Distribution

Intermediate cross-frames or diaphragms act to equalize the girder deflections within
a cross-section, and thus, nearly equalize the load in equal-stiffness noncomposite
girders regardless of the amount of load applied to the individual girders. This
equalization of deflections creates restoring forces in the cross-frames or
diaphragms. AASHTO LRFD Article 4.6.2.2.1 recognizes this fact by stating that for
multi-girder bridges satisfying certain conditions (e.g. width of the deck is constant,
girders are parallel and have approximately the same stiffness, number of girders is
not less than four, etc.), the permanent load of the wet concrete deck may be
distributed equally to each of the girders in the cross-section. Although not currently
stated, an additional condition of some importance in ensuring a reasonably equal
distribution of these loads is that the bearing lines should not be significantly skewed
(approximately 10 degrees from normal is a suggested limit) when the intermediate
cross-frame/diaphragm lines are normal to the girders. (Note: as mentioned later on,
where intermediate cross-frames/diaphragms are placed in collinear skewed lines
parallel to the skewed supports, the assumption of equal distribution of dead loads
may be extended to bridges having bearing lines skewed up to 20 degrees.). This
assumption is particularly important when determining the noncomposite deflections
used in determining girder cambers.
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Figure 2.19 Cross Frames

AASHTO LRFD Article 4.6.2.2.1 also indicates that for bridges satisfying the stated
conditions, permanent loads applied to the deck after the deck is made composite
may also be distributed equally to each girder. For the wearing surface load, DW,
this is a reasonable assumption and has been the customary practice. However,
Engineers have often applied this assumption to the concrete barrier load as well.
This provision dates back to the 1940s when concrete deck overhangs were much
smaller and the provision was applied to much lighter curbs and railings, not barriers.
When refined methods of analysis are employed, these loads may be applied at their
true location, which usually results in the computed portion of the load resisted by
the exterior girders to be significantly larger than an equal distribution assumption
would indicate. To better simulate the actual distribution of these loads when line-
girder analyses are employed, consideration should be given to performing a
reasonable approximation of this effect. Assigning a percentage of the barrier loads
to the exterior girders and to the adjacent interior girder is a better assumption based
on refined analyses of several cases. At least one State DOT requires that the
barrier load be equally distributed to an exterior girder and the adjacent interior
girder. Other State DOTs assign 60 percent of the barrier weight to the exterior
girder and 40 percent to the adjacent interior girder. The Engineer may choose to
use the live load distribution lever rule to determine the effect of the dead load on the
exterior of the deck if the overhang is particularly large. In these cases, the portion
of dead load applied to the exterior girder may be larger than the load itself. The
interior girders would then sense an uplift condition in those cases. Regardless of
the analysis assumption, recognizing the concentrated effect of heavy edge loads is
suggested.

2.4.3.1.1.3.2 Live Load Deflection
The live load deflection criteria in the LRFD specification are optional. No rational

theoretical argument for a particular live load deflection limit has been presented and
some believe that such a limit is unnecessary. It is probably best viewed as a
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serviceability limit. Traditionally, the averaging approach has been used most
frequently to determine the appropriate live load assigned to a girder in a straight
bridge to compute live load deflection. Unlike the Standard Specifications, which are
ambiguous in this regard, LRFD specifies that a multiple presence factor shall be
applied. Thus, the more traffic lanes on a bridge, the smaller the live load assigned
to a girder. The fewer girders in the cross-section, the more live load assigned when
computing deflection. However, if the wheel load distribution factor for moment or a
refined analysis is used to compute live load deflections, the number of girders in the
cross section has a much less significant effect on deflection and fewer girders may
in fact be needed than when the averaging approach is used.

The LRFD live load deflection provisions also differ from the Standard Specifications
in other ways. LRFD specifies that live load deflection be computed with a lighter
live load than that specified for the strength limit states (refer to AASHTO LRFD
Article 3.6.1.3.2). The LRFD Specifications permit the concrete to be considered
fully effective in regions of negative flexure when computing live load deflections.
They also permit continuous cast-in-place parapets to be considered in the
computation of the stiffness resisting the deflection.

2.4.3.1.1.4 Varying Roadway Width

It is not uncommon for the roadway width to vary on a structure. In some cases, the
girders may remain parallel with the width of the deck varying. In these cases, the
dead and live load resisted by each girder varies along the structure length. In other
cases, it is necessary to splay the girders in plan in order to accommodate the
roadway, as shown in Figure 2.20. Keeping as many girders as parallel as possible
is advisable to keep cross-frames and stay-in-place formwork similar, thereby
keeping their cost minimal. Varying all of the cross-frames is an expensive and
usually unnecessary option.

Ll

Figure 2.20 Splayed-Girder Framing Plan

Where moderate deviations from parallel beams or a constant deck width exist, the
Engineer may find that the live-load lateral distribution factors are appropriate. For
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more complex framing plans, the use of refined analysis methods is recommended
to determine the distribution of the loads. In either case, it is advisable to check the
deck design to ensure that its design is both adequate and economical. Varying the
deck overhang is one of the least desirable options since it complicates forming,
reinforcement detailing, and design. A variable overhang width also causes the
design of the exterior girder to be particularly onerous.

In cases where distribution factors are employed, Article 4.6.2.2.1 of the AASHTO
LRFD Specifications permits the distribution factor to either be varied at selected
locations along the span, or else a single value of the distribution factor to be used in
conjunction with a suitable value for the girder spacing (e.g. when the girder spacing
varies, the average value of the girder spacing within the splay might be used).

Wheel load distribution factors for steel box girders are given in AASHTO LRFD
Article 4.6.2.2.2b, which states that N be used in lieu of the girder spacing when
determining a single value of the distribution factor for the case of varying roadway
width, where N is the number of design lanes at the section under consideration
determined as specified in AASHTO LRFD Article 3.6.1.1.1. Furthermore, it should
be noted that for box girders, special geometric restrictions on the use of live-load
distribution factors are specified in AASHTO LRFD Article 6.11.2.3 and are
summarized in Figure 2.21. Included are some basic cross-sectional limitations and
a requirement that the bearing lines not be skewed (refer to DM Volume 2, Chapter
2, Section 2.2.4.1.2). Also included is a requirement that where nonparallel box
sections are used, the distance center-to-center of adjacent flanges at supports is
not to exceed 135 percent nor be less than 65 percent of the distance center-to-
center of the flanges of each adjacent box (refer to Figure 2.21). The reason for
these limitations is the applicability of the wheel load distribution factors. For cases
not satisfying these limitations, refined analysis methods are to be employed. As for
I-girders, it has been found that widely spaced box girders are the most economical,
and these configurations are often beyond the limitations of the empirical wheel load
distribution factors.
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c/a < min. (0.6, 6ft)

(a) Typical Bridge Cross Section
a/w = 0.65 0.80<a/w<1.20 a/w<1.35

(b) Example of Possible Variation in Box Girder Bridge Width

Figure 2.21 Box Girder Geometric Restrictions on use of Live Load
Distribution Factor

2.4.3.1.1.4.1 Discontinuous Girders

At gore areas and other areas where the roadway width varies greatly, it is
economical to discontinue one or more girders. In such cases, the discontinuous
girders are usually framed into a bulkhead between girders (refer to Figure 2.22). It
is not advisable to discontinue an exterior girder because it complicates the
overhang, creates an awkward connection detail, and certainly is not aesthetic.
Discontinuing a girder adjacent to an exterior girder is also not desirable since it is
likely to load additionally the already critical exterior girder. The Specifications have
no provision to consider discontinuous girders other than by refined analysis
methods. In these cases, as with splayed girders, it is advisable to keep girder
spacing constant over as much of the bridge as practical in order to minimize the
number of different cross-frames that must be detailed and fabricated.

2.34



VOLUME 1: General Design Considerations
CHAPTER 2: Preliminary Design Considerations

Figure 2.22 Discontinuous Girders

To moderate the effect of the discontinued girder(s) on bulkheads and on the deck, it
is desirable to locate the discontinuity near the location(s) of lowest moment in the
span; controlling the stiffness of the girders on either side of the discontinuity can
further mitigate differential deflections. By attaching the bulkhead to the deck with
shear studs, the question of whether or not it is a fracture-critical member should be
silenced for in-service inspection purposes, but the bulkhead should be fabricated to
more stringent fracture-critical member requirements.

2.4.3.1.1.5 Girder-Substringer Systems

For continuous-span bridges having spans ranging anywhere above 200 to 300 feet,
a cost-effective alternative in some cases has been found to be a combined girder-
substringer framing system, as illustrated in

Figure 2.23. This system consists of widely spaced composite main girders braced
laterally by heavy K-shaped cross-frames. Main girder spacings from 16 feet to 28
feet have been used. Halfway in-between the main girders, rolled-beam
substringers are used to span continuously between the cross-frames and provide
support for the deck and live load. The cross-frames supporting the substringers are
considered primary load-carrying members in this type of system.

1. N. M. Newmark. 1948. “Design of |-Beam Bridges”, Proceedings of the
ASCE, American Society of Civil Engineers, New York, NY, 1948.
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Substringer, _— Main Girder,
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Figure 2.23 Girder-Substringer Framing Plan
2.4.3.1.2 Field Section Size

Field sections are girder sections fabricated and shipped to the bridge site, usually
without bolted splices. The number of field sections and the location of splices have
a significant effect on the efficiency of the design of steel girders. Fewer field splices
obviously reduces the cost for splices, but total steel cost is affected by additional
factors regarding the location and number of bolted splices. The choice of field splice
locations is in many ways job specific. The weight and length of sections should be
determined after consultation with fabricators who are expected to be bidding the
work. For example, the crane capacity in the shop legally limits the weight the
fabricator can lift with each crane. Sometimes a section can be made slightly lighter
to accommodate that capacity relieving the fabricator of calling for an additional
crane every time the section is to be moved, interrupting other production. Sections
too long to fit in normal lay-down areas also interrupt normal operations. Flanges
too wide to fit in blasting machines or girders too deep to clear overhead cranes are
examples of the interrelated factors that affect the cost of fabricating girders. As
discussed further below, material availability may also influence field-section size.
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Figure 2.24 Bridge Fabricating Shop

Material availability from the mills and its cost is significant in some instances, but it
is often difficult for the design Engineer to ascertain availability and cost. For
example, at this time (2006) plates are considered standard between 0.375 and 2
inches thick. Above two inches in thickness, there is an extra charged. There may
be only one producer that produces bridge quality plates above three inches thick,
introducing a substantial extra even though plates up to 4 inches thick are permitted
by specification. A deep web plate may be available from one mill but its cost might
lead the fabricator to choose to build the girder web up by splicing plates together.
Another example is the issue of camber. Camber is typically cut into the web plate.
If camber is large, the fabricator may choose to partially shape the web camber by
sections of web plate rather than ordering a deep plate to burn out the camber with a
large amount of waste. Camber issues are beyond the Engineer to consider at
design.

Shipping also affects the fabricator’s cost. If the site is far from the fabrication shop
and an escort(s) is required due to length and/or weight, it may be economical to use
smaller sections to reduce or eliminate the number of escorts. To complicate things
further, each state has its own regulations regarding shipping. Interstate shipments
simply multiply the complexity. The manner that the girders are to be erected also
affects the choice of field section size. Girders that are too long to be erected with a
single crane may lead to erection issues that shorter sections might avoid.

Traditionally, bolted splices have been located in regions of lower moment.
However, since splices are designed to resist shear as well as moment, a single
splice in a simple-span girder might be located in the center of the span where shear
is low rather than providing two field splices at points of lower moment. At the center
of the span, shear is minimal and the bolted splice-design provisions may permit a
reduction in web bolts. The flexural resistance of a composite simple-span straight
girder at the strength limit state can be at or near the full plastic moment M,.
However, the flexural resistance of the girder at a bolted splice is limited to the
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moment at first yield according to the specifications, which also has to be given
some consideration when locating the splice in this case.

2.4.3.1.2.1 Transportation

The fabricator is responsible to deliver the steel to the bridge site, and therefore, is
familiar with the issues related to transportation of field sections. Large field sections
require determination of a specific route to determine the cost of transportation. The
distance between the fabrication plant and bridge site is only one cost factor
affecting transportation cost. But, there are factors that may be addressable by the
Engineer that can materially affect transportation costs. The Engineer is encouraged
to discuss any large steel bridge design projects in their early stages with the
fabricators who are likely to bid on the project. These fabricators will provide
parameter information particular to their preferences. An astutely designed steel
girder bridge is one that more than one fabricator is likely to bid competitively.

Girders are preferably shipped in the vertical position, although they sometimes are
shipped tilted or even horizontal. Shipping is perhaps the most nebulous of the
issues involving steel girder bridges. The ability to ship a girder is dependent on the
particular route, which means that the fabricator must inspect that route in order to
give definitive information to the Engineer regarding practical girder size limits.

Figure 2.25 Transporting Bridge Girders by Truck

Examples of special transportation provisions include additional blocking and tie-
downs, special multi-axle trailers, escort vehicles, restricted hours for highway use,
and special types of railroad cars, etc. Although such special provisions result in
additional costs along with added shop handling costs, these costs may be offset by
the need to erect fewer sections with fewer field splices, which can result in
significant savings.
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2.4.3.1.2.1.1 Highway Transportation

The American highway system has matured to the point that it is the means of
choice to ship the majority of steel-bridge components from the fabricator to the
bridge site. Essentially all fabricators are capable of shipping by truck. Some
fabricators have their own fleet of trucks so they keep trucking costs in-house.
Having a personal fleet also permits control over delivery dates, even time of
delivery. Since highways are generally publicly owned and used by the public, they
are subject to strict regulation to ensure safety and equal use. Load weight, length,
and width are controlled, usually by the state, and regulations differ between the
states. There are discrete limits on size. Certain sizes may be shipped without an
escort, others may require two escorts and so forth. There may also be limits on the
time of day certain loads may be shipped and the number of shipments in a day.

For example, it would be nonsensical to design a field section that requires extra
shop-crane capacity and an extra escort to ship 250 miles to the bridge site when
shortening it by three feet and lightening it by five tons would eliminate both of these
extra costs. Therefore, to know these limits is particularly useful.

For truck shipment, lengths up to 175 feet are possible depending on the location
and most states will allow up to 80-foot lengths without restrictions. However, when
lengths exceed about 140 feet, fabricators should be consulted. Loads up to
approximately 40 tons in weight are typically accomplished without permits. Loads
up to approximately 80 to 100 tons are possible, but require close cooperation with
the state and route checks. When loads are in the 80 to 100 ton range, again
fabricators should be consulted. The normal unrestricted limitation on load width is 8
feet. Above 12 feet in width, travel lane width restrictions become a factor and
fabricators should once again be consulted. With the proper permits, escorts and
limit on the day or time of travel, load widths up to 16 feet (or even larger depending
on the circumstances) may be possible. Load height is generally restricted by
clearances, or the overall stability of the piece during shipment. Generally, a
guideline is to limit the height to approximately 10 feet. Above 10 feet, consult with
fabricators as specialized shipping equipment may potentially be used, or I-girder
pieces may possibly be shipped lying on their side. (Note: the preceding shipping
recommendations in this paragraph are from the National Steel Bridge Alliance
(NSBA) based on conversations with several fabricators).

2.39



LRFD for Highway Bridge Superstructures Design Manual

Figure 2.26 Bridge Girder Transported on Side

2.4.3.1.2.1.2 Rail Transportation

The fabricator might choose rail transportation for particularly deep girders, and
girders that are to be shipped a great distance. A typical railroad flat car is 53'-6"
long by 10’-8" wide with an average capacity of 70 tons (2). Rail access at the
bridge site is often not available, and pieces must usually be off-loaded and trucked
to the bridge site. An interesting aspect of rail transportation is that it can change the
competitive situation for a bridge. If the bridge cannot be shipped by truck and must
be shipped by rail for whatever reason, the interest is opened for fabricators from
greater distances since loading and unloading of the railcars, and demurrage are the
largest factors in the cost of rail shipping, while mileage is a less significant cost than
highway mileage.

Longer loads may be shipped in standard gondola cars, or supported on bolsters on
two flat cars at opposite ends of the load and connected by an idler car. Since the
bolsters can be up to 1'-6” above the floor of the car, the net height available for the
load is reduced by up to that amount. The bolsters must be able to accommodate
relative movement. Truck/train “piggyback” cars, which vary in length up to 85 feet
and can handle loads over 100 feet in length when idler cars are used to
accommodate the overhang beyond the end of the car, have also been used. For
restricted rail movements, load heights up to 16 feet and weights up to 100 tons may
be possible depending on the available routing. Widths up to approximately 12 or 13
feet may also be possible depending on the route and the configuration of the load

(2).
Again, it should be emphasized that the requirements for a particular project related

to rail movement should be investigated with the likely fabricators on an individual
project basis.
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2.4.3.1.2.1.3 Waterway Transportation

There are no longer many steel bridge fabricators located on navigable water in the
United States. For the appropriate structure, water transportation is very practical.
A project practical for water shipment usually involves many field sections, and of
course, the fabricator and the bridge site must be on or near the water. Water
shipment is particularly beneficial when site conditions permit erection directly from
the barge. The potential for transporting sub-assemblies or assembling entire bridge
spans, floating them into position and erecting them onto their bearings directly from
the barge may offer significant economies. Water shipment is most often used for
crossings over navigable water.

2.4.3.1.2.2 Handling and Erection

Some fabricators also erect bridges and are therefore familiar with handling and
erection of steel girders. Other fabricators do not erect steel. Horizontally curved
girders present particular erection considerations that are not addressed herein.
Some fabricators prefer less stringent tolerances, but the erector generally prefers
tighter tolerances to ensure proper fit-up. Where practical, the erector prefers to
erect steel and leave the site. However, there are numerous instances where
staged erection is required.

Over the past forty years, steel-girder designs have led to relatively more slender
girders for economic reasons. In composite construction, the structure that carries
live load is composed in part of the concrete deck as well as the steel girders. Thus,
the steel girders alone must be only strong enough to carry the noncomposite load.
Therefore, there are at least two critical load cases in the design of such girders.
This has led particularly to smaller top flanges in positive bending regions where the
composite section assists in resisting the live load. The smaller top flange permits
more of the web to be in compression in positive bending. The introduction of higher
strength steel grades for use in girders also tends to increase their slenderness.
Many of the old “rules” were based on steel with a minimum specified yield stress of
33 ksi. Today, yield stresses are sometimes twice that amount. Thus, flanges half
the traditional size on girders designed for the same web depth are found
economical. A third issue is the reduced factor of safety for dead load within the
Load Factor Design and LRFD Specifications compared to traditional working stress
design. Traditional working stress design specified the limiting dead load stress
based on a safety factor of 1.82 against first yield or elastic buckling, whereas with
the newer specifications, the factor of safety on dead load stress ranges from 1.25 to
1.5. The result is that a much lighter girder is permitted for the noncomposite
condition than was required 50 years ago.

To take advantage of these improvements in the economics of steel-girder bridges,
additional consideration must be made for handling, deflection and erection of the
girders before the deck hardens. For bridges of unusual complexity, the LRFD
Specifications require that the Engineer consider a means of constructing the bridge,
while still leaving the responsibility for the actual construction of the bridge up to the
Contractor. Since this provision is relatively new, the responsibilities of the Engineer
are not well delineated and generally are left to the Owner to specify. The
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discussion here does not define the legal responsibilities of the Engineer or the
Contractor. Instead, it will narrate some of the issues that may be addressed in this
regard.

There are three basic requirements for the steel frame to be erected safely and
properly. First, the steel must be stable in all stages of erection. Second, the steel
must be erected in such a condition that stresses match those computed in design.
This is generally the case if the deflected steel structure under self-weight matches
that assumed in determining self-weight cambers. Third, the steel must be able to
resist the specified wind loads within reasonable levels of lateral deflection during
erection and as erected.

Temporary support of the steel during erection historically has been the
responsibility of the Erector. However, there have been cases where temporary
supports were not called for on the design drawings and the Contractor claimed that
they should have been called for. The design Engineer cannot take responsibility for
the erection, which he/she will not supervise. However, the Owner may request that
the design Engineer provide some indication on the Plans of the potential need for
temporary supports, generally without designing them.

Figure 2.27 Bridge Girder Erection

The Erector will design temporary supports to support the girders at all stages so
that additional steel can be erected and bolted up. The elevation of the steel during
shop fit-up is at the cambered no-load elevation. The no-load elevation refers to the
elevation at which the girders are erected under a theoretically zero-stress condition;
that is, neglecting any stress due to the steel dead load acting between points of
temporary support. If the steel is detailed for the no-load elevation, and the steel is
approximately supported during field erection in that position, it will be possible to fit
up the additional steel with little problem. Although the no-load condition cannot be
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obtained precisely, it should be close enough to permit fit-up with drift pins and
without reaming of bolt holes.

Transient thermal loads can change the shape of the steel and be a nuisance in
erecting certain structures. For example, some box girders may be so sensitive to
temperature that erection at night is desirable.

AASHTO LRFD Article 4.6.2.7.3 requires the Engineer to consider the need for
temporary wind bracing during construction for I- and box girder bridges. Typically, a
noncomposite |-girder bridge system without a concrete deck or lateral bracing
between girders resists lateral wind load only based on the lateral stiffness and
strength of the sum of the erected girder flanges. On larger spans, this situation can
lead to excessive stresses and lateral deflections that are of concern. As discussed
in more detail later, some form of lateral bracing between at least one pair of girders
can often be found to mitigate excessive stresses and deflection due to wind before
the deck hardens. The lateral bracing allows the girder flanges to act as truss
chords.

Since the bracing is not effective until it is in-place, it behooves the Erector to erect
the pair of laterally braced girders first. The Engineer needs to consider the erection
sequence when locating the lateral bracing. The design Engineer usually does not
know how the Erector will erect the bridge and should not require the use of a
specific erection sequence. However, if in the judgement of the Engineer, lateral
bracing is required for wind loads that may be encountered during the erection, the
bracing should be called out on the design plans to avoid an "extra". As discussed
in more detalil later, top-flange bracing usually has less significant effect on the
design and is more lightly loaded than is bottom-flange bracing. If, for example, a
single line of bracing is employed, its location implies that the two girders forming
that particular bay would be erected first. The plans should note that assumption. If
the Erector chooses another option such as elimination of the bracing or a different
erection sequence for the girders, then the Erector is responsible for a re-engineered
scheme that is acceptable to the Owner's Engineer.

Lateral bracing may not be required over the entire length of the bridge.
Calculations may indicate that partial length bracing is adequate. The bracing may
be located in the top or bottom plane of the girders. Additional discussion on lateral
bracing for wind is given below under the heading of Lateral Bracing.

Each field section as defined between field splices must be able to be handled
without buckling and without yielding. Field splices should be located close enough
to each other that the individual pieces will be stable for handling both in the shop
and in the field and for erection without requiring any special stiffening trusses or
falsework. The following guideline contained in Article C6.10.3.4 of the AASHTO
LRFD Specifications may be used to help indicate relatively stable straight I-girder
field sections:

b, >— Equation 2.2
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AASHTO LRFD Equation C6.10.3.4-1

where:
br: = minimum width of the compression flange within the girder shipping piece
(in.)
L = length of the girder shipping piece (in.)

For tub sections, AASHTO LRFD Article C6.7.5.3 discusses cases where a full-
length top lateral bracing system may not necessarily be employed. As discussed in
AASHTO LRFD Article C6.11.3.2, in cases where a full-length top lateral bracing
system is not employed within a tub section, L in the preceding equation should be
taken as the larger of the distances along the field piece between panels of lateral
bracing or between a panel of lateral bracing and the end of the piece. For cases
where a full-length top lateral bracing system is employed, Equation 2.2 need not be
considered for top flanges of tub sections.

Special site conditions may affect the options available for handling, erection and
transportation of large field sections. Examples include sites located in difficult
terrain, ecologically sensitive areas or areas where there might be industrial facilities
or active rail lines or highways underneath the bridge. The Engineer should become
familiar with the site and any special conditions that might affect the size of the field
sections.

2. NSBA. 1981. “Fabrication — Its Relation to Design, Shop Practices, Delivery
and Costs”, Highway Structures Design Handbook, available from the
National Steel Bridge Alliance, Chicago, IL.

2.4.3.1.3 Constant vs. Variable Depth Girders

The decision to use a variable depth girder in a steel multi-girder bridge is usually
driven by consideration of clearance requirements, economics, poor span
arrangement, and/or aesthetics. Girder depth is typically varied utilizing either a
straight-line taper or a parabolic haunch along the bottom flange. Both I-girder and
box-girder members can be designed with a variable depth. Usually box girders are
given parabolic haunches rather than tapers. If the webs of a box girder are inclined,
the inclination is usually held constant with the bottom flange width reduced with an
increase in the girder depth.

Generally, the deeper portion of the girder is stiffer than the shallower portion. Thus,
moments are increased in the deeper section with a concomitant reduction in the
shallower sections compared to a constant-depth girder. This phenomenon may
provide some economy by reducing the flange demand in the longer positive
moment regions. It also tends to reduce the vertical deflections in those regions.
However, the typical haunched girder does not provide much of this benefit since the
deeper portion is so short. The phenomenon is much more pronounced if a constant
depth section is employed over the piers, with the section tapering to a shallower
one on each side. The transition might occur within the pier field section or an
adjacent one; however, changes in the slope should not be made right at a field
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splice in either case. One might question the aesthetics of such girders, but usually
not their efficiency in longer spans.

Figure 2.28 Variable Depth Girders

Application of higher strength (high-performance) steel permits smaller flanges for a
given depth girder in a given application. However, the smaller flanges reduce the
girder stiffness leading to larger dead and live load deflections for a given depth.
Thus, if a 50-ksi design was controlled by deflection, the girder must be deeper if 70-
ksi steel is employed. Fortunately, the LRFD live load specified for computing
deflection (AASHTO LRFD Article 3.6.1.3.2) is smaller than HS25 loading (which is
used by many State DOTs to compute live load deflection for designs by the
AASHTO Standard Specifications), and parapet stiffness is now permitted to be
included in computing live load deflections in the AASHTO LRFD Specifications
(Article 2.5.2.6.2), as mentioned previously. The result is that many designs meet
LRFD deflection requirements that might not meet the deflection limit when
deflection is checked for HS25 loading. Constant web depth members utilizing
Grade HPS 70W steel flanges (with Grade 50W steel typically utilized in the web)
are sometimes economical for spans up to and even exceeding 500 feet in length
when applied in the proper depth. Thus, a parametric study of these applications is
usually justified.

In cases where there is an underclearance or deflection problem, it may be
beneficial to haunch the girders at interior piers instead of using parallel flanges.
Also, as discussed previously, if the proper span balance cannot be maintained and
a constant depth girder is utilized, the depth of the girder in each span will not
necessarily be at the most efficient or optimum depth. In such cases, it may be
economical to go with a variable web depth member in certain spans to transition
between optimum depths. A linear taper often proves to be more cost-effective than
a parabolic haunch for this situation.

2.45



LRFD for Highway Bridge Superstructures Design Manual

A variable web depth steel member is typically achieved by inclining the bottom
flange utilizing either a linear taper, a parabolic haunch, or a so-called "fish belly”
haunch, as demonstrated in Figure 2.29. The desired girder depth is cut into the
web plate and then the bottom flange plate is pulled into place and welded to the
web plate. In a tapered or haunched girder, a transition is typically made from the
sloping part of the taper or haunch to a horizontal bottom flange near the bearing to
accommodate the bearing sole plate. The transition is made by using either a
welded joint or by bending the flange plate. Bending of the plate depends on the
required radius and the length of plate available from the mill. Proportioning of the
flange plate at the transition location should allow for the possibility that the
fabricator may bend the plate. Bending of the flange plate into a "fish belly” type of
transition can help to smooth out the transition, in lieu of a more abrupt transition
which can result in an extremely sharp increase in the web stress as the vertical
component of the flange force is transferred back into the web. The distance from
the edge of the sole plate to the transition should be at least 12 inches in order to
clear any distortion that may result from bending or welding of the flange plate and to
accommodate any possible future jacking needs for bearing maintenance.
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Figure 2.29 Variable Web Depth Members

Variable web depth members are important aesthetically because they visually
demonstrate the flow of the forces in the bridge and make the bridge appear thinner.
To ensure that the tapers or haunches are long enough in proportion to the span,
they preferably should be brought out to the point of dead-load inflection in the span
(i.e. where a field splice would typically be located in a continuous span). Parabolic
haunches at interior piers typically offer a smoother transition to the rest of the girder
and are generally more visually pleasing. Haunches should typically not be deeper
than 1.5 times the midspan depth of the girder to prevent the haunch from appearing
too heavy in proportion to the midspan section. Conversely, a haunch that is too
shallow does not save enough material to justify the added fabrication cost and is
not aesthetically pleasing. The total angle at the point of haunch (i.e. between the
haunches on either side of the interior pier) preferably should be between
approximately 135 and 160 degrees to prevent the appearance of too sharp a
haunch at the bearing point.
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Fabrication costs for variable web depth members are higher than for constant web
depth members due to the additional cutting and fitting operations discussed
previously. Straight tapers are less costly than parabolic haunches because it is
easier to cut the webs, locate and fit web stiffeners, weld flange transitions and fit-up
the member at the web-to-flange joint. For bridges with spans exceeding
approximately 400 feet, the haunched section may be so deep as to require a
longitudinal field splice in the section, which increases fabrication costs significantly.
A horizontal field splice may be required because of the maximum plate width
availability from the mill and/or because the depth of the haunched section may
preclude shipping of the section without a longitudinal field splice (typically when the
depth exceeds about 14 feet). Plates are generally available from many plate mills
in maximum widths up to 150 inches. Generally, the maximum usable plate width
from such a plate is about 144 inches. Larger plate widths may be available from
select mills. Again, the Engineer is encouraged to contact the fabricator regarding
maximum practical plate widths. Longitudinal web splices may either be welded or
field bolted. A field bolted splice can either be fabricated using a sub-flange on the
bottom of the top section and the top of the bottom section of the web plates (which
are then field bolted together), or using side plates similar to a conventional bolted
web splice. Note that it may be easier to ship two I-sections than deep tee sections,
which may need to be temporarily braced during shipment. Thus, when designing
exceptionally deep, variable web-depth girders, consult with fabricators in the area
regarding feasibility of shipping, field section size/depth and jobsite access.

In variable web depth tub girders with inclined webs, the inclination of the webs
preferably should remain constant to simplify the analysis and fabrication. Assuming
a constant distance between the webs at the top of the tub, which is also preferred,
along with a varying web depth, the width of the bottom flange must also vary along
the length and the web heights at a given cross-section must be kept equal in order
to maintain constant web slopes. When a vertical curve must also be built into the
web because of camber or roadway profile and camber, the establishment of the
developed shape of the plate becomes more difficult; that is, the shape of the flat
plate pattern from which the web must be cut. Experienced steel detailers and
fabricators generally have software available though to establish the necessary
pattern. It should be noted that a curved inclined web for a tub section can be cut
from a flat plate as part of a cone shape. If, however, the slope varies, the webs are
no longer developable and must be heated to conform to the desired shape.

Erection of variable web depth members is affected to some degree by their more
complex geometry. However, these complications are generally considered minimal
by most erectors. Therefore, erection considerations typically need not enter into the
decision process as to whether or not variable web or constant web depth members
should be used. An exception might be when the bridge is to be erected by
incremental launching, in which case the use of constant web depth members is
recommended.

Regarding the design of variable web depth members, the bottom flange carries a

portion of the vertical shear in the region of the sloping web. Thus, the force in the
bottom flange in this region is increased over the force resulting from the normal
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flexural stress by the amount of the vertical shear component. The major-axis
bending moment in this region is developed from the smaller horizontal component
of the resultant bottom flange force. In negative-moment regions, the web shear is
reduced by the vertical component of this force. Also, as mentioned previously, at
the point where the bottom flange is made horizontal in the vicinity of the bearings,
the shear component in the inclined flange is transferred back into the web. Extra
web stiffening in this region may be necessary in some cases to prevent buckling
caused by the concentration of force. The design of a variable web depth member
to account for these effects is discussed in more detail in DM Volume 2, Chapter 2,
Section 2.2.3.3.3.

Figure 2.30 Haunched Girder Web Stiffeners
2.4.3.1.41-Girders
2.4.3.1.4.1 Introduction

This section of the manual will discuss additional issues that are specific to the
preliminary design of steel I-girder bridges; namely, the selection of the type of girder
(rolled shape or welded girder), the layout of the framing plan including the cross-
frame or diaphragm spacings and configurations and the potential need for lateral
bracing. Proportioning of the flange and web plates for welded I-girders, including
the determination of initial sizes, is discussed in DM Volume 2, Chapter 2, Section
2.2.3. Further information regarding the design of the bracing members and their
connections may be found in DM Volume 2, Chapter 2, Sections 2.3 and 2.4.

2.4.3.1.4.2 Fundamental Behavior of Stringer Bridges
Steel stringer bridges appear to be relatively benign structures. Given the number of

failures and early deterioration of this bridge type observed each year, this
appearance is often deceiving. These bridges certainly obey the laws of structural
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analysis, including statics and strength of materials. However, many design
provisions are based on rules that have been developed over the past decades from
experience that may not be applicable to modern efficient designs. Anticipating the
correct load paths and hence participation of the various components can be
somewhat demanding on the Engineer.

The LRFD provisions have advanced the art of bridge design by the inclusion of
probabilistic design and many improved strength equations. Also, but less often
addressed, is the introduction of revised assumptions regarding analysis, or
translation of loads to load effects. It is important to understand the fundamental
behavior of steel stringer bridges and the basis of the various load-to-load effect
provisions and their derivation in the LRFD Specifications. In this section, the
fundamental behavior of steel stringer bridges is discussed, followed by an
examination of some of the load-to-load effect assumptions.

The components of typical steel stringer bridges include the stringers, cross-
frames/diaphragms, concrete deck, bearings and substructure. Each of these
components is interconnected to other components with welds, bolts, shear
connectors, various types of bonds, and friction. Structural analysis is the art of
determining the distribution of internal energy, or the load paths, resulting from the
application of loads. The load paths extend from the loads to the ground. Thus,
they generally include several elements and their connections. There are numerous
and redundant load paths in stringer bridges; of course the amount of load that
passes along any given path is a function of its stiffness relative to all available
paths.

There are many simplifications provided in the LRFD Specifications to assist in
determining the load to be assigned to a path. Some paths are only tacitly
recognized because they are relatively minor and are typically not designed for
computed loads. In fact, the term “distortion-induced fatigue” implies a load path that
is not readily apparent and may not have been included in the analysis. It is the
responsibility of the Engineer to ensure that the simplifications are appropriate for a
particular design situation. When they are deemed inappropriate, proper remedial
measures must be taken to ensure that the analysis is appropriate. These
simplifications are discussed in the Specification Commentary; however, some may
be in need of further elucidation.

2.4.3.1.4.2.1 Elements of Stringer Bridges

Stringers span between bearings; they transfer load to the bearings. The transfer is
accomplished by a combination of bending, shear and thrust. Cross-frames transfer
load between stringers by a combination of axial force, and, to a lesser degree, by
bending. Bearings transfer load from the stringers to the substructure. Bearings
frequently resist horizontal as well as vertical loads. Of course, the substructure
resists the forces from the bearings.

Behavior of the concrete deck is complex. Live load is usually applied directly to the

deck, which transfers the majority of the load into the stringers. The deck typically
acts compositely with the stringers to create a much stiffer and stronger member
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than if the steel stringer acts alone. The deck also acts compositely with the cross-
frames to aid in the transfer of load between stringers. Further, the horizontal shear
stiffness of the deck, which is the stiffest element in a stringer bridge, transfers the
loads between stingers.

Lateral bracing between stringers may be located in the plane of the top flanges or
the plane of the bottom flanges. Historically, the specifications have addressed
bottom-flange bracing as resisting lateral wind loads. In earlier days, bridges were
often built with two main girders and a floor system composed of floor beams and
minor stringers. The floor beams were usually much shallower than the girders,
leaving the lower portion of the main girders without lateral support. The bottom
lateral bracing formed a truss with the bottom flanges and was assumed to help
resist the lateral wind force in these cases.

The lateral bracing is not able to discern between wind and other loads so it acts to
resist all loads. Once the deck is hardened, bottom-flange lateral bracing acts to
form a pseudo box composed of the bracing, the two | girders and the deck between
the girders.

In later years, it became evident that full-depth cross frames that are stiffer than any
lateral bracing transferred the majority of the lateral wind load up to the deck.
Therefore, the lateral bracing became superfluous in the final condition and, as
discussed later in this chapter, the AASHTO Specifications allowed it to be removed
in most cases. However, girders alone must resist lateral wind until the deck
hardens when lateral bracing is absent. The result is that the girders are often not
stiff enough nor strong enough to resist wind prior to the deck hardening without
either permanent or temporary lateral bracing. There are three alternatives:
temporary bracing supplied by the contractor; permanent top flange lateral bracing;
or permanent bottom-flange lateral bracing. It may not be necessary for the bracing
to extend over the entire bridge length; that issue is addressed elsewhere in this
chapter.

Top-flange lateral bracing is generally not significant in redistribution of loads
although it acts with the top flanges of the girders to which it is connected. However,
it may be significant on longer spans. It participates with the top-flange in resisting
moment. It may also introduce lateral bending into the top flange.

Bottom-flange lateral bracing may cause redistribution of the loads applied to the
composite structure. In doing this, the bracing and its connections experience
significant force. Inclusion of the lateral bracing members in the analysis is
recommended to properly determine girder moments, shears, and deflections, as
well as forces in the lateral bracing and its connections.

2.4.3.1.4.2.2 Loads and Load Paths
Bridge loads are of the utmost importance since the sole purpose of a bridge is to
permit load to traverse a span. Hence, a bridge can be thought of as a pure

structure that only has to support load and perhaps be aesthetically pleasing at the
same time. Bridge gravity loads can be separated into dead load and live load.

2.51



LRFD for Highway Bridge Superstructures Design Manual

Dead load can be further divided into loads applied to the non-composite structure
and loads applied after the structure becomes composite. Live load is usually
applied to the completed structure; however, some live loads, such as the deck-
finishing machine, are applied to the unfinished bridge. Environmental loads
including thermal changes, wind, ice, earthquake, and stream flow may be applied to
the non-composite or composite bridge. The Specification provides for a number of
load combinations with different load factors to account for the likelihood that they
will occur at once. The probability factors also tacitly adjust for the likelihood of the
full magnitude of the loads being applied in combination. The provisions permit
modification of the load factors if the Engineer expects that the likelihood of some
load combination is outside of that considered in the Specification. The LRFD
Specification has explicitly included the consideration of loads applied during
construction that traditionally have not been considered in the AASHTO
Specifications. These new considerations are discussed elsewhere.

Loads paths for wheel loads are perhaps the most important of any of the load paths
in steel stringer bridge design. Wheel loads are transferred through the deck directly
to the stringers. The deck is typically acting compositely with all the stringers in the
cross-section. If a composite stringer shortens as it is put into flexure, the concrete
deck is compressed. The deck attached to the adjacent stringer must also shorten
the same amount less the shear deformation that occurs between stringers. Hence,
horizontal shear in the deck is a second load path for distributing the wheel loads
that will transfer load to adjacent stringers in proportion to the relative stiffness of the
two paths.

Transverse load paths are also created by the cross-frames or diaphragms. The
cross-frames/ diaphragms act somewhat similarly to the horizontal deck shear in
transferring the load. Cross-frames/diaphragms cause adjacent stringers to deflect
an equal amount less the deflection caused by any elastic shortening of the cross-
frame/diaphragm members and by any rotation of the adjacent stringers. These
transverse members transfer load by a combination of shear and bending, and also
act compositely with the deck. The amount of load transferred in the cross-
frames/diaphragms is proportional to their stiffness compared to the stiffness of the
other available load paths.

Wheel-load distribution factors (WLDFs) have been used in the AASHTO
Specifications since the earliest days. These factors are assumed to consider the
various load paths available to distribute live load to and away from the stringer
being designed. Their application gives the portion of the live load moment or shear
to be employed in the design of an individual stringer. Implicit is the assumption that
the design at hand is similar to that assumed in the development of the WLDFs. The
WLDFs given in AASHTO LRFD Atrticle 4.6.2.2 have been derived from studies of
analytical models of stringer bridges composed of typical members with typical
relative stiffnesses. The WLDFs for interior stringers are based on analyses that
recognize the bending and horizontal shear stiffness of the deck, but without cross-
frames/diaphragms considered (3). Hence, these WLDFs are slightly conservative
for interior stingers.
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The WLDFs for exterior stringers developed from analytical models without cross-
frames/diaphragms were found to give unconservative results for steel stringer
bridges with these members included. Hence, the code writers developed a special
WLDF for exterior girders in such bridges based on the assumption that the bridge
cross-section deflects and rotates as a rigid cross-section (discussed previously —
refer to Equation 2.1). Implicit is a further assumption that the stringers all have
approximately the same stiffness. The WLDFs for girders with skewed supports
were developed from analyses that considered cross-frames/diaphragms and the
horizontal shear stiffness of the deck. If the stringers in the cross-section have
different sizes, then the accuracy of all the WLDFs can be called into question.
Other inaccuracies can occur for a number of reasons, particularly in some
continuous spans. Unparallel skews also are problematic.

All of the analyses made to develop the WLDFs were elastic, as are all known
design-based computer software analyses at this time. Many computer programs
employ the influence line principle for live load analysis. The influence line method
applies only to linearly elastic structures. For example, if a bearing lifts off during
loading, the structural behavior is non-linear and the influence line method is
incorrect. Likewise, if a stringer behaves inelastically, strictly speaking, the influence
line method is incorrect.

Inherent in strength of materials theory is the assumption that plane sections remain
plane under load. This assumption is not critically held in stringer bridges. As
discussed previously, flexure in a composite stringer deviates from this theory
slightly. Assuming that the stringer is in positive flexure, the compression in the
concrete is distributed across the width by shear. Due to shear lag, the compressive
stress is reduced at increasing distance from the stringer. There are rules given in
AASHTO LRFD Article 4.6.2.6 that define the amount of concrete that is to be
considered effective. Generally, these rules are conservative and much more deck
is effective than the current rules allow. However, this is not always the case. An
extreme but common example when the rule is unconservative is at the point where
a concrete deck is discontinued during the deck-casting process. The stringer
continues to resist moment beyond the end of the deck while the stress in the
concrete at its terminus must be zero. However, all of the force in the concrete does
not leave the deck at a point. A similar narrowing of the effective width of deck
occurs at piers when the reaction is introduced into the composite stringer.

Deck design is often based on the assumption that the stringers are rigid. Although
this is never the case, often it is an adequate assumption for the design of the deck.
The empirical deck design method permitted in the LRFD Specifications (AASHTO
LRFD Article 9.7.2) is based on the assumption that the deck supports do not deflect
and the deck is restrained against rotation at the stringers. As reality deviates from
these assumptions, the accuracy of this design approach could perhaps be called
into question. The deck on stringers often is “dished” due to live load. The curvature
of the deck can be translated back to a moment by differentiation of the shape. For
decks on very flexible stringers, this additional moment probably should be
investigated to ascertain that the empirical deck design approach is adequate in
such cases.
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3. Zokaie, T., T.A. Osterkamp, and R.A. Imbsen. 1991. “Distribution of Wheel
Loads on Highway Bridges.” Final Report for NCHRP Project 12-26,
Transportation Research Board, National Research Council, Washington,
D.C.

2.4.3.1.4.3 Rolled Beams vs. Welded Girders

For spans less than about 120 feet in steel I-girder bridge superstructures, the
Engineer has the option to choose rolled shapes over welded girders for the main
stringers.

Wide-flange (1) shapes are hot rolled from billets by repeatedly passing the blooms
through rolls to form the final shape. Wide-flange shapes differ from standard
sections in that they are made on a mill with extra rolls having a vertical axis in
addition to the rolls with horizontal axes. Such rolls permit rolling sections with wider
flanges; hence the name. Wide-flange shapes are designated by the nominal depth
and weight per foot; e.g. a W36 X 182 is nominally 36 inches deep (with an actual
depth of 36.33 inches) and weighs 182 pounds per foot. The available domestic
shapes are listed in the AISC Manual of Steel Construction (4) and also in the
literature available from the domestic shape producers. The wide-flange sections
used for bridge stringers typically range between 24-inch (W24) and the deepest
shapes available domestically, which have a 40-inch (W40) nominal depth. (Note:
the Engineer is alerted to the special requirements contained in AASHTO LRFD
Article A3.1 of Reference 5 related to welded joints in rolled heavy wide-flange
shapes subjected to tensile forces and having a flange thicker than 2 inches).

Figure 2.31 Rolled Beam Superstructure
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Figure 2.32 Fabricated Girder Superstructure

Wide-flange sections are doubly symmetric and have relatively thick webs compared
to most welded I-shape sections. The rolling process imposes a maximum web
depth-to-thickness ratio of approximately 60. In the past, partial length cover plates
were often welded to the flanges of rolled wide-flange shapes used in bridges in
order to increase their bending capacity. However, research has shown that cover-
plate weld termination must be assigned a very low permissible stress range
(Category E or E'), which has essentially limited the current use of welded partial
length cover plates on highway bridges to in-kind replacements.

A common application of rolled beams is as stringers between welded girders in
larger bridges (e.g. Figure 2.23). In these structures, the rolled beams usually span
between 20 and 30 feet and are supported on cross-frames that are bolted to the
welded girders. Rolled shapes for this application are often between 18 and 24
inches deep.

Table 2.5.2.6.3-1 of the AASHTO LRFD Specifications provides suggested minimum
depths for constant depth superstructures. A 40-inch deep rolled beam will meet the
suggested minimum depth for a 120-foot composite continuous span. For a
composite simple span, the same table suggests the maximum span for a 40-inch
deep beam to be approximately 100 feet. The size of the rolled beam must also
meet critical stress or live load deflection criteria. Before designing a rolled-beam
bridge, the Engineer should consider consulting with shape producers to ascertain
the availability of a specific section size and length. The maximum available length
of rolled wide-flange shapes is approximately 120 feet and varies by section size
(again, consult with the shape producers for maximum length availability for a
specific section). Stock lengths are typically available from steel service centers in
5-foot increments between 30 and 60 feet, but they may not meet toughness
requirements and may not be domestically produced.

Rolled shapes for use in bridges should typically be ordered as ASTM A 709 Grade
50S (or AASHTO M 270 Grade 50S), which is the equivalent grade to ASTM A 992
for structural shapes. Note that uncoated weathering steel Grade 50W wide-
flange shapes are available under the ASTM A 709 specification. However,
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rolled wide-flange shapes are not available in any of the high-performance
steel grades (i.e. Grades HPS 50W, HPS 70W or HPS 100W).

A shape equivalent to a rolled wide-flange shape can be fabricated from plate stock
to form an I-shape. It can be shown for a given web depth-to-thickness ratio that the
minimum cross-sectional area of a doubly symmetric noncomposite I-shape that is
required to support a given moment can be computed as follows (6):

2\
A= (188 ] Equation 2.3
o
where:
o = web depth-to-thickness ratio (D/t,)
S = section modulus (in®)

This relationship shows, for example, that using an optimized welded girder having a
web with a slenderness D/t,, of 150 saves almost 30 percent of the steel required in
an optimal shape having a D/t, of 55 that is typical of a wide-flange shape.
Therefore, significant material savings can obviously be obtained by fabricating I-
shaped girders with larger web depth-to-thickness ratios. Whereas rolled beams are
practically limited to a maximum web depth-to-thickness ratio of approximately 60,
welded I-shapes of much more slender web proportions can be fabricated.
However, if the web depth-to-thickness is too thin, vertical stiffeners are required to
prevent shear buckling and longitudinal stiffeners may be required to prevent web
bend buckling.

The use of a singly symmetric girder section with a smaller flange in a composite
section provides additional economy over the doubly symmetric rolled shape without
a cover plate. The potential to use deeper welded sections also reduces live-load
deflections, which can lead to the use of uneconomical rolled beam sections or to
required depths that may not be available.

2.4.3.1.4.3.1 Vertical Camber

Vertical camber is cut into welded plate girder webs to counteract the effect of the
self-weight deflection and to impose the vertical curvature of the roadway alignment.
When the dead load has been applied, the girder will deflect to the alignment of the
profile of the roadway. One of the advantages of steel girders is that they can be
cambered accurately so that the final roadway elevation is very close to theoretical.
A camber diagram is provided on the design plans with the appropriate camber
shown for use in grading of the deck, and also with the total camber shown for use in
fabricating the steel girders. The camber supplied to account for the deflection due
to the weight added to the steel is provided. A survey of the erected steel is made to
determine the height of the deck haunches to account for the deflection due to the
deck and the superimposed dead load.
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Figure 2.33 Surveying Erected Steel Prior to Deck Placement

Rolled beams, however, are rarely cambered to account for dead load deflection.
The web of the beam may distort when the camber exceeds 7 to 8 inches.  For
bridges utilizing rolled beams, a deflection diagram, which is the mirror image of a
camber diagram, is typically shown on the plans instead. Rolled beams have a
natural camber due to the effects of uneven cooling during the rolling process, but
this camber is rarely large enough to offset the effects of the dead load deflections.
Where natural camber exists, it is usually oriented such that the beam is cambered
down over interior piers and cambered up at midspan sections. However, most of
the deflection will still have to be accounted for primarily by varying the thickness of
the deck haunch over the beams along the length in order to achieve the desired
profile grade. The minimum thickness of the deck haunch will typically occur at the
interior piers and abutments or perhaps at the field splice locations. Usually, the
Engineer will detail the minimum deck haunch at the piers and abutments and then
vary it elsewhere along the span. For a welded girder, the thickness of the deck
haunch will generally vary much less than for a rolled beam. The haunch thickness
will vary with the thickness of the top flange and any differences between the actual
and theoretical steel deflections.

For all the apparent economic advantages of the welded I-shape in terms of savings
in material, rolled shapes generally require less fabrication. For situations where
rolled beams are adequate and available, fabricators often prefer them. However,
fabricators like to have the option to substitute an equivalent welded girder in case
availability, delivery or other specific requirements (e.g. maximum available length or
camber) become problematic. Some Owners consider rolled beams to be more
economical than welded girders in situations where a choice can be made.
Therefore, for bridges with spans where a choice between a rolled beam or a
welded shape is possible and where significant camber is not required,
consider specifying rolled beams, ensure that the selected sections are
available, and allow the fabricator to substitute an equivalent welded girder
should the situation warrant. However, since differences in the preferences of
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some fabricators and Owners do occur and market conditions are forever
changing, it is considered prudent to check with the Owner and/or the
fabricators who may be potential bidders on the job prior to making a final
decision.

4. AISC. 2001. Manual of Steel Construction — Load and Resistance Factor
Design. 3™ Ed. American Institute of Steel Construction, Chicago, IL.

5. AISC. 2005. Specification for Structural Steel Buildings. ANSI/ASCE 360.5,
American Institute of Steel Construction, Chicago, IL, March 9.

6. Haaijer, G. 1961. “Economy of High Strength Steel Structural Members.”
Journal of the Structural Division, American Society of Civil Engineers, New
York, NY, Vol. 87, No. ST 8.

2.4.3.1.4.4 Cross-Frame or Diaphragm Spacing and Configuration

Cross-frames and diaphragms perform many important functions in steel composite
I-girder stringer bridges. Cross-frames and diaphragms:

» provide stability to top flanges in compression prior to hardening of the deck
provide stability to bottom flanges in compression
help distribute dead and live loads between stringers

transfer lateral wind loads from the bottom of the girder to the deck and from
the deck to the bearings

resist flange lateral bending effects
resist girder torsion causing non-uniform torsion in the girders
work with the deck to reduce transverse deck stresses

provide lateral support to exterior girders when resisting eccentric loads from
deck overhang brackets

provide end support for deck expansion dams

provide opportunities to jack bridges during bearing replacement
provide support for utilities and walkways

provide geometric control during erection (girder spacing and alignment)

Y V V

V V V V

YV V V V

As discussed previously, cross-frames and diaphragms, along with the concrete
deck, provide the restoring forces that minimize internal energy in the bridge by
resisting the differential deflections between girders, which tends to equalize the load
the girders carry regardless of how localized the loads are applied. During erection
and prior to the hardening of the deck, the cross-frames/diaphragms are often the
only element available to provide the necessary restoring forces to resist the
independent deflections of the girders.
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Figure 2.34 Cross Bracing During Construction

Restoring forces between girders will often be small for bridges with moderate deck
overhangs and approximately equal girder stiffnesses at points of connection of the
cross frames/ diaphragms; e.g. straight bridges with approximately equal-size
girders and bearing lines skewed not more than approximately 10 degrees from
normal where intermediate cross-frames/ diaphragms are placed in collinear lines
normal to the girders. Where intermediate cross-frames/diaphragms are placed in
collinear skewed lines parallel to the skewed supports, which is permitted for support
skew angles up to 20 degrees (see AASHTO LRFD Article 6.7.4.2), this assumption
may be extended to bridges having bearing lines skewed up to 20 degrees. In fact,
in all such cases, it is reasonable to assume that all girders in the cross-
section will resist the component dead loads acting on the noncomposite
section (i.e. the DC; loads) equally, neglecting any effects of elastic shortening in
the cross-frame members. The assumption of equal vertical girder deflections under
the DC; loads in these cases has been borne out in the field. However, assuming
that the girders deflect due to the loads applied to each often leads to problems in
the field when the deflections are actually nearly equal, e.g. equal deflections when
unequal cambers were specified leads to problems when screeding the deck.

In other cases, the differential deflections of the points on a pair of girders connected
by a cross-frame may be very significant. In girder bridges with skews larger than 20
degrees, cross-frames are not permitted to be skewed parallel to the supports, but
must be perpendicular to the girders. Obviously, the points on the two girders
cannot deflect equally. For example, the bearing at the oblique angle on the exterior
girder is perpendicular to a relatively flexile point on the opposite girders. Vertical
loads applied to the girders opposite the oblique bearing are resisted by the girders
to which they are applied and by the oblique bearing, which receives some portion of
the load via the cross-frames in the path between the bearing and the loaded point.
The minimum energy theorem requires that the portion of the load transferred to the
oblique bearing be related to the relative stiffnesses of the paths to the bearings
supporting the loaded girders and the paths to the other bearings, particularly the
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oblique bearing. The elements that develop this system of minimum energy are the
cross-frame elements. The cross-frame forces in this case can become very
significant making connections problematic and expensive. If diaphragms are
employed instead of cross-frames, the load is transferred by the diaphragm end
moments and shears. In either case, the connections to the girders must be
designed to resist these forces. History has shown that when these restoring forces
are not considered, even in right bridges, fatigue cracks can materialize in the
girders and elsewhere. Options to be considered to reduce these restoring forces
are discussed in the next section of this chapter on Cross-Frame/Diaphragm
Spacing.

Figure 2.35 Diaphragms on Skewed Bridge

Load is drawn to the girder(s) with the greatest stiffness when there are girders of
differing stiffness within a cross-section. For example, staged construction creates a
case where some girders are composite when adjacent girders are being decked.
When the wet concrete deck is placed on the noncomposite steel, a disproportionate
portion of this new load is drawn to the stiffer composite girders. To avoid this effect,
the cross-frames/diaphragms connected to the two stages might be disconnected
and a closure pour used after the cross-frames/diaphragms are made effective.

In heavily skewed bridges (i.e. bridges with supports skewed more than 20 degrees
from normal), the cross-frames/diaphragms are subjected to larger forces. The cross
frames/diaphragms at skewed supports contribute an additional effect to the bridge
not present in perpendicular or radial cross-frames/diaphragms. As discussed in
more detail later on, forces in these skewed cross-frames/diaphragms have a
longitudinal (i.e. tangent to the girders) component of force that causes moments at
the ends of girders at simple supports to be other than zero; usually these moments
are negative. The lateral constraint of the bearings in these cases can cause
significant increases in the cross-frame/diaphragm forces and consequent girder end
moments.
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Cross-frames/diaphragms must help provide the necessary restoring forces to resist
the significant differential deflections of the girders that typically occur in heavily
skewed bridges. This is especially true near supports where at one cross-frame
connection point, a girder will have zero deflection because it is located right at the
support, whereas at the other cross-frame connection point on the adjacent girder,
which may be located several feet from the support, the girder may be undergoing
significant vertical deflection. That is, there is a difference in the stiffness of the two
girders at the points where the cross-frames are connected. Obviously, the
assumption of equal girder deflections under the DC; loads is not accurate in this
case. As discussed later, the differential deflections of the girders in skewed bridges
also result in the girders rotating out-of-plumb with respect to the longitudinal axis of
the girders; in particular, at the end supports. Additional discussion on specific
design considerations for I-girder bridges with skewed supports is provided in DM
Volume 2, Chapter 2, Section 2.2.3.8.

It is also important to ensure that where the cross-frame chords or diaphragm
flanges are not attached directly to the girder flanges that provisions be made to
transfer the calculated horizontal force in the cross-frames to the flanges through the
connection plates, which must be positively attached to both girder flanges. This is
particularly significant when large restoring forces are developed in the transverse
bracing members. The term connection plate is given to a transverse stiffener plate
attached to the girder to which a cross-frame or diaphragm is connected. The
eccentricity between the cross-frame chords or diaphragm flanges and the girder
flanges should be recognized in the design of the connection plates and their
connection to the web and flanges of the girders. Additional more detailed
information related to the design of cross-frame and diaphragm members and their
connections is also given in DM Volume 2, Chapter 2, Sections 2.3 and 2.4.

Figure 2.36 Cross-Frame Connection to Girder

The discussion that immediately follows relates to the process of laying out the
spacing of the cross-frame or diaphragm members in an I-girder bridge to arrive at a
reasonable initial framing plan for further investigation during the preliminary design
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stages. Additional discussion is also provided later on the use of cross-frames
versus diaphragms for an I-girder bridge and when the use of each type may be
more appropriate, the different possible configurations for cross-frame members,
and the preliminary sizing of cross-frames and diaphragm members where needed
to perform the analysis.

2.4.3.1.4.4.1 Spacing

Since 1949, the AASHTO Standard Specifications for steel design have specified a
limit of 25 feet on the longitudinal cross-frame or diaphragm spacing. While this limit
has ensured satisfactory performance of steel-bridge superstructures over the years,
it is essentially an arbitrary limit that was based on the experience and knowledge
that existed at that time. In particular, the limit was targeted at much shorter spans
than achieved with modern stringer bridges. It was also developed for stringers
designed for much lower stress levels. The preceding discussion references
restoring forces that create forces in cross-frame members and moments and shears
in diaphragms. The total restoring force within a bay of a span is a function of the
relative stiffnesses of the pair of girders and the difference in the applied loading to
each. Thus, the fewer the cross-frames/diaphragms, the larger the cross-
frame/diaphragms forces per member. In fact, the forces are nearly proportional to
the number of cross-frames/diaphragms in the bay of a span. Thus, too few cross-
frames/diaphragms will result in higher cross-frame/diaphragm forces and are more
likely to lead to fatigue damage at some future time.

In the LRFD Specifications (AASHTO LRFD Article 6.7.4.1), this long-standing
requirement limiting the maximum spacing to 25 feet has been removed. Instead,
the need for cross-frames or diaphragms at all stages of construction and the final
condition is to be established by rational analysis. This requirement implies that
cross-frames and diaphragms may be spaced at distances exceeding 25 feet where
rational analysis and investigation indicates that such spacings are acceptable (note
however that an upper limit on the cross-frame or diaphragm spacing in horizontally
curved I-girder bridges is specified in AASHTO LRFD Article 6.7.4.2). The
investigation should consider all the issues related to the primary functions of cross-
frames and diaphragms that were discussed in the preceding section of this chapter.
Removing the arbitrary 25-foot maximum spacing limit can allow cross-frames and
diaphragms to be located more efficiently, and in certain instances, may even
prevent having to add an additional cross-frame or diaphragm line in a span just to
satisfy this limit, whereas an additional line may not have been required otherwise in
order to satisfy the design criteria. Cross-frames and diaphragms should be spaced
at nearly uniform spacing in most cases, for efficiency of the design, for
constructibility and to allow for the use of simplified methods of analysis for
calculation of flange lateral bending stresses. As discussed later, closer spacings
may be necessary adjacent to interior supports, in the vicinity of skewed supports
and perhaps near midspan. Also, as specified in AASHTO LRFD Atrticle 6.7.4.2,
where supports are not skewed, the cross-frames or diaphragms should be placed in
contiguous lines normal to the girders.

The Engineer should exercise some restraint when extending cross-frame or
diaphragm spacings beyond 25 feet. Interestingly, removal of the 25-foot spacing
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limit leads to the need to consider the cross-frames/diaphragms in the design of the
girders, as well as to potentially treat them more like primary members in more
cases than in the past. For example, the transfer of the noncomposite load from a
heavily loaded stringer to a lightly load one is accomplished via the cross-
frames/diaphragms. Theoretically, only one cross-frame/diaphragm at mid-span will
be sufficient to transfer the load assuming that it has adequate capacity. However,
the same magnitude of load will be transferred through the single cross-
frame/diaphragm as through several; as a result the force in that single cross-
frame/diaphragm is several times larger than if several cross-frames/diaphragms
spaced at the traditional 25 feet were employed. A simple check on the magnitude
of this restoring force can be made by finding the average load assuming all girders
to be loaded equally. The amount of load in the single cross-frame/diaphragm is
equal to the difference between the applied load and the average load. If the span is
such that traditional spacing would require four cross-frames/diaphragms, the single
cross-frame/diaphragm would carry approximately four times the load carried by
each cross-frame/diaphragm in the traditional arrangement. A primitive assumption
might be that the live load forces in the single cross-frame/diaphragm would also be
about four times those in the cross frames/diaphragms provided in the traditional
arrangement. It should be pointed out that stresses in the concrete deck will also
increase with fewer cross-frames/diaphragms. The Engineer should at least be
cognizant of these effects when fewer cross-frame/diaphragm lines are provided,
especially during construction when the bridge is noncomposite and/or when the
bridge is heavily skewed or has an irregular framing plan.

As discussed below, greater spacing of cross-frames/diaphragms has obvious
effects on the design of discretely braced compression flanges; in particular, on the
design of exterior-girder flanges where the cross-frames/diaphragms act as
reactions resisting the lateral force from the overhang brackets. Although more
uniform spacing is generally preferred, one option often overlooked is to vary the
spacing of cross-frames/diaphragms along the span in certain critical regions. For
example, tighter spacing near continuous supports, and perhaps near midspan, may
be desirable, with much wider spacings provided elsewhere. This obviously permits
a reduction in critical spacing without increasing the total number of cross frames.

One of the primary functions of cross-frames and diaphragms is to provide stability
to top flanges in compression prior to hardening of the deck. Cross-
frame/diaphragm spacings in simple spans and in the positive-moment regions of
continuous spans are typically controlled by constructibility criteria. For these cases,
the spacings must be adequate to ensure that the top compression flange of the
noncomposite girder has adequate lateral-torsional buckling resistance under the
self-weight of the steel and the weight of any metal stay-in-place deck forms, plus
the maximum moments generated during the deck-casting sequence. As discussed
previously, exterior girder flanges are also subject to flange lateral bending stresses
due to the torsion resulting from loads applied to deck overhang brackets during
construction.  Therefore, for exterior girders, the cross-frame/diaphragm spacings
must be sufficient to ensure that the compression flange has adequate lateral-
torsional buckling resistance under the combination of the major-axis bending
stresses due to the self-weight of the steel, the weight of the deck forms (if
applicable) and the deck-casting sequence, and the flange lateral bending stresses
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resulting from the effects of the deck overhang loads. The specific design checks
that must be made to ensure that the spacings provide adequate lateral-torsional
buckling resistance under these conditions are described in detail under
Constructibility Verifications in DM Volume 2, Chapter 2.

Figure 2.37 Cross-Frame Connections to Girder Top Flange

In the negative-moment regions of continuous spans, another of the primary
functions of cross-frames/diaphragms is to provide stability to bottom flanges in
compression, both during construction prior to hardening of the deck and under the
total dead plus live load after the bridge is open to traffic. In this case, the spacings
must be adequate to ensure that the bottom compression flange of the
noncomposite girder has adequate lateral-torsional buckling resistance under the
maximum moments generated during the deck-casting sequence (including the
moments due to the self-weight of the steel and any stay-in-place deck forms). Also,
for exterior girders, lateral flange bending stresses due to the effects of deck
overhang brackets loads should be considered as discussed above. However,
since the maximum accumulated negative moments from the sequential deck-
placement analysis typically do not differ significantly from the calculated DC;
moments assuming the deck is placed all at once, this constructibility condition
normally does not control the cross-frame/diaphragm spacings, or bottom-flange
sizes, in the negative-moment regions. Instead, the cross-frame/diaphragm
spacings, and bottom-flange sizes, in these regions are normally governed by the
sum of the factored dead and live load stresses at the strength limit state (i.e. the
design condition after the bridge has been completed and is open to traffic). The
specific design checks that must be made to ensure that the cross-frame/diaphragm
spacings in negative-moment regions provide adequate lateral-torsional buckling
resistance to the bottom flange under this strength limit state condition are described
in detail under Strength Limit State Verifications for Flexure in DM Volume 2,
Chapter 2.
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A third primary function of cross-frames/diaphragms is to help limit flange lateral
bending stresses due to wind load, both during construction and in the final
condition. When wind load is applied to the noncomposite structure during
construction, there is no deck to provide horizontal diaphragm action. Therefore, the
cross-frames/diaphragms in I-girder bridges act as struts in distributing the total wind
force on the structure to the flanges of all girders in the cross-section. The force is
then transmitted to the ends of the span or to the closest point(s) of lateral wind
bracing through lateral bending of the flanges, which is restrained by the cross-
frames or diaphragms at discrete points along the span. Normally, the resulting
lateral flange bending stresses for this condition do not control the cross-
frame/diaphragm spacings based on the load combinations that must be
investigated for this case. Further discussion on checking for the effects of wind
load during construction may be found under Constructibility Verifications in DM
Volume 2, Chapter 2.

For I-girder bridges in the final condition with composite concrete decks, wind load
on the upper half of the exterior girders, the deck, the barriers and the vehicles may
be assumed transmitted directly to the deck, which acts as a lateral diaphragm to
carry the load to the supports. Lateral bending in the top flanges does not need to
be considered because the flange is continuously supported by the deck. Wind load
on the lower half of the exterior girders may be assumed applied laterally to the
bottom flange, which transmits the load to the adjacent cross-frames/diaphragms
through lateral bending of the flange. @ The frame action of the cross-
frames/diaphragms then transmits the wind forces up to the deck, which in turn
transmits them to the supports through horizontal diaphragm action. It can be shown
that in the majority of cases, only a small portion of the wind force on the lower half
of a composite structure is resisted through lateral bending of the bottom flanges;
most all the wind force is transmitted directly to the deck through the cross-
frames/diaphragms. As a result, the cross-frame/diaphragm spacings are normally
not controlled by the lateral flange bending stresses resulting from wind loads
applied to the composite structure in the final condition for the load combinations that
must be investigated for this case. Further discussion on checking for the effects of
wind load on the composite structure in the final condition may be found under
Strength Limit State Verifications for Flexure in DM Volume 2, Chapter 2.

I-girder bridges with skewed supports present several issues related to the layout of
cross-frames and diaphragms. It is important to note that AASHTO defines the skew
angle as the angle between the axis of support relative to a line normal to the
longitudinal axis of the bridge, i.e. a 0° skew denotes a rectangular bridge. As
specified in Article 6.7.4.2 of the AASHTO LRFD Specifications, where supports are
not skewed more than 20 degrees from normal, cross-frames or diaphragms may be
placed in contiguous skewed lines parallel to the skewed supports, as shown in
Figure 2.38. This requirement is consistent with past practice and is based on
welding access to the acute corner between the connection plate and web. Where
supports are skewed more than 20 degrees from normal, the cross-frames or
diaphragms must be normal to the girders and may be placed in either a contiguous
line or in staggered patterns. Figure 2.39 shows a layout where the cross-frames
are placed in a contiguous line and Figure 2.40 shows a layout where the cross-
frames are placed in a staggered pattern.
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Figure 2.38 Contiguous Cross-Frame/Diaphragm Lines Parallel to Skew (for
skew <20°)

Figure 2.39 Contiguous Cross-Frame/Diaphragm Lines Normal to Girders (for
skew > 20°)
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Figure 2.40 Staggered Cross-Frame/Diaphragm Lines Normal to Girders (for
skew > 20°)

In some cases, where supports are skewed more than 20 degrees, it may be
advantageous to stagger the cross-frames/diaphragms, particularly in the vicinity of
the supports, to reduce the transverse stiffness of the bridge. By staggering the
cross-frames/diaphragms, the transverse stiffness of the superstructure is reduced
because the flanges are able to flex laterally and relieve some of the force in the
cross-frames/diaphragms. Although the forces in the transverse bracing members
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are decreased, staggering the cross-frames/diaphragms also has the effect of
increasing the lateral bending stresses in the girder flanges.

As discussed previously, in heavily skewed bridges, significant differential vertical
deflections of the girders occur at the cross-frame/diaphragm connection points. As
the girders deflect and rotate by different amounts, the cross-frames/diaphragms,
which are of fixed dimension and deflect and rotate along with the girders, develop
restoring forces in an attempt to equalize the adjacent girder deformations.
However, because the bracing members are of fixed dimension, the girders must
also twist about their longitudinal axes in order to maintain compatibility of
deformations. As a result, the girders are subject to torsion. The twist, which occurs
along the entire girder, is generally largest at the end supports where the differential
deflections and rotations are typically the highest. An I-girder section, which is an
open section, resists torsion through a combination of St. Venant and warping
torsional stiffness. However, the warping torsional stiffness generally predominates
and manifests itself primarily through the development of lateral bending stresses in
the girder flanges (7). The lateral bending stresses are exacerbated when cross-
frames/diaphragms are staggered due to the fact that there is transverse bracing,
carrying significant restoring forces, on only one side of the girder at a given cross-
frame/diaphragm connection point. Closed-form solutions to estimate the restoring
forces in the bracing members and the flange lateral bending stresses in skewed
bridges, with or without staggered cross-frames/diaphragms, do not currently exist
SO a special investigation is generally advisable. The consideration of lateral flange
bending in skewed I-girder bridges is discussed further under Design Considerations
for Skewed Supports in DM Volume 2, Chapter 2.

Another option to consider where supports are skewed more than 20 degrees is to
remove highly stressed cross-frames/diaphragms, which typically results in
discontinuous cross-frame/ diaphragm lines. A discontinuous  cross-
frame/diaphragm line is defined as one that does not form a continuous line between
multiple girders. Removal of highly stressed cross-frames/ diaphragms, particularly
near obtuse corners at supports (Figure 2.39) releases the girders torsionally. This
is often beneficial in reducing the overall transverse stiffness of the bridge
superstructure, along with the restoring forces in the remaining transverse bracing
members, as long as the girder twist is not excessive. Highly stressed cross-
frame/diaphragm removal also aids in erection by making the installation of the
remaining transverse bracing less difficult. Depending on the severity of the skew, it
may be necessary to remove other cross-frame/diaphragm members along the span
in addition to those near the supports. A preliminary refined analysis of the entire
bridge superstructure is useful in indicating which cross-frames/diaphragms are
potential candidates for removal. As with staggered lines, discontinuous cross-
frame/diaphragm lines can also exacerbate the flange lateral bending stresses in the
girders, particularly near locations where the lines are discontinued. Further
investigation of these stresses is desirable. However, even with staggered or
discontinuous cross-frame lines, often the lateral bending is not critical and the net
result is a desirable reduction in cross-frame/diaphragm forces.
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Figure 2.41 Discontinuous Cross Frame

Other issues to consider relate to the cross-frames/diaphragms along the skewed
support lines. At skewed interior support lines in continuous spans, AASHTO LRFD
Article 6.7.4.2 states that cross-frames/diaphragms are not needed along the
skewed support line if cross-frames/diaphragms normal to the girders are provided
at bearings that resist lateral forces. The cross-frames/ diaphragms normal to the
girders must be proportioned to transmit all the lateral components of force from the
superstructure to the bearings that provide lateral restraint. Otherwise, the lateral
bending in the bottom flange near the restrained bearings may be excessive. At
severely skewed interior supports, e.g. with skews exceeding 20 degrees from the
normal, placement of cross-frames/diaphragms along the skewed support line is not
recommended. The detailing of the intersections with the cross-frames/diaphragms
oriented normal to the girders is complex and those members should be sufficient to
resist any lateral components of force that develop at the bearings. For skews not
exceeding 20 degrees from the normal, cross-frames/diaphragms along the skewed
support line alone may be sufficient. In this case, if cross-frames/diaphragms are
also provided normal to the girders, they may be spaced too close together along the
girders introducing significant lateral flange bending stresses into the girders.
Whatever the case, consideration should always be given to providing a means to
allow jacking of the girders to replace bearings.

A row of cross-frames/diaphragms is always required at abutments (simple supports)
to support the free edge of the deck. End rotations of the girders create forces in
these  cross-frames/diaphragms. As mentioned previously, at cross-
frames/diaphragms along skewed end support lines, tangential components of the
skewed end support cross-frame/diaphragm forces act along each girder. In order to
maintain static equilibrium, vertical bending moments and shears must develop in
the girders at the end supports. Since these end moments are usually negative,
they can potentially introduce tensile stresses in the deck or subject the bottom
flange to compression adjacent to the supports. AASHTO LRFD Article 6.7.4.2
requires that the effect of the tangential components of force transmitted by the
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skewed end support members be considered. The net components of the skewed
end support cross-frame/diaphragm forces transverse to the girders introduce a
torque at the girder ends, which can contribute further to the twisting at the girder
ends. This effect may also need to be considered when the end cross-
frame/diaphragm forces are large. The effect of these transverse forces may need to
be considered in the design of the transverse deck reinforcement. Further
discussion of these effects is provided under Design Considerations for Skewed
Supports in DM Volume 2, Chapter 2.

In order for the connection plates for a skewed cross-frame/diaphragm to transfer
the force between the bracing members without undue distortion, the connection
plates should be oriented in the plane of the transverse bracing. Two options for this
detail are most commonly used; either a skewed connection plate (Figure 2.42), or a
bent gusset plate (Figure 2.43). The skewed connection plate should be limited to a
maximum angle of 20 degrees from normal, as precise fitting of the connection
plates becomes more difficult and the welding of the connection plates to the web
within the acute corners becomes more problematic at larger angles. For angles not
exceeding 20 degrees from normal, it is desirable to give the fabricator the option to
use either detail.

20° MAX.
SKEW ANGLE

CONNECTION
STIFFENER

PARALLEL TO
SKEW

T

Figure 2.42 Skewed Connection Stiffener
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CROSSFRAME

Figure 2.43 Bent Gusset Plate

In summary, based on the issues raised in the preceding discussion, for simple
spans and the positive-moment regions in the end spans of straight continuous-span
I-girder units, a cross-frame/diaphragm spacing between 18 and 25 feet would be
reasonable to assume for preliminary investigation. For the positive-moment regions
in the interior spans of straight continuous-span I-girder units, a preliminary cross-
frame/diaphragm spacing between 24 and 30 feet would be reasonable to assume.
For the negative-moment regions of straight continuous-span I-girder units, a
preliminary cross-frame/diaphragm spacing between 18 and 24 feet would be
reasonable to assume, with the lower end of this range used for the first cross-frame
adjacent to the interior piers. Obviously, upon further more detailed investigation of
the specific design criteria related to the issues discussed above, adjustments to
these initial spacings may need to be made. Adjustments will also likely need to be
made in the regions of skewed supports. Additional discussion on cross-
frames/diaphragms and their spacing may be found in Reference 8.

7. Salmon, C.G., and J.E. Johnson. 1996. Steel Structures — Design and
Behavior. 4™ Ed. Emphasizing Load and Resistance Factor Design,
HarperCollins Publishers, Inc., New York, NY.

8. Mertz D.R.. 2000. Bridge Designer's Guide to Intermediate Cross-Frame
Diaphragms, American Iron and Steel Institute, Washington, D.C.

2.4.3.1.4.4.2 Type, Configuration and Preliminary Sizing

Development of cost-effective cross frames/diaphragms requires careful attention to
their design and their detailing. Although these members account for only a small
percentage of the total structure weight, they account for a significant percentage of
the total erected cost of a steel stringer superstructure.

As specified in Article 6.7.4.2 of the AASHTO LRFD Specifications, cross-
frames/diaphragms for rolled beams and plate girders should be as deep as
practicable, but as a minimum should be at least 0.5 of the beam depth for rolled
beams and 0.75 of the girder depth for plate girders. This will help to ensure that the
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cross-frames/diaphragms provide adequate torsional resistance to prevent twisting
of the beam or girder cross-section at the brace points.

Cross-frames/diaphragms have been the indirect cause of fatigue cracking in a
number of bridges. However, changes in the AASHTO bridge specifications over the
past twenty years have tended to address these historical problems. As specified in
AASHTO LRFD Article 6.6.1.3.1, transverse connection plates for cross-
frames/diaphragms must be welded or bolted to both flanges of the cross-section in
order to provide rigid load paths that preclude the development of significant
distortional bending stresses in web gaps that could potentially induce fatigue crack
growth (see DM Volume 2, Chapter 2 under Fatigue and Fracture Limit State
Verifications for further discussion on distortion induced fatigue). In addition,
transverse connection plates attached to both flanges contribute to the overall
torsional resistance of the cross-section at the brace points, which is particularly
important when more shallow diaphragm sections are used. Previously, welding to
tension flanges was forbidden, but such welds on connection plates have been
shown to provide Category C’ fatigue resistance. Some states still prefer attaching
end angles to diaphragm sections in the shop for field bolting directly to the
longitudinal stringers, which eliminates the need for transverse connection plates. In
this case, it is recommended that the end connection angles conform to the
minimum depth recommendations given above.

Figure 2.44 Shop Welding of Diaphragm Connection Plate

Regarding when the use of diaphragms is more appropriate than cross-frames for an
I-girder bridge, there are no hard and fast rules. Diaphragms are used most often in
rolled beam bridges or in plate-girder bridges when the girders are less than about
48 inches deep. Channel sections or rolled I-shapes are most commonly used for
diaphragms in I-girder bridges; solid-plate diaphragms are rarely used unless
needed as special jacking diaphragms to accommodate bearing replacement.
Channel sections can either be rolled channels or bent plate channels (i.e. a plate
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bent into the shape of a channel by the fabricator) attached directly to the connection
plates or attached directly to the stringers using end angles. The Engineer is
encouraged to consult with local fabricators regarding their preference. Rolled I-
shapes can either be attached to connection plates using gusset plates, attached
directly to the stringers using end angles, or attached directly to the connection
plates. However, if attached directly to the connection plates, rolled I-shapes have
to be coped at the top and bottom at the connection plates to avoid interference,
which obviously increases cost. As specified in AASHTO LRFD Article 6.7.4.2, end
moments in diaphragms should be considered in the design of the connection
between the beam or girder and the diaphragm. Also, diaphragms with length-to-
depth ratios greater than 4.0 may be designed as beams. Otherwise, shear
deformations must be considered in the design of the diaphragm.

Figure 2.45 Rolled Shape Used as Diaphragm

The two most commonly used cross-frame configurations in an I-girder bridge are
the K-type configuration and the X-type configuration. The X-type configuration is
typically the preferred configuration for intermediate cross-frames (i.e. cross-frames
not located at end supports), in particular for deeper girders, but preferences can
vary between and within states. The K-type configuration is preferable for end
cross-frames and for intermediate cross-frames when the angle of the diagonals with
respect to the horizontal is less than about 30 degrees. When this angle becomes
too shallow in an X-type configuration, the unsupported length of the diagonals can
become too large and these members may also be subject to vibrations. In a K-type
configuration, the K formed by the diagonals and one of the chords can either be
pointed up (i.e. diagonals intersecting the mid-length of the bottom chord), or pointed
down (i.e. diagonals intersecting the mid-length of the top chord). The former
configuration is preferred for intermediate cross-frames to reduce the unsupported
length of the more heavily loaded bottom chord. The latter configuration is preferred
for end cross-frames to provide support to the top chord. At the ends of bridges, the
edges of the concrete deck must be supported in order to support the wheel loads
coming onto the deck (refer to AASHTO LRFD Articles 6.7.4.1 and 9.4.4). In an I-
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girder bridge, a rolled I-shape or a rolled or bent plate channel is typically used as
the top chord of the end cross-frames in order to provide the necessary support.
Pointing the diagonals up in a K-type configuration provides some additional support
to this heavier top-chord member in the end cross-frames. One state includes a Z-
type intermediate cross-frame configuration in their standard details to be used on
plate-girder bridges only with girder depths exceeding 42 inches. This configuration
includes a top and bottom strut and a single diagonal sloping toward the bottom
flange of the outside girder in the exterior bay.

25. 7. 2002

Cross Frame Configuration

Some standard details for I-girder bridges have shown intermediate cross-frames
without a top chord. The top chord provides support to the top flange and additional
geometry control to the girders during construction. It is recommended here that the
use of intermediate cross-frames without top chords preferably be limited to straight
bridges with regular framing plans and shorter spans (less than or equal to
approximately 150 feet) where dead load does not predominate. The use of
intermediate cross-frames without top chords is not recommended for bridges for
which geometry control and stability during the erection is especially critical; e.g.
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skewed bridges, horizontally curved bridges or bridges that are constructed by
incremental launching.

Cross-frames should be configured and detailed to allow the fabrication of as many
identical frames as possible. Cross-frames that be assembled in a jig and brought to
the site assembled minimizes the chances of errors and field misfits. Knocked down
cross-frames require more shop and field handling and are more difficult to erect due
to the large number of different pieces that need to be tracked, handled and hoisted.
Cross-frame configurations that can be welded from one side only are preferred to
prevent having to turn the cross-frame assembly over in the shop. Differences in
elevations of the girders should be accounted for with the cross-frame members and
not in the connection or gusset plates. That is, configuring the cross-frames as
parallelograms rather than rectangles will often increase the number of identical
connection plates that can be used. Where used, all gusset plates should be
rectangular to minimize fabrication. Further information on the design of cross-
frames/diaphragms and their connections is given in DM Volume 2, Chapter 2,
Sections 2.3 and 2.4. Additional information on recommended cross-
frame/diaphragm configurations and details is given in Reference 9.

At this point, a few words are in order regarding the preliminary sizing of cross-frame
and diaphragm members. As specified in AASHTO LRFD Article 6.7.4.1, if
permanent cross-frames/diaphragms are included in the structural model used to
determine force effects, they are to be designed for all applicable limit states for the
calculated force effects. But as a minimum, the cross-frame/ diaphragm members
are to be designed to transfer wind loads and to meet all applicable slenderness
requirements (AASHTO LRFD Articles 6.8.4 or 6.9.3, as applicable), and minimum
thickness requirements (AASHTO LRFD Article 6.7.3). Unlike line-girder analyses,
when refined analysis methods are employed, the cross-frames/diaphragms are
typically included in the structural model. As a result, preliminary sizes must be
entered for these members in order to perform the analysis. The methods used to
input there sizes vary with the analysis approach and the specific software that is
used. Regardless, it is important that reasonable initial sizes be entered as the
stiffness of these members does influence the distribution of the forces within the
superstructure. Disproportionately large cross-frame/diaphragm members will draw
larger forces, which may result in having to increase the sizes of these members
even further. It is best to start with smaller member sizes and then increase the
sizes from there as necessary.

Preliminary sizes for cross-frame members can be obtained based on the permitted
slenderness ratios specified for tension and compression members specified in
AASHTO LRFD Articles 6.8.4 and 6.9.3, respectively. In general, single angles, or
when necessary, structural tees, are preferred for cross-frame members. Double
angles are more expensive to fabricate and painting the backs of the angles can
cause problems. Reasonable preliminary sizes for cross-frame/diaphragm members
can also be obtained based on past experience with similar designs. Should cross-
frame or diaphragm member sizes need to be changed significantly based on the
results of an initial analysis cycle, these changes should be reflected in the next
analysis cycle. As small changes in size (e.g. one or two shapes in the shape
tables) are unlikely to have a dramatic effect on the overall analysis results, some
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amount of engineering judgment and experience is required to determine when
changes should be made.

9. AASHTO/NSBA Steel Bridge Collaboration. 2006. "Guidelines for Design
Details, G1.4" National Steel Bridge Alliance, Chicago, IL.

2.4.3.1.4.5 Lateral Bracing

According to Article 6.7.5.1 of the AASHTO LRFD Specifications, the need for lateral
bracing is to be investigated for all stages of assumed construction procedures and
the final condition. For steel I-girder bridges with multiple girders, lateral bracing
may be placed in the plane of either the top or bottom flanges, or in both planes.
The investigation of the need for lateral bracing in an I-girder bridge is primarily
related to control of deformations and the cross-section geometry during
construction; that is, during the erection and the placement of the concrete deck. It
may be found to be particularly useful during construction in resisting lateral wind
loads prior to the hardening of the deck. AASHTO LRFD Article 6.7.5.1 points out
that lateral bracing may also be utilized for the transfer of lateral wind and seismic
loads to the bearings, presumably in the final condition.

Figure 2.47 Lateral Bracing

Lateral bracing has been sometimes placed in the plane of the bottom flanges of
multiple I-girder bridges, typically in the outer bays, and designed to act as a truss
between girder flanges to resist wind load and to transfer lateral wind loads to the
bearings when the bridge is in its final condition. In fact, up until 1979, the AASHTO
Standard Specifications required that for all plate-girder bridges with spans of 125
feet or longer, some lateral wind bracing must be provided at the bottom-flange level.
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This requirement was replaced by an empirical procedure to determine the need for
bottom lateral bracing to resist the wind loads. It was observed that the lateral wind
force is resisted primarily by the cross frames/diaphragms, which transfer the force
to the deck. The deck, in turn, resists the wind forces mainly in diaphragm action.
At the bearings, the force is then removed from the deck via the cross
frames/diaphragms to the laterally restrained bearings. This design procedure
permits elimination of the costly bottom lateral bracing in many I-girder bridges for
that reason. However, lateral bracing is sometimes useful for additional purposes,
as discussed below.

The 1979 empirical procedure for lateral bracing design was not brought forward to
the LRFD Specifications. Instead, the provisions require that the Engineer
investigate rationally the potential need for lateral bracing in I-girder bridges for the
stated conditions. In longer continuous-span bridges, lateral bracing may be used to
stabilize girders during erection and to provide truss-type stiffness to resist wind
during erection stages. In some instances, the contractor may choose to use a type
of temporary lateral bracing for these purposes. Often the temporary bracing is
made of tensioned cables configured in an X-pattern.

Figure 2.48 Top Flange Lateral Bracing

It has been observed that a single plane of top flange lateral bracing contributes little
to the behavior of the bridge after the deck has hardened. In fact, removal of top
lateral bracing members may be expensive and problematic if bolted to the top
flange. One-inch () thick fill plates (between the gusset plates and the underside of
the top flange) may be used to keep clear of stay-in-place form installation.
However, if top plane lateral bracing members are left in place, they may be difficult
to maintain, which may be one reason to consider a system of more easily
removable temporary lateral bracing in some cases.

In a finished composite structure, top flange lateral bracing is subject to much
lower live load forces and the effect of top lateral bracing members on the
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overall behavior of the composite structure can generally be ignored should the
bracing be left in place after construction of the bridge is completed. However,
top flange lateral bracing may have an effect on the noncomposite girder behavior by
causing significant lateral flange moments in the top flanges depending on the
configuration of the bracing pattern, as discussed in more detail below.

Bottom flange lateral bracing creates a pseudo-closed section formed by the I-
girders connected with the bracing and the hardened concrete deck. As a
result, the lateral bracing members connecting the bottom flanges generally are
subject to significant live load forces and should be considered primary
members. For this reason AASHTO LRFD Article 6.7.5.1 states that if permanent
lateral bracing members are included in the structural model used to determine live
load force effects, they must be designed for all applicable limit states and be
considered primary members. The addition of bottom flange lateral bracing usually
causes increases in cross-frame/diaphragm forces in straight girders since the cross-
frames/diaphragms are acting to retain the shape of the pseudo-box section. By
retaining the shape, de facto, the girders with the lateral bracing tend to deflect the
same amount. This leads to a reduction in the difference in moments. Thus, the
exterior girder, which is usually the higher stressed girder, experiences a lesser
moment (and lesser deflections) when bottom-flange lateral bracing is employed. This
modified behavior is not recognized by the live-load distribution factors provided in the
LRFD Specifications. Also, depending on the configuration of the bracing pattern, as
discussed below, the bracing may induce significant lateral bending moments in the
bottom flanges in some cases. Since bottom flange lateral bracing carries significant
live load, it must also be detailed very carefully with respect to fatigue if it is left in the
finished structure.

The lateral bracing configuration and connection details deserve considerable
attention. Arrangement of the bracing is important. A single member per bay is
usually adequate. A bay is typically defined as the distance between cross-frames
where wide cross-frame spacing leads to long bracing members. Arranging the
lateral bracing members in a Pratt truss pattern is usually desirable over the Warren
truss pattern. The reason being that only one Pratt truss member applies force
against the flange at a cross-frame. The top chord of the cross-frame and the lateral
flange bending resist the force in the lateral bracing member. The Warren Truss
pattern applies the force from two lateral bracing members at the intersection
increasing lateral flange moments and top chord forces.

Figure 2.49 Pratt Truss Lateral Bracing Pattern
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Figure 2.50 Warren Truss Lateral Bracing Pattern

The most desirable connection of lateral bracing members to the girders is to bolt the
gusset plates to the flanges. Welding of the connection plates to the flanges or the
web typically results in a fatigue Category E detail with a very low fatigue resistance.
Also, as discussed in AASHTO LRFD Article 6.6.1.3.2, to minimize the effect of out-
of-plane distortion stresses on the fatigue resistance of the base metal adjacent to
the welds when the connection plates are attached to the web, the connections must
be carefully detailed, as the lateral bracing members can be subjected to significant
design forces. As a result, bolting the gusset plates directly to the flanges is the
highly preferred alternative. Further discussion on the design of lateral bracing
members and their connections is given in DM Volume 2, Chapter 2, Sections
2.2.3.6.1.2, 2.3, and 2.4. Additional information on recommended lateral bracing
connections and details is given in Reference 9.

Figure 2.51 Bolted Gusset Plate

AASHTO LRFD Article 6.7.5.2 deals specifically with lateral bracing requirements for
I-section members. The only requirements in this article are that continuously
braced flanges, such as those encased in concrete or anchored to the deck by shear
connectors, do not require lateral bracing, and the need for lateral bracing adjacent
to supports of I-girder bridges to provide stability during construction should be
considered.

The primary function of lateral bracing in multiple I-girder bridges is to control the

geometry and provide stability to the bridge superstructure during erection and
placement of the concrete deck. The application of composite design to girders has
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in effect created at least two structures. The first is the noncomposite structure that
supports its own weight and at least some of the weight of the wet concrete deck
prior to its hardening. Hardening of the concrete adds another very stiff element to
the bridge, i.e. the deck. The deck acts with the steel in resisting longitudinal
bending moments applied subsequently. However, the deck also acts as a very stiff
diaphragm that ensures that the top flanges of the girders act nearly in unison
(except for shear lag). Of course, this has always been the case, but before
composite design was employed, the steel girders were designed to resist all loads
without the assistance of the deck in longitudinal bending. Thus, the girders were
usually stronger and stiffer than their composite counterparts. Prior to the wide
acceptance of welding for bridges, stringer bridges were usually rolled shapes.
Longer spans were designed as girder-stringer bridges. The girders were riveted
and the stringers between the girders were rolled shapes. Welded beams worked
well as composite girders and came into common usage in much longer-span multi-
girder bridges that replaced the girder-stringer noncomposite bridges.

Figure 2.52 Riveted Girder and Floorbeam with Rolled Stringers

Early American bridges were designed and built by bridge companies. After World
War I, the bridge consulting engineering firms completely took over the design
function from the builders. However, contractors generally maintained an
engineering function and performed what today is generically referred to as
construction engineering. The consulting firm designed the completed bridge and
the contractor dealt with the construction issues. Soon, the design and construction
functions were completely separated as owners contracted for the design and
construction separately. Today, the more elaborate structures, such as trusses,
arches, and cable-stayed bridges are constructed by contractors who retain a
consulting engineering firm to perform the construction engineering for the project.
The more routine girder bridges are often built with little construction engineering.

The use of high-performance (higher-strength) steels, wider girder spacings, longer
girder spans, and complex geometry has subtly led to the need for the application of
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construction engineering in the building of many stringer bridges. The tradition of
consulting firms not employing construction engineering during design, combined
with the trend of contracting firms to ignore it in the building of modern steel stringer
bridges, has led to a litigious no-man’s land in many cases. At some point the
Owner, Engineer, and contractor need concurrence with regard to responsibility for
temporary conditions during construction. Often, it is nearly impossible for the
designer to anticipate construction conditions and to control the building of the
bridge. The LRFD provisions do assign certain responsibilities, however, to the
Engineer (refer to AASHTO LRFD Article 2.5.3).

In a steel I-girder bridge, the presence of cross-frames or diaphragms alone does
not necessarily ensure that the girders are adequately braced against lateral-
torsional buckling. Unlike building columns, which are restrained against the ground
by gravity and cannot translate longitudinally with respect to each other, girders in
steel I-girder bridges are often free to translate longitudinally with respect to adjacent
girders when the deck is not present. This negates one of the requirements for girder
stability, i.e., girder planes remain in a plane. Longitudinal restraint provided by the
bearings provides some restraint against both twist and longitudinal deflection of the
girders. However, often the cross-bracing alone is inadequate to restrain the girders
longitudinally and failure of the entire cross-section of girders in lateral-torsional
buckling can result.

Figure 2.53 Failure of Girders During Construction

Lateral flange bracing is a sure means of preventing such a failure of the girders
prior to hardening of the concrete deck. Lateral bracing between at least one pair of
girders in one or more panels adjacent to the supports can provide the necessary
shear restraint to prevent the rectangle formed by the girders and cross-bracing from
changing shape into a dangerous parallelogram as the girders translate with respect
to each other. For continuous-span bridges, such bracing might only be necessary
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adjacent to interior supports. In other cases, provision of adequate lateral bracing at
other locations is often warranted.

Should the bridge be constructed by incremental launching, lateral bracing will likely
be required in one or more bays along significant portions of each span in order to
provide the necessary geometry control of the bridge cross-section during the
launch.

For smaller-span straight bridges, cross-frames or diaphragms acting alone in plan
with the girders through Vierendeel truss action may be sufficient to prevent
longitudinal translation of the girders. As mentioned above, locking girders against
longitudinal movement during erection is typically employed to accomplish the same
objective.

AASHTO LRFD Article C6.7.5.2 suggests that lateral bracing be considered to
prevent significant relative horizontal movement of the girders in spans greater than
200 feet and to control wind induced girder stresses. However, individual
circumstances, such as horizontal curvature, skew, or high wind loads acting on the
noncomposite structure, may warrant the inclusion of some lateral bracing for
smaller spans. Removing the lateral bracing at some point during (or after) the
construction at the Owner’s discretion is an option. If added by the contractor, it is
usually required that it be removed. However, even if temporary lateral bracing is
used, the method used to analyze the bridge system regarding design and removal
of the lateral bracing must properly recognize it.

Although flange lateral bracing is not particularly effective for transferring lateral wind
loads in the final condition when the bridge is composite with the deck, lateral
bracing can provide a significantly stiffer load path for wind loads acting on the
noncomposite structure during construction. Lateral bracing markedly reduces the
lateral deflections and flange lateral bending stresses due to wind load acting on the
noncomposite bridge system. One or two panels of lateral bracing adjacent to a
support (preferably in the plane of the top flanges) can provide an effective line of
support at the cross-frame or diaphragm line within the span where the lateral
bracing terminates, thereby reducing the effective span length resisting the lateral
wind loads. Large lateral deflections are undesirable during construction and could
potentially result in damage to the bearings. At least one state DOT limits the
maximum lateral wind load deflections in the final erected noncomposite structure
during construction under an assumed design wind pressure. An approximate
approach to determine how many panels of lateral bracing, if any, might be
necessary to reduce lateral wind load deflections during construction to an
acceptable level is presented under Constructibility Verifications in DM Volume 2,
Chapter 2.

2.4.3.1.5 Box Girders
2.4.3.1.5.1 Introduction

This section of the manual will discuss additional issues that are specific to the
preliminary design of steel box-girder bridges; namely, the selection of the type of
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girder (tub girder or closed box) and girder cross-section (multi-box or single box),
and the layout of the framing plan -- including the spacing and configuration of
internal and external cross-frames/diaphragms. Also discussed will be issues
related to the design of the top-flange lateral bracing for tub girders, and issues
related to the selection of bearing arrangements and the type of deck. Proportioning
of the flange and web plates for box girders is discussed in DM Volume 2, Chapter 2,
Section 2.2.4. Further information regarding the design of the bracing members and
their connections may be found in DM Volume 2, Chapter 2, Sections 2.3 and 2.4.

Box girders provide a more efficient cross-section for resisting torsion than I-girders,
and are particularly advantageous for horizontally curved superstructures because of
this high torsional resistance. The main advantage this torsional resistance provides
is that each box section is more able to carry the load applied to it rather than
shifting load to the girder on the outside of the curve, as is the case for torsionally
weak I-girders. The tendency to more uniformly share gravity loads reduces the
relatively large and often troubling deflection of the girder on the outside of the curve.
Box girders are able to resist the applied loads often without the extensive use of
permanent cross-frames/diaphragms between the girders. These members are
required in I-girder bridges to shift load between the girders. Erection costs of box
girders are often less because the erection of one box girder in a single lift is
equivalent to the placement and connection of two I-girders. Box girders are also
inherently more stable during erection and may often be erected with fewer cranes
than I-girders, which often require more cranes to provide stability to the girders until
they can be braced by their neighbors. Because of their smooth uninterrupted
profile, steel box girders are also aesthetically pleasing and are often employed
because of their aesthetic qualities. When a single box girder is used, there is of
course no visible bracing.

Steel box bridge members have been used in large trusses and straddle beams
since at least the 1930s. Early box members were built up of four plates riveted to
four hot-rolled angles. Access holes were provided for riveting. More recently,
however, welded steel box girders, which were not practical until welding became
acceptable for connecting major bridge elements, replaced riveted members. The
first welded box girder bridges in America were probably constructed in
Massachusetts in the 1950s. They were made up of four plates welded into a
rectangular box. The two bridges that were constructed had rather severe horizontal
curves, which was most likely the reason that the torsionally stiff box sections were
used. At that time, behavior of open curved sections was not well understood.
Analysis of curved closed-box sections could be done more confidently, although
warping behavior was often not explicitly considered. Closely spaced internal cross
frames were used in the early box girders to control and minimize warping.
Inspection of the Massachusetts box-girder structures in the late 1980s showed the
interiors of the boxes to be in pristine condition after more than 30 years of service in
the relatively harsh New England environment.

It was likely observed that the amount of steel required for these bridges was
excessive. New York State designed two box-girder bridges in the western tier of
the state in the early 1960s. The designs employed lateral bracing between the top
flanges of the individual boxes in the positive-moment regions. Hence, the boxes in
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these regions were actually tubs with top flanges. The torsional shear was resisted
by a pseudo-box section created by the addition of top-flange lateral bracing
members. The lateral bracing was simply designed by resolving the force due to the
torsional shear flow into the individual lateral bracing members. Interestingly, the
portions of the girders in the dead load negative-moment regions of these
continuous-span bridges over the interior supports were closed-box sections built up
from four plates. Perhaps the large torsion at the supports was believed better
handled with a solid top plate, or perhaps the non-composite behavior in those
regions was of concern. One of the bridges was field tested at the time of
construction to confirm its behavior. In the 1990s, the bridge was field tested again
and a refined analysis was performed; both confirmed that the original design was
appropriate.

All of these early bridges were designed having radial supports. They used either
two bearings or a wide rubber bearing at each support so that it could be assumed
that most of the torsion would be resisted at supports by the bearings rather than by
the diaphragms between the girders. Adequate internal bracing was used to ensure
that the boxes did not distort to such a degree that the adequacy of the closed-
section analysis could be disputed.

The smooth appearance of tub girders fabricated from welded plates soon became
popular with both the public and Engineers. As with I-girders and other bridge types,
tub girders were found susceptible to fatigue cracking when not properly detailed.
For example, some longitudinal tub girders were welded to transverse box members
without fully appreciating the implications of fatigue. As with many technological
advances, the application preceded full investigation and improper detailing led to
early fatigue cracking in some of these bridges. The result was that the zeal for steel
tub-girder bridges cooled substantially.

In the early 1960s, Vlasov solved the problem of warping in a closed box subject to
non-uniform torsion (10). The solution showed the relation between the transverse
bending in the box webs and flanges and the internal bracing spacing. Similarly, the
relation between internal bracing and longitudinal warping stresses and distortional
shears was also presented. Dabrowski followed by developing equations to predict
the distortional shears and stresses (11). In 1968, Wright et al wrote a paper
describing how the Vlasov solution for the box-girder problem was analogous to the
Beam-on-Elastic-Foundation (BEF) problem (12). This meant that cross frame
forces and through-thickness bending stresses in the box plates could be computed
using well-established equations. A series of charts permitted semi-graphical
solutions. The work was given wider distribution via a Bethlehem Steel publication
authored by Heins and Hall (13). This work provided more confidence in predicting
the behavior the design of box-section members. A further advance was the
application of finite-element analyses to box girders that addressed their distortion as
a whole structural unit. As a result, the fatigue life of weldments could be better
guantified. One result of these efforts has been identification of fatigue-critical areas
where bolting rather than welding is usually employed on box sections.

Design provisions for straight composite steel tub girders were first introduced in the
10th Edition of the AASHO Bridge Specifications dated 1969. These provisions,
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developed as part of a joint effort between the American Iron and Steel Institute
(AISI) and the University of Washington, were based on analytical work as well as
some model tests. The provisions applied solely to tangent multi-box cross-sections.
By implication, skewed supports were not considered. Torsion was implicitly
considered and recognized in the distribution of live loads, but was thought to be
insignificant in the design of tub girders based on the parameters covered by the
research and limited in the specifications. The capacity of the bottom plate in
compression was based on classical plate buckling equations (14). Special wheel-
load distribution factors were developed to assign live load to the tub girders (15).
To ensure that the wheel-load distribution factors were applied within the limits of the
research study from which they were developed, limits were placed on the cross-
section within the provisions.

Design provisions for horizontally curved box girders were included in the first edition
of the AASHTO Guide Specifications for Horizontally Curved Bridges dated 1980.
These provisions considered more general design parameters. Torsion was
explicitly considered. However, skewed supports were not specifically addressed,
although clearly skewed supports create more torsion than does curvature in many
typical bridges. This does not imply that skewed supports could not be considered
within these provisions, but they clearly did not recognize the criticalness of skews.
The original allowable stress design provisions were developed under the
Consortium of University Research Team (CURT) Project, which was under the
direction of the FHWA, a group of state DOTs, and industry representatives (16).
The Guide Specifications also included Load Factor Design provisions, which were
developed separately under AISI Project 190 (17). The bridge cross-section was not
limited in the curved-girder provisions; instead, a rational analysis was required to
distribute the loads. Box flange plate capacity was again based on classical plate
buckling equations, only including the effect of shear stress (18). (Note: a box
flange is explicitly defined in AASHTO LRFD Atrticle 6.2 as a flange that is connected
to two webs). The consideration of torsion implied consideration of forces developed
in internal cross frames and lateral bracing, as well as bracing between adjacent
girders. Since consideration of distortional stresses was also required by these
provisions, the computation of the distorsional warping stiffness of the box sections
became necessary. This could be determined directly by finite-element analysis or
by using the BEF analogy. Torsional moments resulting from the superstructure
analysis could be used in conjunction with the BEF analogy to compute cross-frame
forces as well as through-thickness bending stresses due to cross-section distortion.

There were several failures of major steel box bridges around the world, generally
during construction, which demonstrated that these bridges were not without their
concerns. The British formed a special commission called the Merrison Commission
to investigate these failures. From the work of that commission came the Rules by
the same name. These new rules were extremely conservative in their attempt to
ensure that no additional failures of box- girder bridges would occur. When applied
literally, the rules ensured that no such bridges would fail because they would be too
expensive to build. This conundrum prompted a major research project in Britain,
which included both analytical studies and supportive testing. The research,
completed in about 1980, resulted in the development of the modern BS54 box-
girder design provisions.
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In the late 1970s, the FHWA formed a task force to develop a new American design
specification, specifically for steel box-girder bridges. The firm of Wolchuk and
Mayrbaurl developed the Proposed Design Specifications for Steel Box Girder
Bridges in 1980 (19). The vast majority of this work was derived from the British
research. Although the proposed specifications were mainly directed toward larger
box girder bridges than were typically built in the United States, it has been
employed in the design of several bridges in the U.S.

The 2003 AASHTO Guide Specifications for Horizontally Curved Steel Girder
Highway Bridges employed much of the earlier work from the 1980 AASHTO Guide
Specifications. These specifications were developed by BSDI, Ltd. and Auburn
University under the direction and sponsorship of the National Cooperative Highway
Research Program (NCHRP), and include Load Factor Design provisions only (20).
Several refinements were introduced in these provisions related specifically to tub
girders. Shear connectors were required to be designed for torsional shear as well
as vertical bending. The connectors were also to be designed for transverse shear
forces. These provisions also included special considerations for box girders during
construction.  Single-box and composite closed-box cross-sections were also
covered more extensively than in any previous AASHTO provisions.

The design provisions for straight and horizontally curved box girders were unified
for the first time in the Third Edition of the AASHTO LRFD Specifications. The
specific provisions are covered below and in DM Volume 2, Chapter 2, Section 2.2.4.

2.4.3.1.5.2 Fundamental Behavior of Box Girder Bridges

Figure 2.54 shows qualitatively the deformations of a box section due to vertical
(bending) and torsional loads. The deformations include vertical deflection due to
flexure (Figure 2.54a), rotation or twist due to torsion (Figure 2.54b) and cross-
section distortion due to torsion (Figure 2.54c).
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Figure 2.54 Box-Section Deformations due to Vertical and Torsional Loads
Figure 2.55 shows in simplistic fashion how a vertical load applied away from the

shear center of the box can be separated into bending (Figure 2.55a) and torsional
(Figure 2.55b) components based on the principle of superposition.
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Figure 2.55 Separation of Vertical Load into Bending and Torsional
Components

Figure 2.56 shows how the torsional load can be further separated into pure
torsional (Figure 2.56a) and distortional (Figure 2.56b) components.
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Figure 2.56 Separation of Torsional Load into Pure Torsion and Distortion
Components

The bending and torsional components result in three normal stresses, four shear
stresses and one through-thickness bending stress, as illustrated in Figure 2.57.
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Figure 2.57 Box-Section Stresses due to Bending and Torsional Components

Figure 2.57a and Figure 2.57b show the normal stress and shear flow, respectively,
due to bending of the box section about the major axis. Figure 2.57c shows the pure
torsional or St. Venant torsional shear flow, which is a function of the box wall
thickness and the reciprocal of the enclosed area of the box (see Equation 2.6
below). Figure 2.57d and Figure 2.57e show the normal stress and shear flow,
respectively, due to warping torsion (see DM Volume 2, Chapter 2, Section 2.2.3.1.2
for a further discussion of St. Venant and warping torsion). The warping torsional
constant for closed-box sections is approximately equal to zero; therefore, shear and
normal stresses due to warping torsion are typically quite small and are usually
neglected for closed-box sections (i.e. box sections composed of four steel plates,
pseudo-box sections composed of tub sections closed at the top by a system of
lateral bracing members or tub sections with top lateral bracing and a composite
concrete deck). Thus, the primary torsional resistance mechanism in box sections
consists of the St. Venant torisonal shear flow around the closed section. Figure
2.57f, Figure 2.57g, and Figure 2.57h show the stresses associated with distortion of
the box cross-section; that is, normal distortional warping stress, distortional warping
shear flow and distortion transverse bending (i.e. through-thickness) bending stress,
respectively, resulting from the torsion. The stress diagram shown in Figure 2.57h
shows the transverse bending stresses in the outside fiber of the box components.
These distortional stresses basically occur because the section is not perfectly
round. The shear flow must change direction at the corners, which tends to warp the
section. If the section were round, the distortional stresses would be zero.
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The amount of the warping is related primarily to the amount of distortion in the
cross-section of the box. Warping due to distortion of the cross-section creates
normal (longitudinal) stresses and associated shearing stresses termed distortional
warping stresses (Figure 2.57f and Figure 2.57g). In addition to the warping
stresses, transverse bending stresses through the thickness of the flanges and webs
also occur (Figure 2.57h). The transverse bending stresses are associated with the
shear flow vector changing direction. Since torsion is not mitigated along the
section, the section tends to continue to distort and warp until interrupted. In closed-
box and tub girders, this interruption is accomplished with intermediate internal
cross-frames or diaphragms. These members provide quite rigid restraint against
movement of the four corners of the box with respect to each other; hence, restoring
the box to its original shape. Astute location of these braces controls the distortion
and associated warping actions.

The work required of the cross-frame or diaphragm members is a function of the
applied torque, cross-frame spacing, and the torsional stiffness of the box. The
warping stresses are a function of the same parameters. The longitudinal warping
stresses are largest at the corners of the box section where critical welded details
are often located, and according to the specification, must be considered when
checking fatigue (12). AASHTO LRFD Article 6.11.5 requires that these stresses be
considered for fatigue in certain specific cases by adding the magnitude of the range
of live load longitudinal warping stresses to the magnitude of the range of the live
load major-axis bending stresses. Adequate internal cross bracing usually controls
the magnitude of these stresses in boxes of typical proportion such that they are not
critical to the ultimate resistance of the box section at the strength limit state.
AASHTO LRFD Article 6.11.5 also requires that the range of transverse bending
stresses be considered in these same cases when evaluating the fatigue resistance
of the base metal adjacent to flange-to-web welds and adjacent to the termination of
fillet welds connecting transverse elements to webs and box flanges. The
calculation of distortional stresses and stress ranges, along with the specific cases
for which these stresses must be considered for fatigue, are discussed in greater
detail in DM Volume 2, Chapter 2, Section 2.2.4.6.1.1.1.

Composite box girder bridges are actually designed as two different constructions;
noncomposite and composite. The noncomposite case may be separated into two
different cases; cross-sections composed of girders that are not connected to
adjacent girders, and cross-sections composed of girders that are connected to
adjacent girders via cross-frames or diaphragms. The composite bridge can also be
separated into similar cases.

Torsion is generally introduced into bridge girders by three different means. The first
is application of vertical or lateral loads not passing through the shear center of the
cross-section. This includes essentially all dead, live, and wind loads. The second is
through horizontal curvature of the girders. The third is through the bearings or
supports. A single bearing will resist little torsion and stability must be obtained at
other bearing points with more than one bearing or by cross-frames or diaphragms
attaching the girder to adjacent girders. Conversely, a pair of bearings on a skewed
support can introduce substantial torsion into a box girder. The bearing nearest the
span receives greater load than does the rear bearing; hence, a torque is introduced
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by the presence of unbalanced loads with respect to the shear center of the section.
Connections between the boxes tend to restore the girder to its original position. As
a result, the forces in these cross frames/diaphragms are often referred to as
restoring forces.

The composite box girder is subjected to torsion by similar means. However, it
resists torsion in a much different manner than a torsionally weak I-girder. The
concrete deck acts to restore the box girder by distributing torsion as well as flexural
loads to adjacent girders. The deck of a multi-box-girder bridge acts similar to the
deck of a multi-I-girder bridge in that load is transferred by horizontal shear as well
as by flexure in the deck. However, the deck of a box-girder bridge is also subjected
to the horizontal shear due to the shear flow in the box. Hence, it is particularly
important to check the deck reinforcement for these additional shear forces.

2.4.3.1.5.3 Type

Although the design of composite closed-box sections used as primary longitudinal
flexural members is covered in the AASHTO LRFD Specifications, there are few
such closed steel box girder bridges built in the U.S. today due to the cost of the
necessary safety requirements for a welder to be inside of a closed box. Therefore,
the configuration of steel boxes has migrated toward the tub girder. Early tests and
experience have shown that the corrosion of the inside surfaces of closed steel box
sections caused by the limited oxygen and water present in the entrapped air is of
little consequence. The sections need not be hermetically sealed to prevent
corrosion of the interior if provision is made for drainage and air circulation to reduce
the likelihood of condensation. Tub girders cannot be completely sealed because
moisture may enter through inevitable cracks in the concrete deck. However,
corrosion of the interior has been shown to be minimized when provisions are made
for adequate drainage and ventilation of the interior.

Another reason that tub girders tend to dominate the scene in the U.S. is their
inherent economy. The wide spacing between the webs at the top of economical
tubs would be very expensive to close with a steel plate. Tub girders with inclined
webs also allow for the use of a narrower more economical bottom flange plate while
enjoying the advantage of a wider spacing of the webs supporting the deck.

An exception to tub girders is a steel box straddle beam often employed to provide
support, while also providing the necessary underclearance. In these cases, closed
steel box girders are found to be very economical. Usually straddle-beam boxes are
relatively narrow; typically less than four feet wide. If there is adequate vertical
clearance, the longitudinal girders can be supported on the box with traditional
bearings. If adequate vertical clearance is not available, the girders are designed to
abut or penetrate the box straddle-beam. Steel straddle beams provide an
advantage over concrete straddle beams in that they may be erected quickly with
minimal traffic interruption, as is commonly associated with a concrete straddle
beam. However, if the girders abut or penetrate the box, they are even more quickly
erected than a similar detail with a concrete straddle beam. To maintain the
advantage of avoidance of shoring provided by utilizing a steel straddle beam, it is
necessary to plan for the erection of the girders. Possible alternative fabrication
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procedures for the closed boxes are discussed in Reference 40. The design of such
straddle beams is assumed covered by the AASHTO LRFD Specifications.

Multi-cell single steel boxes are rarely employed and are not covered in the
AASHTO LRFD Specifications. One of the few such structures in the U.S. is the
ramp structure on the western side of the Fort Duquesne Bridge in Pittsburgh,
Pennsylvania, which was constructed in the late 1960s. There have been few, if any,
of these structures built since that time. Analysis of the multi-cell single box requires
consideration of the torques in adjacent cells and the complex addition of torsional
and flexural shears. Fabrication, shipping and erection of these structures are also
difficult. The use of a nearly full-width bottom flange required by these structures is
almost never economical. As a corollary, the fewer the number of boxes and the
narrower the boxes, the more economical the cross-section.

Single box cross-sections are often chosen for prestressed concrete bridges for the
simple reason that they are economical. A number of single-box steel bridges have
also been built in the U.S. As with prestressed concrete, they have been generally
found to be very economical when compared with cross-sections composed of two
or more boxes. In some situations, they can be competitive with multi-stringer I-
girder bridges. One of the drawbacks to their wider use may have been the lack of
their treatment in the AASHTO Standard Specifications. The work that led to these
provisions was intended to limit design to box girders that did not require
consideration of torsion in their design. These Specifications state specifically that
the wheel-load distribution factors given are only applicable to cross-sections with
two or more single-cell composite box sections. Fortunately, the 1993 and 2003
AASHTO Guide Specifications for horizontally curved steel bridges have no such
specific cross-sectional limitations. These curved-girder provisions require a rational
analysis that is capable of addressing curved or tangent bridges. Thus, a single-box
cross section that inherently must resist torsion is acceptable. The AASHTO LRFD
Specifications permit the use of single box cross-sections with no limitations. These
provisions require that shear due to St. Venant torsion and transverse or through-
thickness bending and longitudinal warping stresses due to cross-section distortion
must be considered for single-box sections. The economy of a single box comes
from several facts: There are fewer pieces to fabricate and erect; there are two fewer
webs for each box girder eliminated; a single box resisting all of the dead load is less
affected by fatigue considerations than would be the case with more boxes, each
with less dead load; and the substructure supporting a single box is more
economical than a wider redundant pier and foundation required for more than one
box girder.

As with prestressed concrete box-girder bridges, a transversely post-tensioned
concrete deck may be used when large deck overhangs or girder spacings are
employed. A bridge width too great to be built with a single box can be designed
with more box girders, again, as would be the case with prestressed concrete box
girders. Such a bridge was built in Canada (Macmillan Yard, Toronto) having a deck
nearly 100-feet wide supported on two steel boxes, with a clear span between the
boxes of about 30 feet and 15-foot overhangs. This vaulted deck was transversely
post-tensioned. Vaulting, again as with prestressed concrete box girders, permits
straight (undeviated) transverse strands to work in both positive and negative
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bending. This particular bridge was bid successfully against a similar post-tensioned
segmental concrete design. If the cross-section configurations of competing
concrete and steel box girder bridges are similar, then properly designed steel is
competitive with concrete. The converse is also true: A two-box steel bridge cannot
compete with a single-box concrete bridge. A recent example is the Four Bears
Bridge across the Missouri River in North Dakota. There are no examples of a two-
box concrete bridge competing with a single-box steel bridge. The Storrow Drive
Bridge across the Charles River in Boston is a good example of a recent steel
single-box bridge carrying a wide deck (approximately 80 feet in width). The deck on
this bridge is supported on transverse beams and is not post-tensioned.

The issue of redundancy of single box bridges has been raised. If some longitudinal
strands in a concrete single-box bridge fail due to the bridge being struck, or due to
corrosion, failure could possibly occur due to the unbalanced prestressing force in
combination with gravity. If a steel single-box bridge is struck, its ductility is likely to
prevent failure. If a brittle fracture should occur in the steel of a single box bridge,
failure could possibly occur due to overstressing of the section at the piers.
However, modern bridge steels have proven to be quite ductile and no brittle
fractures have been reported in these modern materials that are twenty years or less
in age.

2.4.3.1.5.4 Bearing Arrangement

The arrangement of bearings can have a significant influence on the design of box
girders. A single bearing centered over the shear center at a support minimizes the
torque resisted by that support. The torsion due to vertical load is removed from the
box at such a support via the cross-frame(s) or diaphragm(s) connecting the box to
its neighboring box(es). As specified in AASHTO LRFD Article 6.11.1.2, if single
bearings narrower than the bottom flange are used, they are to be aligned with the
center of the box and all other supports must have adequate resistance against
overturning under any design load combination. As specified in AASHTO LRFD
Article 6.11.1.2, double bearings may be placed between or outboard of the webs.
Placing the bearings outboard of the box reduces overturning loads on the bearings
and reduces uplift reactions. Wide box spacing, large overhangs, and curvature all
can create large uplift forces in addition to the uplift issue related to skewed
supports. Uplift should generally be checked ignoring the effect of any future
wearing surface to ensure that parapet loads on the overhang do not cause uplift
that would only be resisted by a future wearing surface.

If a support has a pair of bearings, the torque resisted by the pair may be rather
large. If a two-bearing support is skewed, the lead bearing is loaded heavier than
the rear bearing, thus introducing torgue. In single-box sections, significant torsional
loads may occur during construction as well as under live loads. Live loads
positioned near the extremes of the deck can cause critical torsional loads without
causing critical flexural moments. Therefore, live load positioning must be
investigated for both flexure and torsion. It is important to recognize the position and
configuration of the bearings in such analyses in sufficient completeness to permit
direct computation of the reactions.
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Orientation of guided bearings can usually be addressed in a manner similar to I-
girder bearings. Note that in lieu of bearings, integral cap beams of steel or concrete
are often used with box sections.

2.4.3.1.5.5 Spacing and Configuration of Internal and External Cross-Frames and
Diaphragms

2.4.3.1.5.5.1 Internal Cross-Frames/Diaphragms

This discussion is based on the assumption that the top of the box or tub is closed
by either a steel plate or adequate lateral bracing. Hence, the box girder is treated
as a closed section since shear can flow around the section. The shear center is
located within the closed section. Torsion is the main load effect controlling the
spacing and stiffness of internal diaphragms or cross-frames. Unlike moment that
varies along the girder, torque remains relatively constant over the girder length until
the girder is torsionally restrained. The magnitude of torsional warping is related to
the magnitude of the torque and the amount of distortion in the cross-section of the
box; i.e., warping increases as the box becomes more susceptible to cross-sectional
distortion. Internal cross-frames are the usual means of controlling the distortion.

As specified in AASHTO LRFD Article 6.7.4.3, intermediate internal cross-
frames/diaphragms are required in box-section members if there is much torsion. A
simple X-brace will restrain the relative position of the four corners of the box minus
the elastic shortening of the bracing members. However, the webs and flanges
distort due to transverse bending introduced by the torque and the cross-bracing.
Wright et al (12) showed that the equations for the cross-section distortion and
restraining cross-frame members are analogous to those for a beam on an elastic
foundation. The bending in the webs and flanges is analogous to the flex in the
beam so supported, while the cross-frame members are analogous to the supports.
The cross-frame is typically attached to transverse stiffeners serving as connection
plates that are attached to the web and to the top and bottom flanges. Hence, the
web at the cross-frame is stiffer than the web alone. The bottom flange is not
typically stiffened transversely unless a bottom transverse member is provided within
the internal cross-frames. These transverse elements would be typically welded to
the flange or attached to the longitudinal flange stiffeners (if present) by bolting.
Without such stiffening, the bottom flange plate is more flexible that the web and will
distort more. In certain situations, this sharp discontinuity in stiffness can cause
significant through-thickness transverse bending fatigue stresses (due to cross-
section distortion) at the end of the vertical connection plates. Through-thickness
transverse bending stresses are most critical in cases where the applied torques are
significant; e.g. boxes resting on skewed supports.  Steps that can taken to
ameliorate this situation, and the specific cases for which this situation must be
considered, are discussed in more detail under Fatigue Limit State Verifications for
Box Girders in DM Volume 2, Chapter 2, Section 2.2.4.6.

Spacing of the internal cross-frames/diaphragms is primarily determined based on
control of distortion of the box. Forces in the cross-frames also should not cause
awkward, expensive connections. Distortion is most easily monitored by the
magnitude of the longitudinal warping stresses at the cross-frames. This action is
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the result of restoring the shape of the box to its original shape. On straight bridges
without skew, most of the distortion is due to live load. If skew is present, dead load
and live load are both important sources of torque. Boxes with or without skew on
which the deck is unsymmetrically placed can also be subject to significant torque.
The required cross-frame spacing is roughly inversely proportional to torque that the
box must resist. As specified in AASHTO LRFD Article 6.11.1.1, for all single box
sections, horizontally curved sections, and multiple box sections not meeting the
requirements of AASHTO LRFD Article 6.11.2.3 (discussed further in DM Volume 2,
Chapter 2, Section 2.2.4.1.2) or with box flanges that are not fully effective according
to the provisions of AASHTO LRFD Atrticle 6.11.1.1 (refer to DM Volume 2, Chapter
2, Section 2.2.4.1.1), transverse bending stresses due to cross-section distortion are
limited to 20 ksi at the strength limit state. Longitudinal warping stresses are to be
added to the bending stresses for fatigue in all the aforementioned cases, but are to
be ignored at the strength limit state. However, AASHTO LRFD Article C6.7.4.3
does recommend spacing the internal cross-frames/diaphragms to limit the
longitudinal warping stresses due to the critical factored torsional loads to 10 percent
of the stresses due to major-axis bending at the strength limit state. The spacing of
the internal cross-frames/diaphragms is limited to 30 ft in these specific cases
(AASHTO LRFD Article 6.7.4.3 — note that it has recently been proposed to
AASHTO to raise this limit from 30 ft to 40 ft to reflect the additional torsional
stiffness provided by box sections in relation to I-sections). Again, the calculation of
the distortional stresses is discussed further in DM Volume 2, Chapter 2, Section
2.2.4.6.1.1.1. AASHTO LRFD Article C6.7.4.3 further states that where distortion of
the section is adequately controlled by internal cross-frames or diaphragms, acting in
conjunction with a top lateral bracing system in the case of tub sections, the St.
Venant torsional stiffness constant J for the box section may be determined as:

_ A
J=d4—>
X .
t Equation 2.4
AASHTO LRFD Equation C6.7.4.3-1
where:
Ao = area enclosed by the box section (in.?)
b = width of rectangular plate element (in.)

thickness of the plate element (in.)

For tub sections where top lateral bracing forms a pseudo-box section, formulas are
available (11, 21) to calculate the thickness of an equivalent plate for different
possible configurations of top lateral bracing for use in Equation 2.4.

For all other cases not mentioned in the preceding paragraph, transverse bending
stresses and longitudinal warping stresses due to cross-section distortion have been
shown to be small (15). Therefore, it may be possible to consider reducing the
number of permanent internal cross-frames/diaphragms in such cases taking into
account that as a minimum, internal cross-frames/diaphragms should be placed at
points of maximum moment within the span and at points adjacent to field splices.
Additional permanent or temporary internal cross-bracing members may also be
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required for transportation, construction and at the lifting points of each shipping
piece. It is also important to note that for all tub sections, internal cross-bracing in
combination with lateral top flange bracing (discussed below) is required to stabilize
the shape of the tub section prior to hardening of the concrete deck. Thus, caution is
advised when considering any significant reduction in the amount of internal cross-
bracing.

If at least two intermediate internal cross-frames/diaphragms are not provided in
each span, AASHTO LRFD Article 6.11.1.3 requires that the total effective thickness
of the flange-to-web welds not be less than the smaller of the web or flange
thickness of the box section in order to develop the smaller of the full web or flange
section. Full-thickness welds should be provided in this case due to secondary
flexural stresses that may develop in the box section as a result of vibrations and/or
cross-section distortion.  Where two or more intermediate internal cross-
frames/diaphragms are provided in each span, AASHTO LRFD Article 6.11.1.3
permits the use of fillet welds for the flange-to-web connections. The welds must be
placed on both sides of the connecting flange or web plate to minimize the potential
for a fatigue failure resulting from transverse bending stresses, and the welds must
meet the minimum and maximum size requirements specified in AASHTO LRFD
Article 6.13.3.4 (see the section on the design of Welded Connections in DM Volume
2, Chapter 2). The provision of at least two internal intermediate cross-
frames/diaphragms per span can significantly reduce the distortional stress range at
the web-to-flange welded joints such that fillet welds meeting the size requirements
of AASHTO LRFD Article 6.13.3.4 and other appropriate design requirements may
be assumed adequate (22).

As indicated in AASHTO LRFD Article C6.11.3.2, in tub sections with inclined webs
with a slope exceeding 1 to 4 (which is permitted when outside the special
restrictions specified in AASHTO LRFD Article 6.11.2.3 and discussed in DM
Volume 2, Chapter 2, Section 2.2.4.1.2), and/or where the unbraced length of the top
flanges exceeds 30 feet, additional intermediate cross-frames, diaphragms or struts
may be required to reduce the lateral bending in discretely braced top flanges of tub
sections resulting from a uniformly distributed transverse load acting on the flanges.
This load results from the change in the horizontal component of the web dead load
shear plus the change in the St. Venant torsional dead load shear per unit length
along the member. In lieu of a refined analysis, the maximum lateral flange bending

moments M, due to the transverse load can be estimated as follows:

F,L2
M/f =T 5 .
12 Equation 2

AASHTO LRFD Equation C6.10.3.4-2
where:

F, = magnitude of the factored uniformly distributed transverse load (kip/in.)
L, = unbraced length (in.)
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This simple equation is based on the assumption that the flange is continuous at
both brace points. At simple supports, the equation is unconservative. The entire
transverse load at the top is assumed applied to the top flanges (23).

Overhang construction can cause significant lateral bending of the outer top flange
of tubs that otherwise is rather lightly loaded. Overhang brackets are generally
attached to the top flange and apply an outward lateral pull of the exterior flange.
This pull is equilibrated by a similar force on the lower portion of the tub. Preferably,
the lower force is applied at the level of the bottom flange. If the force is applied to
the web, some manner of restraining the web is required. The cross-
frame/diaphragm or strut can be assumed to act as a reaction supporting the top
flange as a beam within the panel under consideration. Wind loads during
construction may also create moment in the top flanges.

One of the most challenging issues with box girders is access for inspection. The
use of internal K-frames with the K-node at the top seems to provide the best access
while providing the required stiffness to prevent box distortion. At supports, internal
plate diaphragms are generally employed. Access through the diaphragms at
interior supports is provided with access holes at least 18 inches wide and 24 inches
high. In addition to restraining distortion of the box section, the diaphragms at
supports also transfer load from the girder webs to the bearing(s). If a single
centered bearing is used, the diaphragm must be stout enough to resist the reaction
and transfer the load around any access hole. Reinforcement around the hole may
be required, particularly if the access hole requires a large portion of the diaphragm
or if a single bearing is located under the diaphragm. Auxiliary stiffeners on the
diaphragm or webs may be employed to spread out the reaction. In such cases, it
may be desirable to perform a refined analysis of the diaphragm. Torsion causes a
different magnitude of shear in the webs of the box on the two sides of the
diaphragm. AASHTO LRFD Article 6.7.4.3 requires that an internal plate diaphragm
provided for continuity or to resist torsional forces be connected to the flanges and
webs of the box section. External plate diaphragms with aspect ratios, or ratios of
length to depth, less than 4.0 and internal plate diaphragms act as deep beams
(AASHTO LRFD Article C6.7.4.3) and should be evaluated by considering principal
stresses rather than by simple beam theory. Fatigue-sensitive details on these
diaphragms and at the connection of the diaphragms to the flanges should be
investigated by considering the principal tensile stresses. Further information on the
design of solid-plate diaphragms may be found in DM Volume 2, Chapter 2, Section
2.4.4.

The attachment of internal cross-frame connection plates to box flanges is discussed
in DM Volume 2, Chapter 2, Section 2.2.4.6.1.2.

2.4.3.1.5.5.2 External Cross-Frames/Diaphragms

Cross-frames or diaphragms between the boxes attempt to restore the relative
position of the adjacent sides of two tub or closed-box girders. In addition to vertical
load, these members resist and/or introduce torsion in the boxes. To resist the
action of these members, AASHTO LRFD Article 6.7.4.3 requires that an interior
cross-frame/diaphragm be used in-line with each exterior cross-frame/diaphragm.
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At end supports, both external and internal members are required to support the
deck and the wheel loads coming onto the deck. External bracing also acts to
restrain the rotation of the boxes at the end supports. If single bearings are used,
the distance that the deck and its supporting members span may effectively be as
large as the distance between the bearings, and not the distance between the inner
top flanges, depending on the rotation permitted by the external bracing in
conjunction with the torsional stiffness of the box. Deck stresses and the demand on
the external diaphragm increase with increased end rotation of the boxes.

The uncluttered appearance of box girders is lost with too many external cross-
frames. External cross-frames or diaphragms must be provided between girder lines
at interior supports, particularly during erection, unless analysis indicates that the
boxes are torsionally stable without these members. This is especially true when a
box or tub girder has only one bearing per support. External bracing is sometimes
needed before the deck hardens to control the relative deflection and rotation of
adjacent boxes. Many times these members are removed after the deck has
hardened. Removal is awkward; particularly if the released members have large
built-up forces in them after the deck hardens. A partially connected member might
fail or remaining bolts may fail. Removal of members with large forces due to earlier
loads introduces restoring forces into the bridge. Depending on the magnitude of
these forces, it may be necessary to analytically re-introduce the opposite forces as
a superimposed load condition to evaluate the effect of the release of the bracing
forces on the bridge. For example, a member having a force of 100 kips tension
introduces a reversed force of 100 kips when removed. Removal of temporary
bracing with large forces may lead to increased deck stresses.

2.4.3.1.5.6 Lateral Bracing

The shear center of an open tub section is located below the bottom flange (24).
The addition of top lateral bracing raises the shear center to the inside of the tub
resulting in a pseudo-box section significantly increasing the torsional stiffness.
Lateral bracing between common top flanges of a tub is therefore required to ensure
proper shear flow in individual tub girders. Without lateral bracing, the section acts
as an open section and is very unstable under torsion. Top-flange bracing also
helps in retention of the tub shape due to lateral forces induced by inclined webs in
cases where the web slope exceeds 1 to 4 (as discussed previously in Section
2.4.3.1.5.5.1). Limiting the inclination of the webs to a slope of 1 to 4 minimizes the
lateral component to a magnitude that the flange can resist.

AASHTO LRFD Article 6.7.5.3 permits the use of lateral bracing system over less
than the entire girder in straight tub girders if torsion is small such that it can be
resisted without excessive deformation. Particular attention should be paid in such
cases to torsional loadings that might be induced during shipping, erection and
placement of the concrete deck. Whenever a partial-length lateral bracing system is
considered, AASHTO LRFD Article 6.7.5.3 requires that the local stability of the top
flanges and the global stability of the individual tub sections be investigated for the
Engineer’'s assumed construction sequence. It is suggested that at least one panel
of lateral bracing be provided on each side of an anticipated lifting point. The need
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for additional lateral bracing to resist the shear flow resulting from any net torque on
the steel section due to unequal factored deck weight loads acting on each side of
the top flanges, or any other eccentric loads acting on the non-composite steel
section during shipping or construction, should also be considered. When a straight
tub with a partial-length lateral bracing system is subject to a net torque, top-flange
lateral bending stresses and cross-section distortional stresses must be considered.

Full-length lateral bracing is desirable even with straight girders when the torques on
the non-composite section are particularly large, e.g. tub-section members on which
the deck weight is applied unsymmetrically, or members resting on skewed supports.
A full-length lateral bracing system can help limit distortions that may result from
temperature changes occurring prior to deck placement, and resist the torsion and
twist resulting from any eccentric loads that may act on the steel section during
construction, including the effects of deck overhang brackets. AASHTO LRFD
Article C6.7.5.3 recommends that a full-length lateral bracing system be provided
within straight tub sections utilized on spans greater than about 150 feet. For
horizontally curved tub girders, a full-length lateral bracing system must always be
provided according to AASHTO LRFD Article 6.7.5.3. Top lateral bracing should
always be continuous across field splice locations. Otherwise, large lateral flange
bending stresses might occur in the top flanges of the tub where the bracing is
discontinued.

Although not required by code, it is desirable to attach lateral bracing to the top
flanges of the tub rather than to the webs (and preferably by bolting). When these
members are attached to the webs, forces in the lateral bracing are transferred to
the web or connection plates before the forces can be resisted by the top flanges.
This creates a circuitous load path and potential fatigue prone details; both which
must be considered in the design. In such cases, the connections to the web must
be made according to the requirements of AASHTO LRFD Article 6.6.1.3.2 to
prevent potential problems resulting from distortion-induced fatigue (refer to the
section on Fatigue and Fracture Limit State Verifications in DM Volume 2, Chapter 2,
Section 2.2.3.6.1.2). Also, as specified in AASHTO LRFD Article 6.7.5.3, if the
bracing is attached to the webs, the cross-sectional area of the tub for shear flow Ao
(see below) must be reduced to reflect the actual location of the bracing, and a
means of transferring the forces from the bracing to the top flange must be provided,;
that is, an adequate load path, with fatigue considered, must be provided between
the bracing-to-web connections and the top flanges. Some Owners specify
removable deck forms, even within the tub. These forms are very difficult to remove
when lateral bracing is attached to the flanges. To avoid connections of the bracing
to the web, it is recommended that the requirement for removable forms be
rescinded wherever possible in favor of using permanent metal deck forms within the
tub(s). One-inch ( ) thick fill plates between the gusset plates and the underside of the top
flanges can be used to stay clear of the stay-in-place form installation.

The top lateral bracing must be designed to resist the shear flow in the pseudo-box
section resulting from any torsion acting on the steel section due to the factored
loads before the deck has hardened. These members also act with the tub in
flexure. Hence, forces in the bracing due to flexure of the tub during construction
must also be considered (based on the assumed construction sequence). Top
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lateral bracing members are also subject to wind load forces acting on the
noncomposite tub section during construction.

When the forces in the bracing members are not computed directly with a refined
analysis, the shear flow f across the top of the pseudo box section (in units of
kips/in.) can be computed as follows:

Equation 2.6

AASHTO LRFD Equation C6.11.1.1-1

where:
Ao = enclosed area within the box section (in.?)
T = internal torque due to the factored loads (kip-in.)

In calculating A, it is assumed that the top lateral bracing acts as an equivalent
plate, effectively closing the tub to form a box. The torsional shear (in kips) across
the top of the tub equals the resulting shear flow times the center-to-center distance
w between the top flanges. That force is then resolved into the vector along the
diagonal bracing member. There is also a compatibility force due to flexure that
must be resolved into the same vector. Bracing member forces due to flexure of the
noncomposite tub can be estimated by an approach presented in Reference 23 in
the absence of a more refined analysis. Note that since top lateral bracing
contributes to the flexural stiffness of the tub section, the bracing member should be
resolved into the section properties when determining stiffness for analysis and for
section properties when computing stresses (refer to the last paragraph of AASHTO
LRFD Article C6.11.1.1 — see also Equations 2.3b and 2.3c in DM Volume 2,
Chapter 2, Section 2.2.1.4.1.2).

When torques are large and a dominate torque direction occurs, it is possible to
orient the lateral bracing members such that they are in tension for shear flow,
although they may be in compression due to flexure, and vice versa. By configuring
the lateral bracing as a Pratt Truss (Figure 2.49) with the directions of the diagonals
determined from the sign of the torque, significant economy can often be realized
with the Pratt Truss configuration over the more typical Warren Truss configuration
(Figure 2.50) that leads to half of the diagonal members in compression. As
discussed previously for I-sections, in the Pratt Truss orientation, only one member
applies lateral force against the flange at a cross-frame or strut. The force is
resisted mainly by the strut or the top chord of the cross-frame, and to some degree
by lateral bending of the top flange. In the Warren Truss orientation, two lateral
bracing members apply force at the intersection with the flange and the cross-frame
or strut. This has the effect of substantially increasing the lateral flange bending
moments and the forces in the top chord or strut. Note that an approach for
estimating the flange lateral bending stresses due to these forces when a Warren
Truss configuration is utilized (in lieu of a refined analysis) is presented in Reference
23. Single-diagonal lateral bracing configurations such as the Pratt Truss or Warren
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Truss configurations are preferred over X-type configurations because there are
fewer pieces to fabricate and erect and fewer connections to detail.

AASHTO LRFD Article C6.7.5.3 recommends that the following requirement be
satisfied to ensure that a reasonable minimum area is provided for the diagonal
members of the top lateral bracing for tub sections:

Ag =0.03w Equation 2.7

AASHTO LRFD Equation C6.7.5.3-1

where:
Ag = minimum required cross-sectional area of one diagonal (in.?)
w = center-to-center distance between the top flanges (in.)

This requirement was included in the 1993 AASHTO Guide Specifications for
horizontally curved girders and was intended to ensure that top lateral bracing would
be sized to that the tub would act as a pseudo-box section with normal stresses due
to warping torsion less than or equal to 10 percent of the major-axis bending
stresses and with minimal warping torsional displacements. The criterion was
originally developed based on tub sections with vertical webs, with ratios of section
width-to-depth between 0.5 and 2.0, and with X-type lateral bracing configurations
with the diagonal members at an angle of 45 degrees to the longitudinal centerline of
the girder flanges (25). Although most tub-girder configurations will likely differ from
the configurations for which the above criterion was developed, the criterion at least
ensures that some reasonable minimum area will be provided for these members
regardless of the configuration. In many cases, larger members will likely be
required to resist the applied member forces.

When selecting the bracing arrangement, the angle the bracing is to make with the
flanges must be determined. As the angle is increased, the bracing force due to
both torsion and flexure is reduced. Also, a larger angle between bracing and flange
reduces the length of the brace, which is important for bracing that must resist
compression. Opposing these facts is that a flatter angle reduces the number of
elements required in the bracing system. It is for this reason that a Pratt Truss
arrangement that allows tension bracing is economical. It should be noted that
usually the direction of the Pratt Truss configuration changes over a span. At the
central location, it may be desirable to introduce one bay of X-bracing.

One of the commonly asked questions is whether lateral bracing members attached
to the top flange midway between cross-frames/diaphragms act as a brace point for
the top flange in compression. There probably is no concrete answer, but it is
conservative to not assume a brace point at these connections, unless a buckling
analysis of the structure based on a refined model of the tub(s) is performed.
AASHTO LRFD Article 6.11.3.2 takes the conservative position when it states that
the unbraced length of the top flanges of tub sections should be taken as the
distance between interior cross-frames or diaphragms. If the lateral bracing member
can be oriented so that it is in tension for the shear flow in regions where the same
member is in compression due to flexure, there is less need to control its length and
spanning from cross-frame to cross-frame is obviously the most economical
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arrangement. At locations where only struts exist between the top flanges, top
lateral bracing attached to the flanges at these points may be considered to act as
brace points at the discretion of the Engineer according to AASHTO LRFD Atrticle
C6.11.3.2.

2.4.3.1.5.7 Concrete Deck Options

The cross-section of the deck may be a traditional flat soffit deck or vaulted. If
moderate spacings of the boxes are employed, a deck with a flat soffit (inside and
between the girders) and mild reinforcing is best. However, if bolder spacings and/or
overhangs are used, a vaulted deck with transverse post-tensioning may be the
most economical choice.

In a limited number of cases, a precast concrete deck has been employed with steel
tub girders. Typically such decks are not economical. However, when speed of
construction is important, precasting has been found to be practical. Deck panels
may be placed on one or two tubs and spliced together on a longitudinal joint. This
splice can be accomplished with mild reinforcing and a field-cast joint. Deck units
may be joined together with epoxy as the units are installed and post-tensioned.
The post-tensioning force should be adequate to prevent transverse cracking due to
thermal changes in the steel

As mentioned above, if a single-bearing design is used, the transverse bending
moment in the deck is usually much larger than that determined by the free span
between webs due to the rotation of the boxes when vertical load is placed on the
deck between the webs of adjacent boxes. Cross-frames/diaphragms between the
boxes can reduce the rotation and associated deck stresses. Large skews and other
extreme torques can cause large shear flow in the deck. Even with top lateral
bracing, the stiffer deck resists most of the shear flow once it hardens. AASHTO
LRFD Article C6.11.1.1 states that for tub sections, the deck should be assumed to
resist all the torsional shear acting on top of the composite box section. The deck
reinforcement should be designed for this horizontal shear.

Precast decks have been designed for tub girders. The first such application was
the steel alternate design of the Wallace Viaduct in Idaho (not built). This bridge had
precast vaulted deck units ten feet long. The deck was post-tensioned in both the
longitudinal and transverse directions. In this design, prestressing to overcome
thermal stresses was required. This requirement was found to be too severe in that
the ducts could not be practically located and the cost was excessive. The ramps on
this project employed single box cross-sections. The mainline unit required more
boxes. However, they were widely spaced with deck spans up to 30 feet. Separate
deck sections were designed for placement on each tub and subsequent post-
tensioning both transversely and longitudinally. Some deck sections were over 40
feet wide.

Another vaulted deck design was utilized on the MacMillan Yard Bridge near
Toronto, Ontario (alluded to previously). The advantage of a vaulted deck, of
course, is that undeviated post-tensioning can act at the top of the deck in negative
bending and at the bottom of the deck in positive bending. The MacMillan Yard
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Bridge had two boxes in the cross-section with deck overhangs of 15 feet and a free
deck span between box webs of approximately 30 feet for a total deck width
approaching 100 feet. This deck was cast-in-place, but post-tensioned transversely,
with only mild reinforcement provided longitudinally.  This design was bid
successfully against a segmental concrete design.

A precast deck design was also utilized on the box girder bridges on the
Westchester Parkway in New York State. These box-girder bridges were designed
originally with a cast-in-place deck, but the contractor opted for a precast deck that
was post-tensioned longitudinally in order to speed construction and take advantage
of a per diem payment for early completion. Transverse joints were grouted and
tensioned. Shear connectors were welded through pockets in the deck and grouted.
The bridges were built in phases with longitudinal joints. Adjacent phases were
connected with small closure pours containing mild reinforcing only. The transverse
length of the deck sections traversed two tub girders, or a width of about 40 feet.
Again, this project was satisfactorily completed and is functioning well.
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Qtr.

2.4.3.1.6 Redundancy Considerations

The term redundancy implies the exceeding of what is considered necessary or
normal. Hence, the implication in structural redundancy is the inclusion of something
that is not necessary for the normal functioning of the structure. In order to design
structures with the least cost, that style of structural redundancy is a type the
Engineer tries best to avoid.

Structural redundancy became a matter of some discussion when several structures
suffered major fractures. It was observed that a fracture failure in bridges such as
the Silver Bridge, which had no redundancy, led to the loss of life. On the other
hand, fracture failures experienced by other bridges, such as the 1-79 Bridge over
Neville Island, which was structurally redundant, only led to minimal inconvenience.
Since those days, much effort has been spent defining structural redundancy, when
it exists, and how it can best be obtained. This approach falls under the rubric of
designing for failure, since if the bridge does not fail, structural redundancy is not
called upon. But the importance of bridges and the human lives they carry seems to
call out for at least some level of redundancy in every structure.

Structural redundancy is typically defined as the ability of the structure to continue to
carry loads after a member fails. The implication is that the failure of a single
member will be identified before a second member fails. Structural redundancy
exists in most highway bridges. However, it is not always simple to determine the
presence or absence of adequate redundancy as defined herein. For example, it
may not exist in a single box girder cross-section of either steel or posttensioned
concrete; it may or may not exist in a horizontally curved multi-girder bridge.

Therefore, it becomes necessary to consider a methodology for the determination of
whether redundancy exists. A bridge would be expected to support its design load
after a fracture occurs. Assume that it will not be expected to support more than the
design live load. The bridge must also support its dead load. A load factor of 1.3 is
suggested for both of these loads based approximately on the dead-load factor
applied in the LFD and LRFD methodologies. The lower factor applied to the live
load is based on expected overloading. The method of loading must be considered
in a fracture investigation. Much of the load (i.e. the dead load) is applied to a
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noncomposite structure, but the fracture effect acts entirely on the composite
structure. The live load is applied to the composite structure in both cases.

The dead load is applied as in design. However, the fracture introduces a
redistribution of internal actions and external reactions as a result of the fracture. In
a steel structure, introduction of the fracture is rather straightforward. The stress at
the fracture face must be zero. Thus, forces are applied to the fractured structure at
the location of the assumed fracture in a reverse sense to those applied under dead
load, forcing the net resultant stresses at the fracture face to be zero. The resulting
load case is additive to the dead load cases originally employed during the design.

Ensuring that adequate reinforcing within the deck and adequate shear connection
of the deck to the girders are provided to resist the effects of the fracture are
important factors in determining the redundancy of composite steel bridges.

In a posttensioned concrete structure, the process is similar but more complex. The
typical case would be a segmental box girder with a portion of the bottom flange
destroyed. The force in the broken strands would be reversed and applied to the
remaining structure. Grouting of the strands must be considered. The multiple
strands provide some redundancy against failure of a strand.

The same concept can be employed in steel structures by using multiple elements to
from a member. Typically, this type of redundancy occurs with riveted members.
Modern truss members and arch ties have been made of built-up bolted members to
provide redundancy, as have girder bridges that were considered non-redundant. In
these structures, the remaining elements in the member need to be examined to
ensure that they are adequate. Additional bolt shear forces are encountered should
an element fail when the force in the failed element is redistributed through the bolts
in the vicinity of the failure to the functioning elements.

Perhaps the best approach is to design and build the structure such that it does not
fail; hence avoiding the need for providing structural redundancy as defined herein.
This approach also has been investigated intensely since the 1960s—and with great
success. It was observed that most all of the steel bridges that failed were either
welded using the older technologies that existed at the time, as in the case of Neville
Island girder-bridge, or of old material and/or out-of-date design practice, as in the
case of the Silver Bridge. Investigations showed that tougher steel, better design of
details, and more intense inspection makes steel bridges much tougher and
extremely resistant to fracture. This research is borne out as is evidenced in the
paucity of fractures of newer bridges in the United States. In structures that are not
considered structurally redundant, AASHTO LRFD requires that the critical elements
be built according to the Owner’s Fracture Control Plan (typically based on the
fracture control plan specified in the AASHTO/AWS Bridge Welding Code — see DM
Volume 2, Chapter 2 under Fatigue and Fracture Limit State Verifications). This plan
includes stringent steel and welding consumable specifications and strict welding
procedures with close inspection. Generally, the additional costs associated with
this work and material specification is not great and can usually be more than offset
by the increased efficiency of the structural form. Cross-sections having a single tub
or widely-spaced tubs are a good example of such economy. Single tubs save not
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only on steel and fabrication costs; they permit significantly reduced-cost
substructures. A number of these bridges have been built across the nation and are
functioning safely. These structures are discussed in more detail in Section
2.4.3.1.5.3 of this chapter.

2.4.3.2 Two-Girder Systems

Two-girder systems have fallen into disuse in the United States due to their
perceived lack of redundancy. Historically, two-girder systems were very common
and many are still in use. Two-girder systems may be divided into two categories;
deck-type and through-type systems.

Figure 2.59 Through-Type Two-Girder System

One significant advantage of the through-type system is the increased clearance that
this system provides. Railroads found this particularly advantageous since elevating
the rail grade is even more expensive than doing the same for a highway. The
compression flange of the girders in a through-girder system must receive its bracing
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from stiffening brackets. One disadvantage of the through-type system is that the
girders must be spaced wider apart than the roadway width, forcing a relatively
heavy floor system. The deck-type system has less clearance than the through-type
system. However, the deck overhangs permit a girder spacing less than the deck
width. Hence, a relatively lighter floor system can be used. The deck-type system
also provides a more traditional appearance.

Many of the older bridges were built of riveted girders with rolled shapes for the floor
system. The multiple elements in the riveted flanges provided redundancy. One
reason that these bridges were so common was their economy. The cost of labor for
riveting and the cost of material for the two-girder cross-section were reduced with
this system compared to those costs for a comparable multi-girder cross-section.

Most existing two-girder bridges in the United States are noncomposite since they
were built prior to composite design being widely employed in bridge construction.
Most are simple-span construction for the same reason; continuous-span
construction was uncommon in the days of riveted construction.

Another issue related to the early two-girder bridges is the tendency of the floor-
beam ends to create end moments at the girders. These moments were rarely
accounted for in the design and have led to fatigue cracking of the girder webs in
some cases. The fatigue cracks usually occur at the flange-web juncture. Often the
floor beams are attached to wide plates or brackets that extend into the floor-beam
span. These types of attachments tend to increase the end moments in the floor
beams and these moments must be removed by couples in the girder through the
development of lateral moments in the girder flanges. Often the connection plates
are not attached to the flanges, forcing the load through the flange-to-web welds.

Two-girder bridges often are found to have bottom flange lateral bracing. These
members resist lateral wind force since the bottom portion of the girders may be
unsupported by the floor beams. The lateral bracing members also may act with the
sway bracing in the vicinity of the supports. In addition, these members act in
resisting torsional loads by converting the cross-section of the structure into a
pseudo-box section. Dead loads that are not applied symmetrically to the deck
cause torsion, and subsequently, forces in the lateral bracing system. Live loads are
usually unsymmetrical with respect to the cross-section and cause torsion in a
similar fashion. Live load forces in the lateral bracing system need to be
investigated for fatigue. Removal of the lateral bracing usually leads to an increase
in the live load girder moments and wind forces in the girder flanges.

Decks of two-girder bridges behave somewhat differently than decks on typical multi-
girder bridges. The full width of the deck is often not fully effective near bearings
due to shear-lag effects. The result is slightly higher horizontal shear stresses in the
deck. If the floor beam deflects significantly, stresses transverse to the girders are
generated in the deck since the deflection of the deck varies across its width. If the
floor beams and the stringers (if necessary) are at the level of the bottom of the deck
and the stringers are bolted to the floor beams, the stringers are likely not acting as
continuous beams and there may be excessive longitudinal stresses in the top of the
deck.
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There are a few bridges of this type recently built in the United States. Most are
composite with the main girders and often are composite with the floor beams (and
stringers where provided). More bridges of this type have been built in Switzerland,
where the deck is often precast and attached to the girders with shear studs welded
through pockets in the deck. The deck sections are then posttensioned and the stud
pockets grouted.

The advantages of two-girder cross sections are the same as in earlier days. They
provide a minimum number of webs, which introduces significant economy. The
amount of welding is substantially reduced with only two main girders in the cross-
section and by utilizing rolled shapes for the floor beams/stringers. Fatigue is less
critical in the main girders since they are usually proportioned to carry a number of
traffic lanes, hence they are heavier than girders in multi-girder bridges and the
effect of a single truck is much less. Two-girder bridges also require fewer bearings
and can be erected in less time.

The main girders may be built-up using angles and plates bolted together (much as
a riveted girder) in order to provide the desired redundancy via the multiple-element
technique discussed previously. The only two-girder bridges that are known to have
experienced fractures continued to carry live loads after fracture occurred. A refined
analysis with assumed hypothetical cracked components (described elsewhere in
this manual — see the preceding section of this chapter on Redundancy
Considerations and DM Volume 2, Chapter 2 under Fatigue and Fracture Limit State
Verifications) can demonstrate that many of these bridges are redundant in their own
right.
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2.5 Prestressed Concrete Bridge Superstructures

The objective of this topic is to introduce various types of prestressed concrete
structures, their typical spans and applications. Different types of construction, using
precast and cast-in-place techniques are introduced. The intent is to familiarize the
reader with basic concepts, terminology and techniques to be addressed in greater
detail in subsequent Chapters.

2.5.1 Introduction

Prestressed concrete bridges are defined by their type of superstructure — for
example, precast girder, cast-in-place or precast box girder, cable-stay, etc. It is
customary when describing a bridge, to quote the typical or maximum span length,
overall bridge length or number of spans to indicate the scale of the structure.

The typical or maximum span length depends very much upon the type of
superstructure. Different types of superstructure, their application and span ranges
are presented below as a guide for selecting a bridge solution. They are presented in
approximate order of increasing span length and complexity.

2.5.2 Superstructure Types

The following is a summary of the main types of prestressed concrete bridge
construction. It is not necessarily an exhaustive treatment of all types and
applications. Some projects may incorporate combinations of types and construction
techniques.

2.5.2.1 Slab Bridges (Cast-in-Place)

Slab construction is often used for small superstructures generally in the span range
of 20 to 40 feet. For spans in the lower half of this range, the slab superstructure is
usually solid concrete. In the upper half of this range, it may be voided to save
weight. Alternatively, if a slab is structurally continuous, it may be solid but
haunched, being shallower at mid-span and deeper over interior supports. The
structural capacity of both solid and voided slabs may be provided by mild steel
reinforcing or by post-tensioning.

Slab type superstructures, whether solid, voided or haunched, are constructed cast-
in-place on site using temporary formwork and falsework.

2.5.2.2 Precast Prestressed Plank
Being produced off-site at a factory, precast prestressed concrete planks offer a
means of constructing a small span solid or voided slab superstructure requiring little

on-site cast-in-place concrete and formwork (Figure 2.60). The main structural
capacity is provided by longitudinal pre-tensioning strands installed in the factory.
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Precast planks have small bottom flanges and are placed side-by side, almost in
contact, leaving only a narrow erection tolerance gap between the flanges (Figure
2.60). Above the small bottom flange, there is a wider gap or sometimes a block-out
about 6 to 9 inches wide to facilitate connection of transverse post-tensioning ducts.
After the wider gaps and blockouts have been filled with a cast-in-place concrete,
transverse post-tensioning of either strand or bars is installed through ducts in each
plank to make them function structurally as a monolithic slab. It is very important to
give special care and attention to design details, fabrication, erection and installation
in order to ensure tendon ducts align transversely and are properly sealed to protect
tendons from corrosion.

Typically, precast prestressed planks are suitable for simply-supported structures
with spans up to about 40 feet. It is possible to make spans continuous for traffic
loads by means of suitable details for reinforced connections over interior supports.

Figure 2.60 Precast Prestressed Plank (spans 20 to 40 feet)
2.5.2.3 Inverted Tee Beams

Inverted T-beams are usually based upon the bottom portion of a standard AASHTO
I-beam (below) comprising the bottom flange and a portion of the web (Figure 2.61).
They are erected side-by-side with their bottom flanges almost in contact — leaving
only a small gap for erection tolerance. After sealing the small gaps with a suitable
permanent material or tape and placing transverse reinforcement, the spaces
between the webs them are completely filled with cast-in-place concrete to the
elevation of the top of the deck. In this manner, inverted T girders are both the
primary structural member and permanent formwork. This type of superstructure is
usually suitable for simply-supported spans in the range of about 25 to 40 feet and
offers an alternative to cast-in-place slabs or precast prestressed planks.

2.5.2.4 Double-T Girders

Double-T girders are widely used by the building industry. However, for bridges, the
top flange must be thickened to carry highway traffic loads or an additional
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reinforced concrete slab must be placed on site, using the thin top flange only as a
permanent form (Figure 2.61)
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Figure 2.61 Precast Sections for Short Spans
2.5.2.5 Box Beams

Precast prestressed concrete box beams are of a hollow rectangular section and
may be placed against each other, similar to precast planks, or may be spaced
apart. A reinforced concrete deck slab is cast on top. Close contact eliminates or
minimizes the need for deck slab formwork. Span ranges are similar to those of
standard I-girders (below) but, in comparison to I-girders, the section itself utilizes
more material and requires more complex forms.

2.5.2.6 I-Girders

Precast prestressed concrete I-girder construction has become a familiar feature of
the Interstate landscape over the last few decades. A typical superstructure
comprises several I-girders with a reinforced concrete deck slab. The span length
depends upon the type and size of the girder section, the spacing between girders
and thickness of the deck slab. A deeper section girder spans a greater length and,
for the same section, closer spacing (i.e. more girders) facilitates a longer span.
However, widely spaced girders require a thicker and heavier deck slab. An
economical design strives for an overall balance between the thickness of the deck
slab, girder spacing and span length.

Many different I-girder sections have been developed. Perhaps the most familiar is
the standard AASHTO beam. This has been adapted and modified over time —
morphing into the “Bulb-T” and similar deep sections with wide top flanges (Figure
2.62).

The decision to use a particular I-girder section or size depends much upon the

industrial availability of precast components within a given region, transportation,
permits, accessibility of the site and crane capacity.
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Spans for simply-supported I-girder bridges range from about 40 feet for an
AASHTO Type Il beam, to about 140 feet for a 78” deep Bulb-T.

Figure 2.62 Precast Pretensioned I-Girders (spans from 40 to 140 feet)

When I-girders are made structurally continuous over interior piers by installing post-
tensioning tendons through specially detailed cast-in-placed splice joints, it is
possible to gain an extra 10 to 15% span length. This method, often referred to as

“spliced I-girder construction”, is generally, though not exclusively, more suitable for
larger scale projects (Figure 2.63).

Figure 2.63 Spliced I-Girder Construction (spans 100 to 250 feet)
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2.5.2.7 U-Beams

In regions with a strong precast concrete industry, precast prestressed U-beam
sections have been developed primarily to address needs such as bridge aesthetics
(Figure 2.64). Available in depths from 48" to 72", spans range from about 50 to
125ft.

Figure 2.64 U-Beam (spans 50 to 125 feet)
2.5.2.8 Box Girder Cast-in-Place on Falsework
In some cases, it is economical or practical to construct a bridge entirely on-site

using formwork and cast-in-place construction. This is often influenced by regional
construction practice, for example, in California (Figure 2.65).

Figure 2.65 Box Girder Cast-in-Place on Falsework (spans 100 to 250 feet)
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In regions or remote sites with no convenient precast concrete girder industry, cast-
in-place construction may be more feasible than precast construction, especially for
smaller bridges or individual projects as it requires only modest sized construction
equipment and practices familiar to the building industry.

Typically, construction of box-girders on falsework facilitates spans of approximately
100 to 250ft — thereafter, for cast-in-place work it is usually more economical to
adopt balanced cantilever construction utilizing form-travelers (below). Cast-in-place
closed box girder sections usually have multiple webs. The torsional rigidity of closed
box sections makes this type of construction well suited to sharply curved viaducts
and interchange ramp structures.

2.5.2.9 Precast Segmental Span-by-Span Box Girders

Spans of precast segmental span-by-span bridges are made up of a number of
precast box-section, match cast, segments placed on an erection truss or support
system spanning from pier to pier (Figure 2.66). Longitudinal post-tensioning
tendons, usually external to the concrete but inside the box, extending from pier to
pier provide prestress to compress the segments into a monolithic span. The bridge
alignment needs to be straight or only very slightly curved so that segments can be
supported on straight erection trusses. Usually it is possible to erect an entire span
in a matter of a day or two depending upon the size, number and weight of
segments. The rapid rate of erection is a major advantage for some projects.

Figure 2.66 Precast Segmental Span-by-Span Box Girder (spans 80 to 160
feet)

Segment depths usually range from 6 to 10 feet for spans from about 80 to 160ft.
The maximum span is governed by the capacity, weight and ease (or lack thereof) of
advancing the erection trusses. For normal highway structures carrying two lanes
and shoulders, the practical limit is about 160 feet; above this, erection trusses tend
to become extremely heavy and awkward to handle — as was the case with the few
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bridges with spans up to 180ft. Consequently, for spans over about 150 ft, balanced
cantilever construction is usually more appropriate.

2.5.2.10 Precast Segmental Balanced Cantilever Box Girder

Precast segmental balanced cantilever construction is suitable for spans ranging
from about 150 to 500ft (Figure 2.67). Precast, match-cast, segments are erected
sequentially on each side of a pier in an approximately symmetrical (balanced)
manner until two cantilevers meet at mid-span where they are made continuous
using a cast-in-place joint.

When segments are erected, first on one end of the cantilever and then the other,
there is an out-of-balance effect that must be carried by a temporary support system.
This might be a system of stability towers and jacks at each pier or an erection
gantry. Erection gantries not only stabilize the cantilever, but also facilitate overhead
delivery and erection of segments from the already completed portion of the
structure. Erection by overhead gantry must proceed in a sequential manner form
one end of the bridge to the other. On the other hand, erection using sets of stability
towers at the piers facilitate the erection of more than one cantilever at a time.

As segments are erected in cantilever, post-tensioning tendons, usually internal to
the top slab are installed, extending from one segment on one end of the cantilever
to its counterpart on the other. Additional tendons are installed through the mid-span
closure to provide continuity. Typically, it is possible to erect one or two segments on
each end of a cantilever per day (i.e. 2 to 4 total per balanced cantilever per day)
and to complete a cantilever cycle — connecting two cantilevers — in two to three
weeks.

Figure 2.67 Precast Segmental Balanced Cantilever (spans 150 to 500 feet)

In a continuous structure, interior span lengths may be varied to some extent by
including more or fewer segments. This feature makes precast segmental cantilever
construction very adaptable to variable spans often controlled by available
clearances and locations for piers. End span lengths of a continuous balanced

2.113



LRFD for Highway Bridge Superstructures Design Manual

cantilever unit are usually 60% to 75% of a typical span so as to maintain a positive
reaction at the abutment or expansion joint pier.

Precast segments for balanced cantilever construction for spans up to about 200
feet or thereabouts are usually of a constant depth — typically about 1/20" of the
span length. For spans over about 200 feet, segments are usually of variable depth
— typically L/20 at the pier to about L/40 at midspan. These are approximate ranges
— there are no hard and fast rules — and there are many other factors to consider.
The upper end of the span range (about 500 ft) is limited by the size and weight of
the precast segments and the ability to cast, transport and erect them. There is no
limit to the lower end of the span range and many highway ramp and viaduct
structures contain spans, particularly end spans, much shorter than 100 feet. The
torsional rigidity of the large box section is ideally suited to sharply curved viaducts
and interchange ramps.

2.5.2.11 Cast-in-Place Balanced Cantilever

Cast-in-place balanced cantilever construction is appropriate for continuous
structures with spans in the range of about 200 to 800 ft. Segments are cast-in-
place, first on one side of a pier and then on the other, using form travelers (Figure
2.68).

Form travelers are adjustable frames that support the bottom soffit, inside and
outside web, and top slab soffit formwork for a new segment from the already
completed portion of the cantilever. Segments are typically 16 to 20 feet long. In
order to commence construction with travelers, a pier table must be built first over
each pier using ordinary formwork. The pier table itself may be up to 40 feet long.
The depth of the superstructure usually varies from about L/20 at the pier to L/40 at
midspan. Depending upon the width of the deck, there may be two or three webs.

In order to minimize out-of-balance effects as segments are cast first on one end of
a cantilever and then on the other, it is usual to offset the pier table to give a
maximum of only a half-segment out-of-balance. Out of balance construction effects
are carried by stability towers or ties at the piers. The weight and effects of the form
travelers must be considered in the cantilever design.

As segments are cast, longitudinal internal tendons are installed in the top slab
extending from a new segment on one end of the cantilever to the previously cast
segment on the other. A closure segment connects cantilevers at midspan and
further longitudinal tendons are installed to develop continuity. By offsetting work
crew cycles, it is usual to be able to complete a segment on one end of a cantilever
in a week — for a total of 2 segments per balanced cantilever per week.
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For_r;n Travelers and
Stability Towers Acosta Bridge, Jacksonville, 630ft main

Figure 2.68 Cast-in-Place Balanced Cantilever (spans 200 to 800 feet)

Interior span lengths may be varied to some extent by including more or fewer
segments or by carefully adjusting the length of cast-in-place segments within the
capabilities of the form traveler system. This allows for adaptability to variable spans
that may be governed by available clearances and locations for piers. End span
lengths of a continuous balanced cantilever unit are usually 60% to 75% of a typical
span so as to maintain a positive reaction at the abutment or expansion joint pier.

Although individual form travelers may weigh many tons and the stability towers
must be capable of resisting heavy temporary loads, the overall size and scale of the
equipment is relatively lightweight for the range of spans that can be built. This
makes cast-in-place balanced cantilever ideally suited to spans up to about 800 feet.
Thereafter, the maximum depth and segment sizes become significant that it is
usually more economical to consider an alternative type of construction — namely
cable stay.

2.5.2.12 Cable Stay

Cable stay construction (Figure 2.69) becomes very cost effective for highway bridge
spans over about 600 feet, although some smaller span structures have occasionally
been built. For concrete, the upper span limit for cable stay construction is currently
about 1,500 feet. Spans of 2,000 feet are possible using a combination of concrete
and more lightweight steel construction for the central portion of the main span. The
cable stay portion may be part of a longer continuous series of superstructure spans.
The back-spans on either side of the main span may range from about 0.45 to 0.65
of the main span depending upon the overall configuration and continuity. The back-
span cables are arranged and anchored so as to provide support to the main span.

Concrete cable stay bridges are built using either cast-in-place or precast segmental
construction. Cast-in-place techniques utilize form travelers supported by the
completed deck and the new leading cable stays or a system of temporary stays.
Precast segments are erected using cranes or temporary winch devices supported
on the previously completed deck and the new leading cable stay.
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Cast-in-place superstructure cross sections comprising edge girders, transverse
beams and a deck slab require two planes of stays — one at each edge. The natural,
large torsional rigidity of a closed precast segmental box facilitates the use of a
single plane of stays along the center of the deck.

Figure 2.69 New Sunshine Skyway, Precast Segmental Cable Stay (1,200 foot
span)

Although the main load carrying capacity is provided by the cable stays, it is
necessary to incorporate both longitudinal and transverse post-tensioning to provide
continuity and cater for localized load effects. Cable stay bridges are generally,
although not exclusively, suitable only for major projects — but smaller span
structures are feasible.

2.5.2.13 Other Prestressed Concrete Structures

Reinforced concrete arches have been used for many years, mostly to carry
reinforced concrete or pretensioned I-girder decks on spandrel walls. In recent
years, precast segmental construction was used to build the arch ribs of the Natchez
Trace Parkway Arch Bridge (Figure 2.70). Precast segmental cantilever construction
was used to construct the spans resting upon the ribs and main pier columns.
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Figure 2.70 Precast Segmental Arch (600 foot span)

Precast segmental construction has been used in a one-directional manner to erect
segments progressively in continuous cantilever over a series of piers (Figure 2.71).
Temporary intermediate piers were used to reduce cantilever moments. The
alignment features radii as tight as 250 feet for which the torsional rigidity of the
large closed cell box section is ideally suited.

Figure 2.71 Progressive Cantilever (180 foot span)

A combination of span-by-span and cantilever construction has often been used to
create a long main-span for a navigation channel in bridges of otherwise shorter
constant spans.

2.5.2.14 Summary of Types and Span Lengths

Prestressed concrete is very adaptable for bridges of all types of construction and
span lengths. The above offers only a summary of the main types and techniques.
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The use of a particular type for a given project depends upon many factors such as;
availability of precast concrete plants, regional construction practices, transport and
access to site, size of cranes, use of special erection equipment or falsework in
addition to the more obvious constraints like available clearances, locations for piers
and necessary span lengths. When it comes to the necessary span lengths and
bridge types, there is much overlap. For many applications, there is a choice of
different types of construction. This is summarized and illustrated in Figure 2.72.

Cable Stayed
CIP BC Box
Precast BC Box

Spliced Girders
CIP Box Girders

SBS Box Girders
Precast Girders

Flat Slabs

100 200 300 500 750 1000 1500

Span Length

Figure 2.72 Summary of Prestressed Bridge Type and Span Length

In this chart, cast-in-place slabs, precast prestressed planks, inverted T's and
double-T type structures have been generically combined under the heading “flat
slabs”. The term “CIP” means “Cast-in-Place”, “BC” means “Balanced Cantilever”
and “SBS” means “Span-by-Span”. “Spliced-girders” refers to bridges of I-girders
which may be of constant depth or have variable depth haunched sections that are
made continuous. “Precast girders” is intended to include all types and sizes of
AASHTO, Bulb-T, U-Beam and Box-Beam bridges. For more information on I-girders
refer to DM Volume 3, Chapter 1, Section 1.3.

The span ranges are general guides and are in no way intended to limit choice to a
particular type of construction for any given project.

2.5.3 Span Length Optimization

When making the choice of bridge type, it is important to take into account the fact
that certain types of construction are more suited to some applications than others. It
should never be assumed that the comparison of bridge type and cost can be based
solely upon span length.

It is appropriate to optimize the span length within a given bridge type: for example,
the choice of using different depth standard AASHTO I-girder with different span
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lengths and numbers of piers — or similarly, between the larger standard AASHTO
girders and Bulb-T’s.

When it comes to longer spans where for example the choice may lie between
precast or cast-in-place balanced cantilever, the span optimization exercise should
consider the difference in construction techniques, schedules and times, in addition
to the locations and numbers of piers for different span lengths.

It is far less simple and sometimes can be misleading to compare span length and
cost across different bridge types — for example; I-girders versus precast segmental.
In such cases, a comprehensive examination of all viable, applicable scenarios
should be made to obtain realistic construction costs, schedules and times.

In cases where significant lateral loads may need to be sustained by bridge piers, for
example for vessel impact, span lengths should be chosen to optimize the balance
between permanent vertical loads and foundation size. For instance, it may be better
to adopt a long span to take advantage of the large foundations required for the
infrequent high lateral loads or to arrange the span lengths so as to place piers in a
lower vessel impact zone, as opposed to using shorter spans and more piers, each
of which must carry a higher vessel impact but less vertical load.

For short span structures such as “flat slabs”, the choice of an appropriate span
length may depend more on the availability of precast prestressed components or
preference of the local construction industry to use cast-in-place construction on
falsework.
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2.6 Cost Comparisons

Cost comparison is one of the important parts of preliminary design and selection
between alternative types of bridge structures, but it is not necessarily the most
important part. Many other factors go into the selection of the appropriate bridge
type, span length and arrangement, superstructure type, substructure type, and all
other design elements of a bridge. Cost can be the most obvious comparison
method, but aesthetics, local environmental concerns, and owner preferences can all
factor into the final bridge selection. Public involvement can also help to determine
the outcome, which may or may not be the least cost alternative under
consideration.

2.6.1 Alternative Bridge Types

Alternative bridge types were discussed earlier, but each bridge type has a typical
associated cost, which is based on previous design experience, and is usually
expressed in dollars per square foot. Typical costs based on previous experience at
an engineering design firm located in Southwestern Pennsylvania for various bridge
types are shown in Table 2.1

Table 2.1 Comparison of Bridge Type Costs as of 2005 for Southwestern
Pennsylvania

Superstructure Type Cost per Sq. Ft.
Concrete box beam $100 - 105
Steel I-girder $125 - 130
(120" - 180’ span range)

Segmental girders $125 - 250
(150" - 600’ span range)

Cable-stayed bridge $250 - 350
(500 - 800’ span range)

These costs can be used for preliminary cost estimates, although they represent a
cost only at a point in time at a specific location and under specific economic
conditions. These costs can vary greatly depending on the cost of materials at the
time of construction, the location of the final construction concerning local labor
rates, proximity to access routes, fabricators, and raw materials. Before using these
costs as a guide for selecting a low-cost alternative, local conditions should be
analyzed and the costs per square foot adjusted to reflect the local conditions at the
time of the construction of the bridge.

2.6.2 Span Length

One of the biggest drivers of cost and a valuable comparison method for alternative
bridge types is the consideration of the effects of span length on the cost of a
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structure. This comparison involves the cost of both the superstructure and
substructure, as varying span length affects the cost of both components. As can be
seen in Figure 2.73, a greater span length will cost much more in superstructure, but
much less in substructure, and the opposite is true of short span lengths over the
same length of bridge. For example, a thousand-foot steel superstructure with no
piers will require massive beams that can increase costs dramatically, while one
hundred ten-foot spans, the same length of structure, will require a much smaller
superstructure, decreasing those costs, but greatly increase substructure costs. To
select the most appropriate span arrangement to achieve a low-cost alternative,
plotting span length versus cost will produce a parabolic curve, with the low point
being the optimum number of spans. As with other cost comparison methods, using
the least-cost span arrangement may not be the most appropriate due to aesthetic,
environmental, and owner considerations.

Low cost
alternative

Cost, in dollars

te— -
C—

Number of Spans

Figure 2.73 Span versus Cost

A graph similar to Figure 2.73 can be generated for each material type, and if the
axes are lined up, cost comparisons considering not only span arrangement but also
structural material and any other differences in alternatives can be considered.
Again with an overlapping comparison, selection of the lowest point of the total cost
parabolic curves will be the most -cost-effective span arrangement and
superstructure type. An example of this type of comparison is shown in Figure 2.74.
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Figure 2.74 Span and Materials versus Cost
2.6.3 Alternative Superstructure Materials

While owner preference, aesthetics, and environmental concerns may govern the
selection of superstructure materials, cost comparison can also be a deciding factor.
Prestressed concrete beam cost typically includes all of the materials that go into the
girders. Reinforcing steel, prestressing steel, and concrete all contribute to the cost
of prestressed concrete beams which are usually expressed in a unit cost of dollars
per beam. Steel girder costs include the manufacturing and fabrication of plate,
rolled, and box girders and are typically expressed in a unit cost of dollars per pound
of steel.

When selecting alternatives, the best options can be selected before any design is
performed based on typical costs of superstructure materials and the expected span
length. In shorter span bridges, the cost of concrete superstructures is typically the
lesser of the two, while in longer span bridges, steel beams are typically the less
costly option. Prestressed concrete superstructures also have a maximum span
length which can limit their use in longer span bridges. Other considerations for
alternative materials should include long-term effects of maintenance costs, and
other complete life cycle costs which are discussed further in DM Volume 1,
Chapter 3, Life Cycle Cost Considerations.

2.6.4 Preliminary Cost Estimates

Cost comparison of bridge alternatives in the preliminary design stage typically
involves the creation of an itemized cost estimate for each different superstructure
type, span arrangement, and any other major differentiating factors between
alternatives. These cost estimates are variable based on the final construction
location of the bridge structure; therefore, using previous cost estimates for future
jobs should be done with caution to ensure that the proper material categories, unit
costs, and contingencies are included.
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Itemized cost estimates involve the creation of a material take-off. The material
take-off is created using the preliminary bridge structure plans, and estimating the
amount of various construction materials for the bridge. Typical categories include
girders, deck concrete, pier concrete, abutment concrete, guiderails, lighting
structures, concrete coatings and sealers, and structural paint. These categories
typically correspond to the local bidding cost structures, and can vary from state to
state. Once the material take-off has been tabulated, each category of construction
material has an associated cost per unit. These unit costs are also tied to local
conditions, and will vary greatly from state to state, even within states. The
measurement units can also vary, and designers need to be sure that the right
amounts of material are being costed with the proper unit cost. The unit cost
includes provisions for material and labor. Unit costs can be obtained from many
sources, including previous jobs in similar areas, ASCE publications, AASHTO
publications, and state DOT publications. The application of the correct unit cost is
imperative to providing a quality cost comparison and should be as exact as possible
in the preliminary stages.

Finally, itemized cost estimates are summed and a contingency factor is applied.
This contingency factor can range from ten to thirty-five percent depending on the
design engineer’s confidence in the bridge design, the variability of unit costs, and
local typical practices. The contingency is intended to account for changes in the
bridge design which may occur between preliminary and final design, as well as
changes in unit costs between preliminary and final design.

Another method of generating the preliminary cost estimate for comparison purposes
is to apply a typical cost per square foot for that bridge type based on the area of the
deck surface. The costs that are presented above in Table 2.1 are just a guideline,
and the actual cost per square foot for a bridge structure will vary greatly depending
on location, time of construction, distance from fabrication facilities, access to main
roads, and many other factors. Because of all of the variables in a cost estimate, the
cost per square foot, which is typically based solely on previous construction projects
which may or may not match the conditions of the project being evaluated, will give a
less accurate estimate than an itemized material take-off.

In conclusion, preliminary cost comparisons can be a useful tool in the selection of
the optimum alternative bridge design for a location, but the design engineer should
work with the owner to consider other factors, such as aesthetics, environmental
concerns, and owner preferences. There should also be a distinction made between
the initial cost of a bridge project and the life-cycle cost. In some cases, due to
maintenance, expected rehabilitation, and other long-term factors, life-cycle costs of
a bridge alternative could be higher for a structure with a lower initial cost. Selection
based on individual cost alone could prove to be more costly in long-term
maintenance of the structure, therefore life-cycle cost analysis and comparison
should be carried out before making a final decision on a bridge alternative.
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Volume 1
General Design
Considerations

Chapter 4

Limit States

4.1 Introduction

This chapter presents the general
principles of limit states in bridge
design, and it describes the
primary limit states used in LRFD
— service, fatigue and fracture,
strength, and extreme event.

For each limit state, this chapter
describes the various load
combinations and load factors, it
presents the primary applications,
and it provides some of the basic
equations.
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4.2 Limit States in LRFD

Load and resistance factor design utilizes load combinations called limit states which
represent the various loading conditions which structural materials should be able to
withstand. They are broken into four major categories, strength, service, fatigue,
and extreme. Different load combinations are intended to analyze a structure for
certain responses, such as deflections, permanent deformations, ultimate strength,
and inelastic responses without failure. Not all limit states have to be checked for all
structures, and the applicable limit states should be determined by the designing
engineer. When all applicable limit states and combinations are satisfied, a structure
is deemed acceptable under the LRFD design philosophy.

The service limit state contains load combinations which reflect loadings intended to
control stresses, deformations, and crack widths in structural materials. Loads in
service limit states are taken at regular service conditions, and load factors are
typically closer to 1.00.

Strength limit state combinations are intended to create conditions of maximum
loading on a bridge structure. These combinations bring the structure under
considerable loading which will cause possible overstresses and structural
deformations, but the structural integrity should be maintained.

The fatigue and fracture limit state is intended to analyze the stress range of a
structural material. The loading conditions represent a single truck, occurring over a
specific number of cycles. The material toughness requirements that should be
tested should match that of the AASHTO Material Specifications.

Extreme limit states are load combinations that are intended to analyze the ability to
withstand an event of extreme loading with a recurrence period that is greater than
the design life of the structure. Such events as earthquakes, major floods, vehicular
collisions, or ice flow impact would all be considered an extreme limit state. Much
like strength limit states, members are intended to deform and deflect, but not fail
under extreme limit state conditions.

Each type of limit state contains more than one load combination, numbered with
roman numerals. These combinations reflect different load types, and different load
factors based on the intended loading condition that is to be reflected.

For reference, the load factors table presented in AASHTO LRFD Table 3.4.1-1 is
presented below in Table 4.1. Note that in strength and extreme limit states,
permanent loads are factored individually as presented in AASHTO LRFD Table
3.4.1-2, and as shown in Table 4.2.
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Table 4.1 AASHTO LRFD Load Combinations and Load Factors

Load Use one of these at a time
Combination DC

DD | LL

DW | IM

EH | CE

EV | BR TU

ES | PL CR
Limit State EL | LS | WA | WS | WL | FR SH TG | SE|EQ | IC | CT | CV
Strength |
(unless noted) | o 1.75[1.00 | -- - [1.00| 050/1.20 | yr6 | yse | - - - -
Strength Il Y, [135[1.00| - - |1.00| 0501.20 | yrg | vse | - - - -
Strength Il Y | - [100]| 140 | - |1.00| 050M1.20 | yrg | vse | - - - -
Strength IV
EH, EV, ES,
bw v | - [100] — | = [100| 050120 | — | — | — | = | - | -
DC only 1.5
Strength V v, |1.35]1.00| 0.40 [1.00[1.00| 0.50/1.20 | yre | yse | - - - -
IEXtreme Event Yo | Yeq | 1.00| - - [1.00 - - - [1.00| - - -
sxareme Eventl - loso[100| ~ | - [100[ - ~ |~ | = [100]1.00 |1.00
Service | 1.00 [1.00| 1.00 | 0.30 |1.00|1.00| 1.00/1.20 | yrg | yse | - - - -
Service |l 1.00 [1.30|1.00| - - |1.00| 1.00/1.20 | -- -- - - - -
Service Il 1.00 (0.80 | 1.00 | -- -~ [1.00] 1.00/1.20 | yrg | yse | - - - -
Service IV 1.00 | - |1.00| 070 | -- |1.00| 1.00/1.20 | - |1.00| -- - - -
Fatigue
LL, IM, CEonly| — 0.75) - B 1 - B - - - - - -

Table 4.2 Load Factors for Permanent Loads, ¥,

Load Factor
Type of Load Maximum Minimum

DC: Component and attachments 1.25 0.90
DD: Downdrag 1.80 0.45
DW: Wearing surfaces and utilities 1.50 0.65
EH: Horizontal earth pressure

o Active 1.50 0.90

e At-rest 1.35 0.90
EL: Locked-in erection stresses 1.00 1.00
EV: Vertical earth pressure

e  Overall stability 1.00 N/A

e Retaining walls and abutments 1.35 1.00

e Rigid buried structure 1.30 0.90

e Rigid frames 1.35 0.90

e Flexible buried structures other 1.95 0.90

than metal box culverts

e Flexible metal box culverts 1.50 0.90

ES: Earth surcharge 1.50 0.75
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4.3 Service Limit States

Within the service limit states, there are four load combinations that are designed to
test various aspects of the structure being analyzed under nominal loading
conditions which could easily be expected during normal operation, and will occur
many times over the design life of the structure. The service limit states are
intended to control deflections in superstructures and cracks in prestressed concrete
structures. These limit states are numbered Service | — Service IV. The basic
function of each limit state is as follows:

> Service |

This limit state contains load factors for loads that could be expected under
normal operating conditions with a fifty-five mile per hour wind. Most loads
are taken at a 1.00 load factor, only some wind loads and some temperature
loads are factored by other values. The results of this load combination can
be used to control deflection in a structure, control crack widths in reinforced
concrete members, and analyze slope stability in geotechnical situations. For
prestressed concrete, the Service | limit state should be used to investigate
compression, while tension should be investigated with the Service Il limit
state.

> Service Il

The Service Il limit state contains load factors combined to produce maximum
effects on steel structure yielding, as well as slip of slip-critical connections
within the structure. Vehicular live load is the focus of this Service limit state,
as the load factor for live load is 1.30, where most other load factors are 1.00.
The Service Il limit state corresponds to the overload provisions for steel
structures that appeared in past AASHTO specifications for WSD and LFD
designs.

> Service lll

Within the Service Il limit state, loads are factored and combined to produce
the greatest effect on prestressed concrete superstructure elements. Crack
control is the goal of this load combination, which focuses on a modified live
load, applying only a 0.80 factor to live loads, while most other loads maintain
a 1.00 load factor.

» Service IV
The Service IV limit state is another limit state that is intended to control
cracking in prestressed concrete structure elements. The load factors in this

case focus on wind loading, with a 0.70 factor on wind, equating to a high
wind load over eighty miles per hour.
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4.3.1 Live Load Deflection

One of the objectives of the Service limit states is to determine if the applied loads
and factored resistance of the structural materials is able to control deflections under
normal live load conditions. According to AASHTO LRFD Article 2.5.2.6.2,
acceptable deflections for bridge elements are related to the length of the element.
When no other guidance exists, the AASHTO deflection guidelines for steel or
concrete superstructures are as follows:

> Vehicular live load, general............ccccevvvvivvniinnnennnnns Span Length / 800
» Vehicular and pedestrian live loads........................... Span Length / 1000
» Vehicular live load on cantilever ..............cccccuvvviinnees Span Length / 300

» Vehicular and pedestrian live loads on cantilever..... Span Length / 375

If factored live loads do not produce deflections greater than these criteria in Service
limit states, the design is acceptable.

4.3.1.1 Permanent Deformations

Using the Service Il limit state load combination, steel structures which are exposed
to this load pattern and combination should be checked for the effects of permanent
deformations. The provisions for permanent deformations apply to design live loads
as presented in AASHTO LRFD Atrticle 3.6.1.1. If other live loads, such as permit
loads and overloads, as specified by the Owner, are to be checked, the live load
factor shown in Table 4.1 should be reduced for the Service Il limit state.

For reinforced concrete deck sections, if tensile stresses due to Service Il loads or
factored construction loads exceed the factored modulus of rupture for the concrete
deck section, then a minimum of one percent reinforcing must be present in the
deck. Controlling cracks in the deck section will also assist in providing adequate
resistance for Service |l tensile stresses.

Under flexure, to limit the effects of permanent deformations of steel girder flanges,
both composite and non-composite steel members shall not exceed the following
flange stress conditions, as presented in AASHTO LRFD Article 6.10.4.2.2.

> Top steel flange, composite sections:

f =0.95R F

h" yf

AASHTO LRFD Equation 6.10.4.2.2-1
> Bottom steel flange, composite sections:

f. +% <0.95RF,
AASHTO LRFD Equation 6.10.4.2.2-2
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> Both steel flanges, non-composite sections:

f
fi+o <0.80RF,
AASHTO LRFD Equation 6.10.4.2.2-3

where:
fe = flange stresses at section for Service Il limit state without
consideration of flange lateral bending (ksi)
f, = flange lateral bending stress for Service Il limit state (AASHTO
LRFD Article 6.10.1.6) (ksi)
Rh = hybrid factor determined by AASHTO LRFD Article 6.10.1.10.1

Bridges comprised of continuous span flexure members may redistribute some
negative moment at pier sections under the Service Il limit state as long as the
section in question meets the requirements of AASHTO LRFD Article B6.2.
Redistribution of these negative moments must follow the procedures outlined in
AASHTO LRFD Article B6.3 or B6.6, as appropriate as determined by the design
engineer.

Other considerations for controlling the effects of permanent deflections include
keeping Service Il limit state loads for longitudinal compressive stresses in shored-
construction decks below 0.6f..

In addition, all sections except those in positive flexure which meet AASHTO
requirements outlined in AASHTO LRFD Article 6.10.2.1.1, the following condition
must be satisfied:

fC = FCI’W
AASHTO LRFD Equation 6.10.4.2.2-4
where:
fe = compression flange stresses under Service Il limit state loads

without considering flange lateral bending (ksi)
Ferw = nominal bend-buckling resistance in steel girder webs without
longitudinal bracing, see AASHTO LRFD Article 6.10.1.9. (ksi)

4.3.2 Crack Control

The Service limit states are used to evaluate and control the cracking of reinforced
and prestressed concrete structural elements, as well as the deflections. Under
these two service conditions, cracking stress in concrete sections shall be taken as
the modulus of rupture, per AASHTO LRFD Article 5.5.2. The modulus of rupture,
as presented in AASHTO LRFD Atrticle 5.4.2.6 can be determined either by testing
procedures, or without solid experimental information, the following guidelines can
be used.

» For normal weight concrete .................... 0.24 Jf
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» For sand-lightweight concrete................. 0.20 /T,

> For all-lightweight concrete...................... 0.17 Jf.

Note that these values are considered unconservative for any tensile forces in
concrete sections that are not a result of flexure. For tensile forces not a result of
flexure, the direct tensile stress should be used for the modulus of rupture to check

for crack control.
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4.4 Fatigue and Fracture Limit States

The fatigue and fracture limit states comprise a single load combination intended to
produce the greatest effect of a stress range on a structural element which tests the
facture-critical and fatigue properties against a single truck loading as specific in
AASHTO LRFD Atrticle 3.6.1.4.1. This limit state is not applicable to all bridge
designs, and the use of this limit state is left to the design engineer to determine if
the effects of fatigue and fracture could be a problem for their structure. Specifically,
AASHTO does not require fatigue limit state checks for some concrete decks, or
wooden decks, as specified in AASHTO LRFD Article 9.5.3.

Fatigue in reinforced, prestressed, and partially-prestressed concrete components
should assume the following according to AASHTO LRFD Article 5.7.1.

» Prestressed concrete resists tension at uncracked sections

» Strain in concrete varies linearly

» The modular ratio, n, is rounded to the nearest integer, not less than 6.0
>

An effective modular ratio of 2n is applicable to permanent loads and
prestress

Fatigue in concrete sections is evaluated for fatigue in reinforcing bars and any
present prestressing tendons. For prestressing tendons, the stress range for fatigue
is dependant on radii of curvature.

> 18.0 ksi for radii of curvature in excess of 30.0 feet
> 10.0 ksi for radii of curvature less than 12.0 feet
» All other lengths linearly interpolated

Reinforcing bars in concrete sections are checked against the following equation for
the fatigue limit state. Bar bends in areas of high stress should be avoided to ensure
that reinforcing bars are sufficient in fatigue.

f,<21-0.33f,, +8(1/) Equation 4.1
AASHTO LRFD Equation 5.5.3.2-1
where:
f = stress range (ksi)
foin = minimum live load stress from fatigue limit state combined with the

more severe stress from either permanent loads, or permanent
loads, shrinkage, and creep-induced external loads. This value is
positive if in tension, negative if in compression.

In = ratio of base radius to height of rolled-on transverse deformations;
if the actual value is not known, 0.3 may be used.
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Fatigue in steel structures is categorized as either load- or distortion-induced, as
described below. The rest of the provisions of this section apply to steel
superstructure elements unless otherwise noted.

The fatigue limit state includes only live loads, impact loads, and the loads from
centrifugal forces in the case of curved or superelevated structures. No permanent
loads, water loads, time or temperature dependant loads are included in the fatigue
checks. The stress range that is produced from the analysis with this limit state
should be compared against the allowable stress ranges for the structure materials,
as shown in AASHTO. If appropriate shear connectors are provided on steel beams
with concrete decks, the short-term composite section may be used to compute the
fatigue stress. Only sections in tension should be considered for fatigue effects,
unless the compression stresses are less than twice the maximum tensile stresses.

The material resistance factor, ¢, is 1.00 for fatigue limit states, as the resistance is
dependant on detail categories which are well documented. The overall load factor,
n, is also 1.00 for fatigue limit states, although specific load factors, v, still apply per
the load factor table.

To reflect the cyclic nature of fatigue limit state load patterns, the design equation for
LRFD can be modified for the fatigue limit state to:

Y(Af) = (AF), Equation 4.2
AASHTO LRFD Equation 6.6.1.2.2-1
where:
Y = load factor from Table 4.1
(af) = live load stress range due to fatigue load
(AF), = nominal fatigue resistance, specific to detail category

4.4.1 Fatigue Resistance

Fatigue resistance for steel structural members is determined by detail categories,
which are based on connection types, and member shape. Detail categories A, B,
and B’ have shown through experience to rarely govern, therefore fatigue limit state
considerations are less imperative for these detail categories. In general, most steel
superstructure elements fall into detail categories A, B, or B’. A few selected detail
descriptions are presented in Table 4.3. The detail categories are more extensively
described in AASHTO LRFD Article 6.6.1.2.2.
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Table 4.3 Detail Categories for Load-Induced Fatigue (excerpt from AASHTO

LRFD Table 6.6.1.2.3-1)

ILLUSTRATIVE
EXAMPLE
GENERAL DETAIL (AASHTO LRFD
CONDITION SITUATION CATEGORY | FIG.6.6.1.2.3-1)
Plain Base metal:
Members
¢ With rolled or cleaned surfaces; A
flame-cut edges 1 92
e Of unpainted weathering steel, all B ’
grades
e At net section of eyebar heads and E
pin plates
Built-up Base metal and weld metal in
Members | components, without attachments,
connected by:
e Continuous full-penetration groove B
welds with backing bars removed,
or
e Continuous fillet welds parallel to B 3.4,5,7
direction of applied stress
e Continuous full-penetration groove B’
welds with backing bars in place, or
o Continuous partial-penetration ,
groove welds parallel to the B
direction of applied stress

AASHTO presents illustrations depicting a typical fatigue detail for each condition
that is referenced. An excerpt from that illustration, AASHTO LRFD Figure 6.6.1.2.3-

1, is shown below in Figure 4.1.

referenced in the excerpt from the fatigue detail table, Table 4.4.
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Figure 4.1 lllustrative Examples of Fatigue Details

The following table shows the resistances for the various detail categories that are
presented in AASHTO LRFD Table 6.6.1.2.5-3. These fatigue thresholds should
then be applied to the formula given below to obtain the true fatigue resistance for a
section. Also included in this table are the ADTT values over a 75-year design life,
with only one cycle per truck. An infinite life check will govern in most high traffic
situations, except for detail categories E and E’. Finally, the detail category
constant, A, is presented in Table 4.4. This value is used in the calculation of the
nominal fatigue resistance.

Table 4.4 Fatigue Resistance Detail Category Specific Properties

2| o
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s c 2 >S5 o g co
a Sf | 85| Aa8%
A 24.0 535 250.0
B 16.0 865 120.0
B’ 12.0 1035 61.0
C 10.0 1290 44.0
C 12.0 745 44.0
D 7.0 1875 22.0
E 4.5 3545 11.0
E’ 2.6 6525 3.9
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In addition to the properties shown in Table 4.5 for the different detail categories, a
factor applies related to the cycles per truck passage, depending on the span length
of the member in question, the type of structure, and location of the load, as well as
the direction of the force in the member.

Table 4.5 Cycles per Truck Passage

Longitudinal | Span Length
Members > 40.0 ft. <40.0 ft.
S'lmple span 1.0 20
girders
Continuous girders
1) near interior 15 20
support
2) elsewhere 1.0 2.0
Captllever 50
girders
Trusses 1.0
Transverse Spacing
Members > 20.0 ft. < 20.0 ft.
1.0 2.0

To calculate the nominal fatigue resistance, (AF),, for a steel member, the following
equation must be applied.

0F) =[] 2 3 00,

AASHTO LRFD Equation 6.6.1.2.5-1

where:
N = (365) (75) n (ADTT)sL
A = constant from Table 4.4
N = number of stress range cycles from Table 4.5
(ADTT)s. = single lane ADTT from Table 4.4
(AF)TH = constant-amplitude fatigue threshold, Table 4.4

In the case of details connected with transversely loaded fillet welds, and a loaded
discontinuous plate, the equation for determining the nominal fatigue resistance is
altered per AASHTO LRFD Eq. 6.6.1.2.5-3.

4.4.2 Distortion-Induced Fatigue
Distortion-induced fatigue effects are cracks and other structural deficiencies that

result from secondary stresses. These secondary stresses are a result of a lack of
rigidity from insufficient load paths between transverse members and longitudinal
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members making up the cross section being analyzed. Distortion-induced fatigue is
an observed problem that has appeared recently in steel bridge structures across
the country. Much research has been done on this problem which usually involves
the separation of web stiffeners from flanges at sections of negative moment.
Rotation due to live loading causes cross-frames to transfer load to stiffeners which
rotate girder webs. The embedment of the top flange of a girder in the deck causes
it to resist this rotation, which causes distortion-induced fatigue cracking. This
problem is more prevalent in exterior girders as they typically have only a single
stiffener to resist this fatigue cracking. An example of this separation can be seen in
Figure 4.2.

.......
-

Distortion-induced
fatigue crack

Figure 4.2 Distortion-Induced Fatigue

To reduce the effects of these fatigue loads, connection plates should be provided,
and the provisions of AASHTO LRFD Article 6.10.5.3 should be followed to ensure
that steel girder webs do no buckle, and elastic flexure in the web is controlled.

Transverse connections should be achieved through cross-frames, diaphragms or
floorbeams which are welded or bolted to the main girders of the cross section.
Unless better information is available on lateral loads, a 20.0 kip force for straight,
non-skewed bridges has been found through experience to be adequate for design
of transverse connection elements.

Lateral connection plates should also be provided to aid in reducing distortion-

induced fatigue. The guidelines for these connections are presented in AASHTO
LRFD Atrticle 6.6.1.3.2.
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4.5 Strength Limit States

The strength limit state load combinations are sets of loads and load factors to
analyze structural elements for ultimate failure strength conditions under various live
load and wind load conditions. These load combinations are intended to be
combinations that would not occur during normal operation of the structure, but could
occur during the design life of the structure. The load combinations may cause
permanent deformations or overstresses in structural elements, but will not cause
failure.

Strength limit states are the load combinations which are primarily used to test a
bridge structure for ultimate resistance capacity. Not all Strength limit states are
applicable to all bridge structures, and the designer should use their engineering
judgment to decide which combinations to use and which to discount for their design.

» Strength |

The Strength | limit state is the primary load combination for evaluating the
capacity of structural members under full live load conditions without wind
effects. While temperature load factors are still under development, the load
factors for time-dependant effects are reduced for the Strength | case, as some
inelastic deformation is expected in the structure which would relieve some of
these stresses. Most checks against failure will occur with this limit state which
applies to almost all bridge structure designs.

» Strength Il

This limit state can be tailored to each specific bridge project to allow owners to
specify an overload, or permit vehicle that should be allowed on the bridge under
specific circumstances. Conservatively, permit vehicles are assumed to be
unescorted, therefore vehicular live load is applied in lanes other than the lane
occupied by the permit vehicle. In the event of a permit vehicle that is not as
long as the entire bridge span, lane load should be considered prior to and after
the permit vehicle loading. Other live loads are slightly reduced from the effects
that are in the Strength | limit state to reflect the conservatism of the assumptions
presented above. Wind loads are not included in this limit state, similar to the
Strength | state, and a similar release on time-dependant effects is allowed.

» Strength llI

This limit state reflects a high wind condition which would normally prevent live
load from using the bridge. While some live load may be present, it would be
considered statistically insignificant, and therefore the load factor on live load for
this limit state is zero. The wind loads on the structure are increased through
higher load factors to account for the focus of this limit state.
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» Strength IV

The Strength IV limit state is designed more for longer-span bridges, as a
modification to the Strength | limit state. For most bridges in the short to medium
span range (up to 200 feet), the Strength | limit state controls. But, for spans
greater than 200 feet, the dead load to live load ratio begins to increase. The
load factors for the Strength IV case reflect this increased ratio and in most
cases, Strength IV will control for longer span bridges. According to AASHTO
LRFD Article C3.4.1, tests have verified this for spans up to 600 feet in length.

» Strength V

This limit state is a combination of the Strength | and Strength Il conditions
where high winds and significant live load both affect the bridge. Live loads are
reduced somewhat to reflect the idea that high winds will discourage some live
load, and wind loads are not increased as much as in the Strength Il case. Wind
on live load effects enter into the load combination only in this limit state out of all
the Strength cases.

The strength limit states will typically allow loads to deform and stress a structure
into an inelastic response. The resistance factors that are applied to the structure for
the strength limit state differs by material type, desired response, and analysis type.
An example of steel resistance factors is shown in Table 4.6. For all primary steel
connections, AASHTO LRFD Article 6.13.1 specifies that the strength limit state
must govern the design of these connections.

Table 4.6 Steel Resistance Factors for Strength Limit States

For flexure; ¢: = 1.00
For axial compression, steel only; ¢: = 0.90
For shear connectors; ¢sc = 0.80
For A 307 bolts in shear; ¢s = 0.65

For concrete structures, the strength and stability of structural members should be
evaluated at the strength limit state. The provisions of AASHTO LRFD Article 5
provide guidance on the determination of the nominal resistance of concrete
members, and the resistance factors again vary based on reinforcement,
prestressing, desired response, analysis method, and other factors. An example of
concrete resistance factors is shown in Table 4.7.
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Table 4.7 Concrete Resistance Factors for Strength Limit States

For flexure and torsion of reinforced concrete; ¢ =0.90
For flexure and torsion of prestressed concrete; ¢ =1.00
For shear and torsion, light weight concrete; ¢ =0.70
For bearing on concrete; ¢ =0.70
Segmented lightweight concrete shear, unbonded ¢ =0.65
tendons;

Other construction materials have different resistance factors based on the research
performed on those materials and the level of knowledge about their response to
various loading conditions. It is the design engineer’s responsibility to choose the
appropriate resistance factor when performing strength limit state checks, based on
the structural material, response being analyzed, and load type.

4.5.1 Fracture Toughness Requirements

For members and any connections with tensile forces in the Strength | limit state
load combination, project plans shall specify that Charpy V-notch fracture toughness
tests must be conducted on samples of the structural material. The required fracture
toughness for a structural material is dependant on the temperature zone the final
project is to be constructed in, according to AASHTO LRFD Article 6.6.2. It is the
responsibility of the design engineer to note which members of a structure are
fracture critical, as these members have different fabrication specifications, per
AASHTO LRFD Article C6.6.2. Fracture-critical members will include all
attachments with a length greater than 4.0 inches in the direction of the tensile force.
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4.6 Extreme Event Limit State

The extreme event limit state represents loadings that are those that would occur
only once over the design life of a structure. Typically, supporting information is
available on local conditions which are considered for extreme event analysis.
Areas that are at risk for earthquakes, especially the west coast of the United States,
will need to be checked for extreme limit states for earthquake loadings. Areas that
experience sub-freezing temperatures in the winter, or which are downstream from
an area that does, may include ice floes as extreme event limit state checks. Human
error which causes collision is also considered an effect which is analyzed in the
extreme limit state. Collisions can be with either the bridge superstructure or
substructure. The effects of a collision on either part of the bridge can have an effect
on both, therefore if collisions are possible, they should be analyzed for both parts of
a bridge structure. Not all extreme limit states apply to all areas of the country and
all types of bridge construction, therefore it is the design engineer’s responsibility to
choose which extreme limit states are applicable. All four load types that are
included as extreme events are analyzed separately.

Two extreme event limit state combinations are presented in the AASHTO LRFD
specification. These limit states differentiate between the live loads that would most
likely be present during the different extreme events, and the extreme event which is
being considered in each limit state.

> Extreme |

The Extreme | limit state is the load combination that is used to analyze a
structure for earthquake loading. In this load case, the live load factor is
considered under development. The AASHTO specifications direct that the [gq
load factor should be determined on a project-specific basis. This would lead to
a differing [gq between various projects depending on the engineer’s judgment,
and experience, something that the LRFD design philosophy is working to
eliminate. Previous AASHTO specifications have set this value equal to zero, but
current research shows that setting this value to ygq < 1.0, or more specifically
0.50 may be applicable for most average daily truck traffic (ADTT) conditions.
(AASHTO LRFD Articles 3.4.1, C3.4.1)

> Extreme |l

This limit state includes the effects of ice flows, vehicular collisions, and vessel
collisions. The effects of these three events are not to be combined at the same
time; each is supposed to be checked individually. The load factors for live load
in this limit state reflect the fact that if one of the extreme events does occur, the
likelihood of full live load being on the bridge is small. Time and temperature
dependant effects are not included in this load combination as extensive inelastic
deformations are expected under this loading condition.
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The effects of an extreme event limit state are allowed to cause damage to a
structure. Stresses and deformations well into the inelastic range are allowed
and, in some cases, expected. Prevention of full loss of structural integrity and
collapse is the goal of analysis of the extreme event limit states.

The load factors on extreme event loads, as well as their applicability to a
structure design, are left to the bridge design engineer. The load factors
presented in the AASHTO specifications are meant as a guideline, as the extreme
event limit states are still under development. These load factors may be updated
and extreme limit states added or eliminated as research continues in this area.
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Volume 1
General Design
Considerations

Chapter 5

Loads and Load

Combinations

5.1 Introduction

The limit state design which governs
the AASHTO LRFD bridge design
specification utilizes certain specific
load types which include loadings to
account for dead loads, live loads,
wind loads, construction loads, time-
dependant loads, temperature-
dependant loads, and collision
loads. The load types presented in
this chapter apply only to tangent-
construction bridges using the
AASHTO LRFD specification. The
loads which are presented in this
chapter pertain only to the design of
bridge superstructures. In some
sections, other loads do exist, but
these loads have little to no effect
on the design of superstructure
components, and are not
mentioned.
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5.2 Load Factors and Combinations

Load and resistance factor design is primarily concerned with limit states, which are
load combinations which modify both the magnitude of loads, and the resistance of
structural materials, to represent certain worst-case effects. These limit states
include:

» Those for design against cracking and deflection, or Service conditions

» Those for design against failure under increased loading, or Strength
conditions

» Those for design against fatigue failures, or Fatigue conditions

» Those for design against events of large loading which have a recurrence
period longer than the design life of the bridge, or Extreme conditions.

These limit states involve a number of load factors and resistance factors which are
applied to the basic LRFD equation,

n(>y,DbL+ 2y, LL)=0¢R, Equation 5.1

where:

n = load modifier applied to all loads

YoL = load factor for dead loads

YL = load factor for live loads

DL = dead loads applied to structure element

LL = live loads applied to structure element

) = resistance factor

Rn = nominal resistance (strength) of structure element

The load factors for each of these limit states, and the sub-limit states which exist in
each category differ based on the desired loading condition. Some load
combinations reflect instances of high wind, where live load would not typically be
present on a bridge, but wind loads are very high. Others reflect instances of normal
operating conditions, while some represent earthquake conditions, or vehicular
collisions with bridge structures. Resistance factors affecting the resistance of
structural materials also vary based on the limit state being investigated. More
information on load factors and load combinations is presented in DM Volume 1,
Chapter 4, Limit States.
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5.3 Dead Loads

5.3.1 Component Dead Loads

Component dead loads include those loads, induced by gravitational forces, on a
bridge structure due to its structural parts. All steel and concrete members,
reinforcing within concrete sections, and future attachments later in the erection
procedure produce dead loads. The AASHTO LRFD specifications refer to dead
loads as permanent loads, which is an appropriate description. These loads are
present from the time a structural member is erected and will not decrease or vary
with time, temperature, or any other outside factor.

Component dead loads are typically divided into two categories, labeled DC1 and
DC2. DC1 loads are typically those loads which are added and present during the
erection of the main spans of a bridge. Typical inclusions in DC1 are the self-weight
of girders, deck sections, and cross-frames. DC2 loads include permanent loads
that are placed later in the erection procedure and could be moved later in the
service life of the bridge. Raised sidewalks, roadway barriers, lighting structures,
and other attachments to a structure make up the DC2 loads. The section properties
that are used to calculate the effects of DC1 and DC2 loads may be different
depending on the materials and construction sequence of a structure. DC1 loads
may only affect a non-composite section for a bridge with a steel superstructure, but
DC2 loads would affect a composite section, producing different deflections and
reactions. Both DC1 and DC2 loads are considered one load type, DC, for purposes
of calculating a load factor for load combinations.

In the Service limit states, DC loads are given a load factor of 1.0 to show the
certainty of these loads, and to reflect normal operating conditions for Service limit
states. In Strength limit states, DC load factors can vary between 0.90 and 1.50
depending on the effect desired, and the combination being used. Extreme limit
state dead loads are evaluated much like Strength limit states to account for possible
variability of these permanent loads under abnormal, and possibly extreme loading
conditions. Fatigue limit state evaluation does not account for the effects of DC
dead loads.

Typically, component dead loads are expressed in kips per cubic foot, and the
geometric properties of the various bridge components are used to calculate the
expected gravitational effects to be used as component dead loads. The design
engineer is encouraged to investigate local conditions, specific bridge construction
specifications or methods, and advances in materials technology to obtain the most
appropriate unit weight for determination of permanent component dead loads. In
the absence of more precise information, AASHTO LRFD provides some guidance
for typical unit weights in Table 3.5.1-1. An excerpt of that table for some of the
most common structural materials is presented in Table 5.1.
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Table 5.1 Unit Weights of Typical Components, DC

Material Unlt(il/(\:lf)lght
Concrete Lightweight 0.110
Sand-lightweight 0.120
Normal weight with f; < 5.0 ksi 0.145
Normal weight with 5.0 < f. < 15.0 ksi 0.140 + 0.001f¢
Steel 0.490
Wood Hard 0.060
Soft 0.050

(from AASHTO LRFD Table 3.5.1-1)

5.3.2 Component Dead Loads Design Example

Calculate the component dead load (DC1) for the steel girder and tributary area of
normal weight concrete (f; = 4.0 ksi) as shown:

" <« 36" Sidewalk»

|
2--Jf - 108" -

24"

Y
h J

36" — <71 n

t o T

Figure 5.1 Steel Girder and Tributary Area

First, calculate area of concrete contributing to DC1. Since sidewalks are placed
after the deck and girders, they are a DC2 load, and therefore will not factor into this
calculation.

Deck width = 108", Deck height = 9”
Deck area (normal weight concrete, . = 4.0 ksi) = 108 x 9 = 972 in®

Next, the area of the girder should be calculated.

Flange width = 24", Top Flange thickness = 2”, Bottom Flange thickness = 37,
Web thickness = 17, Web height = 36”
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Girder area (steel) =24 x 2 + 24 x 3 + 36 x 1 = 156 in?

The unit weight of normal weight concrete, fc = 4.0 ksi from Table 5.1 is 145 pounds
per cubic foot. The unit weight of steel from Table 5.1 is 490 pounds per cubic foot.
Applying these unit weights to the areas already calculated gives:

[972in? / 144 in?/ft? | x 145 pcf = 978.75 Ib/ft
[ 156 in? / 144 in?/ft? | x 490 pcf = 530.83 Ib/ft

These two loads are added together to produce the final DC1 load per foot on the
girder shown as:

978.75 + 530.83 = 1509.58 Ib/ft, approximately 1.51 kip/ft
5.3.3 Wearing Surface and Utility Loads

Wearing surfaces and utility loads are considered semi-permanent loads, and are
grouped within the DW load type. Wearing surfaces can be those applied at initial
construction, or anticipated future wearing surfaces for maintenance of the bridge.
Utility loads include the weight of conduits and attachments for not only bridge
components, but also those using the bridge as a method of crossing. These loads
are slightly more variable than those for component dead loads. The wearing
surface that is used in the future may end up being heavier or lighter than
anticipated, depending on advances in technology and common practice by the time
a resurfacing is needed. Ultilities may also be added or removed, and the weight of
conduits and connectors in the future may change. To reflect this variability, in
Strength and Extreme limit states, the load factors for wearing surface and utility
loads ranges from 0.65 for minimum effects to 1.50 for maximum effects.

5.3.4 Sequence of Application

The sequence of erection of a bridge structure determines the classification of some
dead loads which are applied to the structure. Beams, decks and any other basic
structural components are typically classified as DC1 loads, permanent component
dead loads. When the composite action of a bridge structure is variable over the
construction sequence, these DC1 loads are typically applied to a non-composite
section.

Secondary permanent load applications fall into either the DC2 or DW load
categories. DC2 loads include sidewalks, barriers, parapets, and other structural
attachments which are considered bridge components, but do not contribute to the
structural stability of a bridge. DW loads include any wearing surfaces that are
applied either initially, or anticipated in the future, and utility loads are also included
in the DW load category. In structures in which composite action is variable, DC2
and DW loads are typically applied to the composite section for reactions, stresses,
and deflections.
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Other dead loads are specified by the AASHTO LRFD specifications, and are
included specifically in some Strength limit states. These dead loads are due to the
effects of earth pressure, vertically and horizontally, earth pressure surcharge, and
other geotechnical effects. These loads are not discussed in this section, as they
rarely, if ever, influence the design of a bridge superstructure.
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5.4 Construction Loads

Construction loads include those loads which are a direct effect of erection
procedures, casting of deck sections, and other sequential activities which can
introduce additional forces outside the normal range of service forces that the bridge
would see in its design life. Some of these forces remain a consideration for the
structure after construction is complete, such as in cable-stayed bridges, and other
construction forces represent equipment and pedestrian loads which will be
eliminated after the structure opens for service.

General load factors for these construction loads are described in AASHTO LRFD
Article 3.4.2. The weight of the structure and attachments, or the DC load as
described above, is assigned a load factor of 1.25 or greater. As the actual
construction loads can vary from contractor to contractor, state to state, and even
with the time of year and location of construction, the estimation of the loads due to
mounted equipment, mobile equipment, and construction workers is less certain than
the load due to the gravitational self-weight of bridge structural components. The
load factor for the construction forces themselves in combination should be greater
than 1.50. Wind forces can greatly affect a bridge under construction, as the
surfaces that wind can affect are greater and more random, therefore a factor of 1.25
or higher on all wind loads should be applied in combination for construction loads.
All other loads which are present during the construction sequence shall have a load
factor of 1.00.

5.4.1 Construction Loads on Concrete Structures

Construction loads on concrete superstructures are presented in detail in AASHTO
LRFD Article 5. AASHTO LRFD Atrticle 5.5.4.2 presents the criteria for selecting an
appropriate resistance factor, dependant on the type of reaction being analyzed and
the type of concrete making up the superstructure in question. An excerpt from this
table showing some example resistance factors is presented in Table 5.2.

Table 5.2 Resistance Factors for Construction Loads on Concrete Structures

Flexure and tension of reinforced concrete 0.90
Flexure and tension of prestressed concrete 1.00
For bearing on concrete 0.70
For tension in steel in anchorage zones 1.00

The construction loads that are incorporated into the design of concrete structures
should be noted on contract drawings and documents, to make the owner and
bidding contractors aware of the maximum construction loads for which a structure
has been evaluated. Construction loads for concrete structures can include;

> Erection loads
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» Temporary supports and restraints
» Closure forces due to misalignment

> Residual forces and deformations from removal of temporary loads and
supports

» Residual strain-induced effects from removal of temporary loads and supports

The load types which are to be considered for concrete bridge construction
loads include the following load types which are then combined for Strength
and Service limit states.

> DIFF — differential loads which are applied to balanced cantilever construction
bridges. These loads are taken as two percent of the DC dead load which is
applied to one cantilever arm

» CLL - distributed construction live load which accounts for the major
equipment, aside from specialized erection equipment, which may be present
on a bridge structure during the construction process. In the absence of more
precise information, a load of 0.005 to 0.010 ksf should be used, per
AASHTO LRFD Article 5.14.2.3.2

» CE - load to represent specialized construction equipment ranging from
delivery trucks, to formtraveler launching gantries and other auxiliary
structures, and the loads that this equipment introduces to the structure
during the lifting and placing of bridge segments

» |E — dynamic load from construction equipment

» CLE - longitudinal load from construction equipment

» U — segmental unbalance load, usually used on structures with a balanced
cantilever type construction sequence

» WE — wind load on construction equipment surfaces, taken as 0.1 ksf over all
exposed surfaces

» WUP — wind load uplift, applicable to cantilevered construction structures,
unless specific conditions and analysis dictate otherwise. Typical loading is
0.005 ksf of deck area on one side of cantilever only.

» A — static weight of next segment being placed

» Al — dynamic load due to accidental release of segment being described in A,
typically 100% of A

» CR - creep load, see AASHTO LRFD Article 5.14.2.3.6

» SH - shrinkage load, see AASHTO LRFD Article 5.14.2.3.6
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» T — thermal load resulting from both temperature variation (TU) and
temperature gradient (TG)

It is recommended that design engineers consult with contractors experienced in the
erection procedure that is being recommended to obtain the most accurate
construction loading information. Segmental construction concrete bridge structures
are very susceptible to being controlled by construction loads, although all bridge
types should be checked for construction loads to ensure that structural damage
does not occur during the construction process.

Concrete structure construction loads must then be combined into Service and
Strength load combinations. For Service load combinations, Table 5.3, taken from
AASHTO LRFD Table 5.14.2.3.3-1, no cracking should occur from construction
loads, stress limits for other limit states shall apply, compressive stresses shall not
exceed 0.50 f;, and tensile forces shall be limited depending on the joint types
present in the structure, per AASHTO LRFD Article 5.14.2.3.3.

Strength limit states for construction loads should be evaluated using the resistance
factors as described above and using the following equations to determine the
factored force effects:

For maximum force effects:

2.yQ=1.1DL +DIFF)+1.3CE + A + Al
AASHTO LRFD Equation 5.14.2.3.4-1

For minimum force effects:
2> yQ=DC+CE+A+Al

AASHTO LRFD Equation 5.14.2.3.4-2
5.4.2 Construction Loads on Steel Structures
For steel superstructure elements, factored construction loads are typically
compared with Service Il limit state conditions and are not specifically determined in
the same manner as for concrete superstructure elements.
5.4.3 Other Construction Load Considerations
Further construction load provisions in the AASHTO LRFD specifications call for

stay-in-place formwork for concrete structure elements to be designed for
construction loads.
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Table 5.3 Service Load Combinations for Construction Loads in Concrete
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5.5 Live Loads

In addition to dead loads, which are continually acting on a bridge, and construction
loads, which act on a bridge only during its construction, a bridge must also be
designed to resist live loads. The primary difference between dead loads and live
loads is that dead loads are permanent but live loads are transient. That is, dead
loads act on the bridge at all times, but lives loads are not necessarily present at all
times. In addition, dead loads are stationary loads, but live loads are moving loads.
Two common forms of live loads are vehicular loads and pedestrian loads.

5.5.1 Design Vehicular Load

Vehicles crossing a bridge come in various shapes, sizes, and weights, such as
cars, motorcycles, tractors, buses, and trucks. A bridge must be designed to resist
all of the live loads that may legally pass across the bridge. However, the vehicles
that most significantly affect a bridge are trucks. When compared with the effects of
trucks on a bridge, the effects of cars and other vehicles are negligible. Therefore,
the live loads used to design a bridge are based on truck loads.

There are many different types of trucks acting on our bridges today. Trucks come
in many different configurations, varying in the following ways:

» Number of axles
Spacing of axles
Weight on each axle
Total truck length
Total truck weight

YV V V V

Since today’s bridges must be able to resist a wide variety of trucks, bridges must be
designed to resist all of those trucks. However, for the bridge engineer to consider
every possible truck configuration that may act on a bridge would be excessively
time consuming and unfeasible. Therefore, bridge engineers have developed what
is called a notional vehicular load. A notional vehicular load is a theoretical or
imaginary load that does not actually exist but that conservatively represents the
load affects of vehicles that may legally act on the bridge. The design vehicular
loads currently used by AASHTO are notional vehicular loads.

5.5.1.1 Number of Design Lanes
When designing a bridge for live load, the bridge engineer must determine the
number of design lanes acting on the bridge. The number of design lanes is directly

related the roadway width.

There are two terms used when considering the placement of live load across the
width of the bridge:

» Design lane
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» Loaded width within the design lane

A design lane generally has a width of 12 feet. The number of design lanes is simply
computed as the roadway width divided by the 12-foot design lane width, rounded
down to the nearest integer. For example, if the distance between the curbs is 70
feet, then the number of design lanes is five. When computing the number of design
lanes, possible future adjustments to the roadway should be considered. For
example, if a median is currently present on the bridge but may be removed in the
future, then the number of design lanes should be computed assuming that the
median is not present.

There are a few exceptions to the 12-foot design lane width. First, if the actual traffic
lanes on a bridge have a width of less than 12 feet, then the design lane width
should equal the actual traffic lane width. Second, for a roadway width between 20
and 24 feet, the bridge should be designed for two lanes, with the design lane width
equal to one-half the roadway width.

The design lanes can be positioned anywhere across the width of the roadway, but
they can not overlap one another. In designing a bridge, the design lanes should be
positioned such that the effect being considered is maximized. For example, when
computing the maximum moment in an exterior girder, the lanes should be
positioned as close as possible to that exterior girder. This is illustrated in Figure
5.2.

46'-10Y"

A . 4

|_§%u 44|_0u 1 I'?%:

12'-0" Design Lane | 12'-0" Design Lane

L]

12'-0" Design Lane

A AN)
A

ZY

».
»

3117 4 Spaces @ 9'-9" = 39'-0"

«—— Compute Maximum Moment
in Exterior Girder

Figure 5.2 Position of Design Lanes

While the design lane generally has a width of 12 feet, the loaded width within the
design lane is only 10 feet. The design truck, the design tandem, and the design
lane must be located entirely within the 10-foot loaded width. The 10-foot loaded
width can be located anywhere within the 12-foot design lane, as long as the entire
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10-foot loaded width is entirely within the 12-foot design lane. Similar to the
placement of the design lane, the loaded width within the design lane is positioned
such that the effect being considered is maximized. For example, for the exterior
girder from the previous example, the loaded widths would be positioned as
illustrated in Figure 5.3.
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Figure 5.3 Position of Loaded Width within Design Lanes

As another example, if the maximum moment in the second girder from the left were
being computed, then the 10-foot loaded width within the leftmost design lane should
be shifted to the right side of that design lane.

5.5.1.2 HL-93

The design vehicular load currently used by AASHTO is designated as HL-93, in
which “HL” is an abbreviation for highway loading and “93” represents the year of
1993 in which the loading was accepted by AASHTO. The HL-93 live load is based
on a 1990 study by the Transportation Research Board (TRB), and it consists of
three different load types:

» Design truck

» Design tandem
» Design lane

5.13



LRFD for Highway Bridge Superstructures Design Manual

The following describes how these three different load types are configured in the
longitudinal direction, how they are configured in the transverse direction, and how
they are combined to form the HL-93 loading.

In the longitudinal direction, the design truck has three axles. The first axle has a
loading of 8 kips, and the second and third axles have loadings of 32 kips each. The
spacing between the first and second axles is 14 feet, but the spacing between the
second and third axles varies between 14 and 30 feet. The axle spacing is selected
such that the maximum effect is achieved. The minimum axle spacing of 14 feet
usually controls. However, a situation in which an axle spacing greater than 14 feet
may control is for a continuous short-span bridge in which the maximum negative
moment at the pier is being computed and the second and third axles are positioned
in different spans. The design truck is illustrated in Figure 5.4.

8 Kips 32 Kips 32 Kips
\ \ \

14'-0" | Varies (14'-0" to 30'-0")

Figure 5.4 Design Truck

The design tandem has two axles, each with a loading of 25 kips. The axle spacing
for the design tandem is 4 feet. The design tandem is illustrated in Figure 5.5.
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25 Kips 25 Kips
\ \

4'_0“

Figure 5.5 Design Tandem

The design lane has a uniform load of 0.64 kips per linear foot, distributed in the
longitudinal direction. The design lane is illustrated in Figure 5.6.

0.64 Kips/foot

v Y v v v yvvvovoyoy

Figure 5.6 Design Lane

In the transverse direction, the design truck and design tandem should be located in
such a way that the effect being considered is maximized. However, the center of
any wheel load must not be closer than 2 feet from the edge of the design lane.
(The single exception is for the design of a deck overhang, in which case the center
of the wheel load can be as close as 1 foot from the face of the curb or railing.) The
transverse live load configuration for a design truck or design tandem is illustrated in
Figure 5.7.
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12'-0" Design Lane | 12'-0" Design Lane | 12'-0" Design Lane

See Note B See Note B See Note B

See See| See See| See See

Note Note/Note Note|Note Note
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Note A: Position wheel loads within the design lane such that the effect being
considered is maximized; minimum = 2'-0".

Note B: Position design lanes across the roadway such that the effect being
considered is maximized.

Figure 5.7 Transverse Configuration for a Design Truck or Design Tandem

Similarly, the design lane is distributed uniformly over the 10-foot loaded width.
Since the design lane is 0.64 kips per linear foot in the longitudinal direction and it
acts over a 10-foot width, the design lane load is equivalent to 64 pounds per square
foot. The transverse live load configuration for a design lane is illustrated in Figure
5.8.
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12'-0" Design Lane | 12'-0" Design Lane | 12'-0" Design Lane
See Note B See Note B See Note B
See See| See See| See See
Note Note Note Note|Note Note
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Note A: Position wheel loads within the design lane such that the effect being
considered is maximized; minimum = 2'-0".

Note B: Position design lanes across the roadway such that the effect being
considered is maximized.

Figure 5.8 Transverse Configuration for a Design Lane

The HL-93 loading consists of various combinations of the design truck, design
tandem, and design lane. Specifically, the HL-93 loading is taken as the maximum

of the following two conditions:

» The effect of the design tandem plus the design lane (see Figure 5.9)
» The effect of the design truck plus the design lane (see Figure 5.10)

In addition, for negative moment and reaction at interior piers, a third condition is
also considered. A second truck is added with a minimum headway between the
front and rear axles of the two trucks equal to 50 feet, the rear axle spacing of the
two trucks is set at a constant 14 feet, and all loads are reduced by 10 percent.
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Figure 5.9 Effect of Design Tandem Plus Design Lane
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Figure 5.10 Effect of Design Truck Plus Design Lane

32 Kips

The design truck and the design lane are similar to those used in the AASHTO
Standard Specifications for Highway Bridges, which preceded the AASHTO LRFD
Bridge Design Specifications. However, in the AASHTO Standard Specifications for
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Highway Bridges, the design truck and design lane are considered separately and
are not combined, whereas they are combined for the HL-93 live load in the
AASHTO LRFD Bridge Design Specifications.

5.5.2 Fatigue Load

In addition to the live loading described above, fatigue live load must also be
considered. Fatigue is a phenomenon of material failure caused by repeated
applications of a load. When applied infrequently, these loads would cause no
undesirable effects, but when applied repeatedly, they can lead to failure. When the
load is cyclic, the stress level that leads to failure can be significantly less than the
material yield stress. The effects of fatigue are based on the following
considerations:

» The type and quality of the structural detail
» The magnitude of the stress range
» The number of applications (or cycles) of this stress range

Since most trucks have a weight less than the design vehicular load, it would be
excessively conservative to use the HL-93 loading described above for fatigue load.
Therefore for fatigue load, AASHTO uses the design truck with the following
adjustments:

» The axle spacing between the two 32-kip axles is a constant 30 feet.
» The fatigue truck is placed in only one lane.
» The load factor for fatigue is 0.75 (based on calibration studies).

The fatigue load is illustrated in Figure 5.11.
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Figure 5.11 Fatigue Load

In addition to the actual loading, the number of cycles also influences the fatigue
design of a bridge. In the absence of more accurate traffic data, the average daily
truck traffic (ADTT) for a single lane may be computed as:

where:
ADTTg_

ADTT

Table 5.4 Fraction of Truck Traffic in a Single Lane, p

ADTT, =p(ADTT)
AASHTO LRFD Equation 3.6.1.4.2-1

Equation 5.2

number of trucks per day in a single lane averaged over the

design life

fraction of truck traffic in a single lane (see Table 5.4)
number of trucks per day in one direction averaged over the

design life

(Based on AASHTO LRFD Table 3.6.1.4.2-1)

Number of Lanes Available to p
Trucks
1 1.00
2 0.85
3 or more 0.80

In the above equation, the ADTT can usually be obtained from the bridge owner. If
ADTT data is not available, then the ADTT can be estimated based on the average
daily traffic (ADT) and the percentage of truck traffic to total traffic. This percentage
can vary widely, depending on the type of roadway crossing the bridge and the
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location of the bridge, but if more accurate data is not available, the percentages
presented in Table 5.5 can be used. The ADTT can be estimated by multiplying the
ADT times the percentage presented in Table 5.5. It should be noted that the
number of stress cycles does not affect the fatigue load but rather the fatigue
resistance.

Table 5.5 Percentage of Trucks in Traffic
(Based on AASHTO LRFD Table C3.6.1.4.2-1)

Class of Highway Percentage of Trucks in Traffic
Rural Interstate 20%
Urban Interstate 15%
Other Rural 15%
Other Urban 10%

5.5.3 Pedestrian Load

For bridges designed for both vehicular and pedestrian load and with a sidewalk
width exceeding 2 feet, a pedestrian load of 75 pounds per square foot is used.
However, for bridges designed exclusively for pedestrian and/or bicycle traffic, a live
load of 85 pounds per square foot is used.

The actual magnitude of pedestrian load is highly unpredictable, which increases in
significance for bridges in which pedestrian load is the only live load. Therefore, for
bridges designed exclusively for pedestrian and/or bicycle traffic, AASHTO specifies
a greater pedestrian load than for bridges with both vehicular and pedestrian load.

5.5.4 Vehicular Collision Force (Barrier and Deck Design Only)

In the design of barriers and decks, a vehicular collision force must be considered.
AASHTO specifies six different test levels for use in the design of bridge railings for
vehicular collision force. These six text levels are based on NCHRP Report 350,
‘Recommended Procedures for the Safety Performance Evaluation of Highway
Features.” They are summarized in Table 5.6.
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Table 5.6 Bridge Railing Test levels
(Adapted from AASHTO LRFD Article 13.7.2)

Name

Abbreviation

Description

Test Level One

TL-1

Generally acceptable for work zones with low posted
speeds and very low volume, low speed local streets

Test Level Two

TL-2

Generally acceptable for work zones and most local
and collector roads with favorable site conditions as
well as where a small number of heavy vehicles is
expected and posted speeds are reduced

Test Level Three

TL-3

Generally acceptable for a wide range of high-speed
arterial highway with very low mixtures of heavy
vehicles and with favorable site conditions

Test Level Four

TL-4

Generally acceptable for the majority of applications
on high speed highways, freeways, expressways,
and interstate highways with a mixture of trucks and
heavy vehicles

Test Level Five

TL-5

Generally acceptable for the same applications as
TL-4 and where larger trucks make up a significant
portion of the average daily traffic or when
unfavorable site conditions justify a higher level of rail
resistance

Test Level Six

TL-6

Generally acceptable for applications where tanker-
type trucks or similar high center-of-gravity vehicles
are anticipated, particularly along with unfavorable
site conditions

The user agency is responsible to determine which of the above test levels is most
appropriate for the bridge site. For most interstates, TL-4 generally satisfies the
design requirements. For each test level, AASHTO specifies vehicular collision force
requirements that the bridge railing must satisfy. These vehicular collision force
requirements include the following:

» Weight of vehicle, W

» Out-to-out wheel spacing on an axle, B

» Height of vehicle center-of-gravity above the bridge deck, G

» Angle of vehicular impact (as measured from the face of the railing), 6

The first three variables are illustrated in Figure 5.12. The testing criteria for the
various test levels are presented in Table 5.7.
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Figure 5.12 Vehicular Collision Force

Table 5.7 Bridge Railing Test levels
(Adapted from AASHTO LRFD Article 13.7.2)

Single- Tractor
Vehicle Small Pickup Unit Van-Type -Tanker
Characteristics Automobiles Trucks | Van Truck | Tractor-Trailer | Trailer
W (Kips) 1.55 1.8 4.5 18.0 50.0 | 80.0 80.0
B (Feet) 5.5 5.5 6.5 7.5 8.0 8.0 8.0
G (Inches) 22 22 27 49 64 73 81
Crash Angle, 6 20° 20° 25° 15° 15° 15° 15°
Test Level Test Speeds (mph)
TL-1 30 30 30 N/A N/A N/A N/A
TL-2 45 45 45 N/A N/A N/A N/A
TL-3 60 60 60 N/A N/A N/A N/A
TL-4 60 60 60 50 N/A N/A N/A
TL-5 60 60 60 N/A N/A 50 N/A
TL-6 60 60 60 N/A N/A N/A 50

For each test level, barriers are available that have been tested to verify their
conformance with the above requirements. Additional information about vehicular
collision forces and bridge railings is presented in AASHTO LRFD Atrticle 13.
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5.5.5 Multiple Presence of Live Load

As previously described, a bridge must be designed for the number of design lanes
that can be placed on the roadway and it must be designed for the HL-93 live load,
which conservatively represents the maximum load affects of vehicles that may
legally act on the bridge. For a bridge design with more than one design lane, the
controlling HL-93 live load configuration must be placed in each design lane
simultaneously.

However, for a bridge with several design lanes, it is unlikely that each lane will be
fully loaded with trucks simultaneously. To account for this improbability, AASHTO
applies multiple presence factors. The bridge engineer must consider each possible
combination of number of loaded lanes, multiplied by the corresponding multiple
presence factor, and then use the loading condition for which the effect being
considered is maximized. Multiple presence factors are presented in Table 5.8.

Table 5.8 Multiple Presence Factors
(Based on AASHTO LRFD Table 3.6.1.1.2-1)

Number of Loaded Lanes Multiple Presence Factor
1 1.20
2 1.00
3 0.85
>3 0.65

Since the probability that all lanes will be fully loaded decreases as the number of
loaded lanes increases, the multiple presence factor also decreases as the number
of loaded lanes increases. For the purposes of determining the number of loaded
lanes, pedestrian loads may be taken to be one loaded lane.

It is important to note the applications for which multiple presence factors should and
should not be used. Multiple presence factors should be applied in the following
cases:

» For use with refined analysis methods

» For use with the lever rule

» For use whenever a sketch is required to compute the live load distribution
» For use with braking forces

However, multiple presence factors should not be applied in the following cases:

» For the approximate live load distribution factors presented in AASHTO LRFD
Article 4.6.2

» For the fatigue limit state in which one design truck is used

The multiple presence factors have already been included in the approximate
equations presented in AASHTO LRFD Article 4.6.2. Therefore, for the fatigue limit
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state, the force effects must be divided by the multiple presence factor for a single
lane, which is 1.20.

5.5.6 Dynamic Load Allowance

The HL-93 loading is based on a static live load applied to the bridge. However, in
reality, the live load is not static but is moving across the bridge. Since the roadway
surface on a bridge is usually not perfectly smooth and the suspension systems of
most trucks react to roadway roughness with oscillations, a dynamic load is applied
to the bridge and must also be considered with the live load. In previous
specifications, AASHTO referred to this dynamic effect as impact, but it now refers to
it as dynamic load allowance.

Dynamic load allowance is defined in AASHTO LRFD Article 3.2 as “an increase in
the applied static force effects to account for the dynamic interaction between the
bridge and moving vehicles.” This additional dynamic force effect is illustrated in the
generic live load response curve presented in Figure 5.13.
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Force Effect

Pstatic

Time

Psiatic = Maximum static force effect

Pdynamic = Maximum additional dynamic force effect

Figure 5.13 Static and Dynamic Live Load Response

Referring to Figure 5.13, the dynamic load allowance is equal to:

P
IM = % Equation 5.3

static

To compute the total live load effect, including both static and dynamic effects, the
following equation is used:

P.., =P (1+IM) Equation 5.4
where:
Puwa = force effect due to both live load and dynamic load allowance
P = force effect due to live load only (without dynamic load allowance)
IM = dynamic load allowance (previously referred to as impact)
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In previous specifications, AASHTO defined impact such that its value increased to a
maximum value of 30% as the span length decreased. However, in the AASHTO
LRFD Bridge Design Specifications, dynamic load allowance is no longer a function
of span length, and its value depends only on the component and the limit state.
AASHTO currently assigns values to dynamic load allowance as presented in Table
5.9.

Table 5.9 Dynamic Load Allowance, IM
(Based on AASHTO LRFD Table 3.6.2.1-1)

Component Limit State Dynamic Loﬁ\ﬁ Allowance,
Deck Joints All Limit States 75%
Fatigue and Fracture Limit 15%
All Other Components | States
All Other Limit States 33%

Deck joints have a greater dynamic load allowance because the hammering effect of
the passing vehicles is more significant for deck joints than for other components,
such as girders, beams, bearings, and columns.

Dynamic load allowance should not be applied to the following loads:

» Centrifugal force
Braking force
Pedestrian load

Design lane (dynamic load allowance is applied to the design truck and
design tandem but not to the design lane)

Y V V

In addition, there are several bridge components for which dynamic load allowance
should not be applied, including the following:

» Retaining walls not subject to vertical reactions from the superstructure
Foundation components that are entirely below ground level
Wood components

Any other components identified by the specific agency governing the bridge
design

Y V V

5.5.7 Braking Force

When a truck decelerates or stops on a bridge, a longitudinal force is transmitted to
the bridge deck, which is also transmitted to the substructure units with fixed
bearings. This longitudinal force is known as the braking force.

The braking force is specified by AASHTO as the greater of either:

» 25 percent of the axle weights of the design truck or design tandem
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» 5 percent of the design truck plus lane load, or 5 percent of the design
tandem plus lane load

The 25% factor is derived using the following kinetic energy formula:

2
F, :( Y JW bW Equation 5.5
2ga
where:

Fs = braking force
v = initial truck velocity (assumed to be 55 mph)
g = gravitational acceleration
a = length of uniform deceleration (assumed to be 400 feet)
w = truck weight
b = braking value

Substituting the assumed values into the above equation leads to a value for b of
approximately 25%.

AASHTO specifies that the braking force is to be based on all lanes which are
considered to be loaded and which are carrying traffic in the same direction. For
bridges which may become one-directional in the future, all lanes should be loaded.
In addition, the appropriate multiple presence factor should be applied in the braking
force computations.

The braking force is applied 6.0 feet above the roadway surface, and it acts
longitudinally in whichever direction causes the maximum force effects.
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5.6 Wind Loads

Wind loads represent the typical wind conditions of the local area where the bridge is
being constructed. Only exposed surfaces are subject to direct application of wind
loads, and different wind load cases exist for wind on structure, wind on live load,
wind on construction equipment, and wind in the vertical direction. The limit states
vary in their load factors for application of wind loads, the desired wind speed, and
its effects on live load. In general, smaller structures are not controlled by wind
effects, but larger structures with more exposed surfaces can be controlled by wind
load.

5.6.1 Horizontal Wind Pressure

The base design wind velocity as specified by AASHTO is 100 miles per hour. This
represents a conservative estimate of the highest wind speeds that a structure will
experience over the design life of the structure. The wind pressure load from this
horizontal wind is applied to all exposed surfaces when the structure is looked at in
elevation, perpendicular to the direction of the wind. All girders, decks, attachments,
and other structural components which are exposed in elevation are subject to the
same uniform wind pressure. Any analysis of wind loads should include multiple
attack angles to determine from which direction wind causes the greatest force
effect.

For structures in various environments, or over 30.0 feet in height, the base wind
velocity is modified per the following equation from AASHTO LRFD Article 3.8.1.1.

V,, = 2.5v{%}n(25]
B 0

AASHTO LRFD Equation 3.8.1.1-1

where

Vpz = design wind velocity at a design elevation, Z (mph)

Vo = friction velocity, see Table 5.10

V3o = wind velocity at 30.0 ft. above low ground or design water level
(mph)

Vg = base wind velocity, 100 mph

Z = height of structure at which wind loads are being calculated, > 30.0
ft.

Zo = friction length, see Table 5.10

The values of Vy and Z, are terms which are determined from meteorological effects
based on the surrounding land conditions of the bridge. The descriptions of these
land features are paraphrased from ASCE 7-93 in the AASHTO LRFD specification
and are as follows;
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» Open country — open terrain with only scattered obstructions with heights
generally less than 30.0 feet. This category includes flat, open plains and
grasslands.

» Suburban — urban and suburban areas, wooded areas, or other terrain with
many closely spaced obstructions with the size of a single-family dwelling, or
larger. The suburban category shall only be used if the terrain type extends
for 1,500 feet or greater in the prevailing upwind direction from the bridge
structure.

» City — large city centers with at least half the buildings having a height in
excess of 70.0 feet. The city category shall only be used if the terrain type
extends for one half mile or greater in the prevailing upwind direction from the
bridge structure. In addition to typical wind loads, possible channeling effects
and increased wind velocities due to the bridge being located in the wake of
larger structures should be considered in the analysis of wind loads.

Once the terrain type is determined, Vo and Z;, are selected from AASHTO LRFD
Table 3.8.1.1-1, shown here as Table 5.10.

Table 5.10 Values of Vo and Z, for Various Upstream Surface Conditions

Open
Condition | Country Suburban | City
Vo (mph) | 8.20 10.90 12.00
Z, (ft.) 0.23 3.28 8.20

The value of the V3, term may be established by the following criteria, as presented
in AASHTO LRFD Article 3.8.1.1.

> Fastest-mile-of-wind charts available in ASCE 7-88 for various recurrence
intervals.

» Site-specific wind surveys
> In the absence of better criterion, the assumption that V3, = Vg = 100 mph

5.6.2 Calculation of Design Wind Velocity Design Example

For this example, assume a bridge structure 40.0 ft. in height over the design water
level. The structure is located in an area where wooded terrain prevails for at least
two miles in all directions. From ASCE 7-88, the fastest-mile-of-wind is 115 mph for
the area the bridge is located.

V., = 2.5V{\\//30 jln(ZEJ Equation 5.6

0

AASHTO LRFD Equation 3.8.1.1-1

B
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V., =2.5(10.90 15, (40.0
100 3.28
Therefore, Vpz = 78.4 mph

5.6.3 Horizontal Wind Pressure on Structures
The load case for horizontal wind on structures, WS, is based on the design wind
speed, and given base wind pressures in the absence of more precise local
information. The information shown in Table 5.11 is taken from AASHTO LRFD
Table 3.8.1.2.1-1 and is used to determine the horizontal wind pressure force.

Table 5.11 Base Pressures, Pg corresponding to Vg = 100 mph

Leeward
Superstructure Windward | Load,
Component Load, ksf | ksf
Trusses,
Columns, 0.050 0.025
and Arches
Beams 0.050 N/A
Large flat 0.040 N/A
surfaces

The wind pressure can then be calculated using the following equation.

2
\V/ V.2
P. =P DZ =P DZ
P B(VJ ®10,000

B
AASHTO LRFD Equation 3.8.1.2.1-1

As a limit, the wind load on windward chords of trusses and arches, and beams and
girders cannot be less than 0.30 kIf. The leeward load on chords of trusses and
arches cannot be less than 0.15 KIf.

Various angles of attack for wind direction should be investigated to determine which
gives the worst case response in the bridge structure. The angle of attack shall be
determined as the skew angle from a perpendicular to the longitudinal axis of the
member in question. For various standard angles of attack, the value of base
pressure, Pg, will vary as shown in Table 5.12, taken from AASHTO LRFD Table
3.8.1.2.2-1. The pressures for lateral loads and longitudinal loads are to be applied
simultaneously.
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Table 5.12 Base Pressures, Pg for Various Angles of Attack, Vg = 100 mph

Trusses, Columns and
Arches Girders
Skew Angle Longitudinal Longitudinal
of Wind Lateral Load Load Lateral Load Load
Degrees ksf ksf ksf ksf
0 0.075 0.000 0.050 0.000
15 0.070 0.012 0.044 0.006
30 0.065 0.028 0.041 0.012
45 0.047 0.041 0.033 0.016
60 0.024 0.050 0.017 0.019

5.6.4 Horizontal Wind Pressure on Live Load

In addition to the wind loads that are applied to all exposed surfaces of bridge
superstructures, wind also affects the exposed surfaces of live load traffic passing
over the bridge, introducing additional forces in the load type WL. The pressure
exerted on a superstructure due to the wind on live load is consistent with the
assumptions made in the determination of limit states and load combinations that at
wind speeds in excess of 55 miles per hour, the amount of traffic that would be
present on the structure at one time is significantly reduced.

For all structures where the WL load type is used, an uninterruptible, moving force of
0.10 kIf acting normal to the roadway, located 6.0 feet above the roadway, should be
applied and transmitted to the structure. For any situation where an attack angle
other than normal to the lane has been found to be the controlling wind direction, the
forces for WL will change per Table 5.13, which is transcribed from AASHTO LRFD
Table 3.8.1.3-1.

Table 5.13 Wind Components on Live Load

Skew Normal Parallel
Angle Component | Component
Degrees KIf kIf
0 0.100 0.000
15 0.088 0.012
30 0.082 0.024
45 0.066 0.032
60 0.034 0.038

5.6.5 Vertical Wind Pressure on Structure

For load combinations where wind on live load is not considered, and uplift of the
structure is potentially a problem, vertical wind pressure may generate loads that
need to be considered. This load type is considered to be a 0.020 ksf upward force
for all wind speeds, but only at an attack angle perpendicular to the bridge structure.
The area of effect for vertical wind pressure includes the width of all deck surfaces,
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parapets and sidewalks, and is considered to be a longitudinal line load. The
windward side of the bridge is the only that should see the effects of vertical wind
pressure.
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5.7 Thermal Loads

In addition to forces caused by applied loads, a bridge must also be designed to
resist forces due to deformation. An example is thermal loads, which are caused by
deformations due to changes in temperature. Two types of thermal loads must be
considered in bridge design — uniform temperature change and temperature
gradient.

5.7.1 Uniform Temperature Change

The first type of thermal load that must be considered in bridge design is uniform
temperature change, in which the entire superstructure changes temperature by a
constant amount. Uniform temperature change causes the entire superstructure to
lengthen due to temperature rise or shorten due to temperature fall. In addition, if
the supports are constrained, uniform temperature change induces reactions at the
bearings and forces in the corresponding substructure units. Uniform temperature
change is illustrated in Figure 5.14.

(I
I
I
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Figure 5.14 Uniform Temperature Change

As depicted in Figure 5.14, the entire superstructure changes in length when
subjected to a uniform temperature change. The magnitude of the change in length,
AL, is a function of:

» Material properties
» Temperature change
» Expansion length

This relationship is expressed mathematically as follows:

AL=aATL Equation 5.7
where:
AL = change in length
o = coefficient of thermal expansion
AT = change in temperature
L = expansion length
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To compute the design movement in an elastomeric bearing which will not be reset
after erection, an additional factor of 1.3 must be included in the above formula. The
values for AL and L are illustrated in Figure 5.14. It is important to note that the
expansion length is measured to a point of fixity. The coefficient of thermal
expansion is approximately 0.0000065/°F for steel, 0.0000060/°F for normal weight
concrete, and 0.0000050/°F for lightweight concrete. The change in temperature is
based on the construction temperature, the minimum design temperature, and the
maximum design temperature.

AASHTO provides two methods for determining the minimum and maximum design
temperatures. Procedure A, which has traditionally been used by AASHTO, is
based on the temperature ranges presented in Table 5.14.

Table 5.14 Temperature Ranges
(Based on AASHTO LRFD Table 3.12.2.1.1-1)

Climate Stegl or Concrete Wood
Aluminum
Moderate 0°F to 120°F 10°F to 80°F 185'th°
-30°F to . . . .
Cold 120°E O°F to 80°F O°Fto 75°F

As used in the above table, moderate climate is defined as climate in which less than
14 days have an average temperature of less than 32°F, and cold climate is defined
as climate in which 14 or more days have an average temperature of less than 32°F.
The temperature range to concrete is less than that for steel or aluminum because
concrete generally has more thermal inertia than does steel or aluminum, which
makes concrete more resistant to changes in temperature.

To illustrate the application of the above table, for a steel girder in cold climate which
was constructed at 68°F, the design temperature rise is 120°F - 68°F = 52°F, and the
design temperature fall is 68°F — (-30°F) = 98°F.

Procedure B is based on contour maps which present contour lines for the maximum
and minimum design temperatures for both concrete girder bridges and steel girder
bridges. The bridge engineer can locate the bridge site on the contour maps and
determine the maximum and minimum design temperatures to within about 10°F,
either by interpolating between contour lines or by using the most conservative
adjacent contour line.

Uniform temperature change must be considered in the design of many bridge
components, including the following:

» Deck joints

» Bearings
» Piers at which the bearings are constrained against thermal movement
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5.7.2 Temperature Gradient

Another type of thermal load that may need to be considered in bridge design is
temperature gradient. Past experience, owner input, and bridge type are all factors
that should be used in determining whether temperature gradient should be
considered. When subjected to heat from the sun, the bridge deck usually heats
more than the underlying girders. Since heat causes expansion, this causes the
deck to expand more than the girders, which results in upward bending.
Temperature gradient is illustrated in Figure 5.15.
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Figure 5.15 Temperature Gradient

Bridge location plays a more significant role in temperature gradient than in uniform
temperature change. Bridges located in western states are generally more sensitive
to temperature gradient than bridges located in eastern states. To assist the bridge
engineer in computing temperature gradient, AASHTO has divided the nation into
four solar radiation zones, identified as Zones 1, 2, 3, and 4. Zone 1 has the highest
gradient temperatures.

The variation in temperature throughout the depth of the superstructure is illustrated
in Figure 5.16.
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Figure 5.16 Positive Vertical Temperature Gradient

The value for A, as shown in Figure 5.16, depends on the superstructure material
and depth, and the values for the temperatures (T4, T, and T3) are a function of the
solar radiation zone in which the bridge is located.

When analyzing a bridge for temperature gradient, the following structure responses
must be considered:

> Axial extension
> Flexural deformation
> Internal stresses
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5.8 Creep and Shrinkage

Another force effect due to deformation is creep and shrinkage. Creep is a material
property in which the member continues to deform with time under sustained loads
at unit stresses within the elastic range. Shrinkage is a material property in which
the volume changes independently of the loads it sustains. Both creep and
shrinkage are time-dependent deformations. They may occur concurrently, and they
generally cannot be separated from each other.

Concrete is the most common material that experiences creep and shrinkage. To a
lesser degree, wood can also experience creep, such as in transversely prestressed
wood bridges. Some of the parameters in concrete that most significantly influence
creep and shrinkage are the following:

» Water-cement ratio
Curing method
Ambient humidity
Aggregates

Air content

Age at load application

YV VV VYV

Creep and shrinkage influences both the internal stresses and the deformations of a
bridge.

5.8.1 Stresses

In segmental bridges, the creep and shrinkage effects on the internal stresses can
be significant, and their contribution to the final stresses must be included in the
design process. As an illustration, consider a three-span segmental bridge
constructed by the cantilever method. Moment diagrams for various conditions are
presented in Figure 5.17.
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Span 1 Span 2 Span 3

Moment Diagram

~~~~~~~~~~~~~~~~~~~~~~~~~~~~ Moment diagram as constructed by the cantilever method (without creep and shrinkage effects)
Moment diagram at time infinity (with creep and shrinkage effects)
———————— Moment diagram as constructed on falsework (without creep and shrinkage effects)

— ———— Approximate representation of creep and shrinkage effects

Figure 5.17 Moment Diagrams for Three-span Segmental Bridge

It can be seen from Figure 5.17 that the forces induced by applied loads are
affected not only by the construction method but also by creep and shrinkage. The
moment diagram with forces at time infinity (with creep and shrinkage effects) is
somewhere between the moment diagrams as constructed by the cantilever method
(without creep and shrinkage effects) and as constructed on falsework (also without
creep and shrinkage effects). In other words, the final forces in the structure are
somewhere between the “cantilever-method” constructed forces and the “falsework”
constructed forces.

5.8.2 Deflections

In segmental bridges, the creep and shrinkage effects on the deflections can also be
significant. Their contribution to deformations must be considered when:

» Computing deformations

» Computing casting curves

» Computing camber data

» Computing internal stresses due to deformations

Creep and shrinkage effects induce both stresses and deformations that affect the
internal forces on the structural system. For prestressed concrete bridges, cable-
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stayed bridges, composite structures, and many other indeterminate structures,
creep and shrinkage effects can govern the design of the structural members.
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5.9 Accumulated Locked-in Force Effects

Another loading condition that must be considered in bridge design is accumulated
locked-in force effects. These force effects can result from the construction process,
and they include such effects as secondary forces from post-tensioning.
Accumulated locked-in force effects vary both in magnitude and in nature, depending
on the bridge type and the erection method.

AASHTO considers accumulated locked-in force effects as a permanent load. It is

the only permanent load for which AASHTO assigns a maximum load factor of 1.00
and a minimum load factor of 1.00.
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Volume 1
General Design
Considerations

Chapter 7
Deck Design

7.1 Introduction

A bridge deck provides a smooth
and safe riding surface for the
traffic utilizing the bridge, and it
transfers the live load and dead
load of the deck to the underlying
bridge components. During deck
design, the engineer must
consider the most suitable deck
material, overhang design and
construction, formwork, and deck
staging.
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7.2 General Design Considerations

The most common materials used for decks are concrete, metal, and wood.
However, several general design considerations are common to all deck materials.

7.2.1 Composite Action

AASHTO LRFD Article 9.4.1 specifies that all decks, with the exception of wood and
open grid decks, must be made composite with the supporting components, unless
there are compelling reasons not to do so. Composite action is beneficial for several
reasons. It enhances the stiffness of the superstructure, it improves the economy of
the bridge, and it prevents vertical separation between the deck and its supporting
components.

Composite action is made possible by providing shear connectors at the interface
between the deck and its supporting components. Shear connectors can be in the
form of studs or angles, and they must be designed for both strength and fatigue
limit states. Shear connectors must be designed for force effects computed on the
basis of full composite action, regardless of whether composite action was
considered in the design and proportioning of the primary members. This
requirement ensures the integrity of the connection under all possible load cases.

7.2.2 Deck Drainage

Since a primary function of the deck is to provide a safe riding surface, deck
drainage must be considered during the deck design. Computations can be
performed to determine the allowable length of the bridge without scuppers. This
length is a function of the roughness coefficient of the deck surface, the deck cross
slope, the grade as a function of the location on the bridge, the design speed, the
rate of rainfall, and the width of deck to be drained. If this computation shows that
deck drainage is required, then scuppers or other forms of drainage are designed
and detailed to meet the drainage requirements of the bridge.

Based on past experience, the deck joint regions are particularly affected by poor
deck drainage and are commonly susceptible to deterioration from excessive water.
Therefore, special care should be given to the design and detailing of deck drainage
near deck joints.

7.2.3 Deck Appurtenances

To safely direct traffic on the bridge, appurtenances are provided along the edges of
the bridge. They are also sometimes provided between directions of traffic. Deck
appurtenances are usually concrete, and they can be provided in the form of curbs,
parapets, barriers, and dividers. Deck appurtenances should generally be made
structurally continuous. Since the deck appurtenances may be damaged due to
vehicular collision, their structural contribution should not be considered for strength
or extreme event limit states. However, their structural contribution may be
considered for service and fatigue limit states.
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7.2.4 Edge Supports

Edge supports must be provided along the edges of the deck, unless the deck is
designed to support wheel loads in extreme positions with respect to its edges. The
edge support may be either an edge beam or an integral part of the deck.
Expansion joint hardware may be considered to be a structural element of the edge
support if it is integrated with the deck.

7.2.5 Stay-in-place Formwork

Stay-in-place formwork can be used to support the uncured deck concrete during
construction.  Stay-in-place formwork should not be used in the overhang of
concrete decks. Additional information about stay-in-place formwork is provided in
Section 7.3.6 of this topic.

7.2.6 Limit States

For decks designed using the traditional design method, the deck must be designed
to satisfy requirements for service, strength, fatigue, and extreme event limit states.
For the service limit state, deflections caused by live load plus dynamic load
allowance must be limited as specified in AASHTO LRFD Article 9.5.2. For the
strength limit state, the deck must be designed to meet the structural requirements of
AASHTO LRFD pertaining to the deck type and material selected. For the fatigue
limit state, design requirements are provided for metal grid, filled grid, partially filled
grid, steel grid, and steel orthotropic decks, but there are no fatigue requirements for
concrete decks and wood decks. For the extreme event limit state, force effects
transmitted by traffic and by combination railings must be considered during deck
design.
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7.3 Concrete Decks

7.3.1 General

Reinforced concrete is the most common material used for deck design. The
primary advantages of concrete decks are their strength and their ability to provide a
smooth riding surface. In recent years, automation of deck concrete placement and
finishing has improved the cost-effectiveness of this deck type. However, cast-in-
place concrete decks can experience excessive differential shrinkage with the
supporting beams, and they can lead to slow construction.

Recent research into concrete mixes and curing methods has enhanced
performance characteristics such as freeze-thaw resistance, high abrasion
resistance, and low shrinkage. To improve the durability of concrete decks against
environmental factors, additives and wearing surfaces are frequently used.
Additives can potentially increase the life and lower the long-term costs of concrete
bridge decks by enhancing resistance to water, corrosion, and deicing salt.

Concrete decks can be designed using several methods, including the traditional
design method and the empirical design method. The following sections provide
background information, equations, and design examples for each of these two
methods.

7.3.2 Traditional Design Method

The traditional design method of deck design is based on flexure and has been
included in many previous editions of AASHTO’s bridge specifications. The
reinforcing steel normal to the supporting girders is considered the primary
reinforcement and is computed based on the design moments. The reinforcing steel
in the other direction is distribution reinforcement and is computed based on a
specified percentage of the primary reinforcement area.

7.3.2.1 Primary Reinforcement Requirements

The design of the primary deck reinforcement by the traditional design method
involves the following steps:

Obtain design criteria.

Determine minimum slab thickness.

Determine minimum overhang thickness.

Select slab and overhang thickness.

Compute dead load effects.

Compute live load effects.

Compute factored positive and negative design moments.
Design for positive flexure in deck.

Check for positive flexure cracking under service limit state.

©OoNOO AWM~
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10. Design for negative flexure in deck.
11. Check for negative flexure cracking under service limit state.

These design steps are presented and illustrated through the following design
example.

1. Obtain design criteria

The design requirements for this deck design example are as follows:

Girder spacing = 9.75 feet

Number of girders = 5

Deck top cover = 2.5 inches (AASHTO LRFD Table 5.12.3-1)

Deck bottom cover = 1 inch (AASHTO LRFD Table 5.12.3-1)

Deck reinforced concrete unit weight = 150 pcf (AASHTO LRFD Atrticle 3.5.1)
Deck concrete strength, f'c = 4.0 ksi (AASHTO LRFD Atrticle 5.4.2.1)
Reinforcement strength, f, = 60 ksi (AASHTO LRFD Atrticle 5.4.3)

Future wearing surface unit weight = 140 pcf (AASHTO LRFD Table 3.5.1-1)

The superstructure cross section is presented in Figure 7.1.

46'-10'%"
1'-5%:_ 10'-0” U 12'-0” ~ 12'-0” U 10'-0” J'-S%”
Lane Lane Shoulder

‘\ Shoulder
311V 4 Girder Spaces @ 9'-9" = 39'-0" 31 UZ%

hl

L

Figure 7.1 Superstructure Cross Section for Design Example

It should be noted that the ratio between the overhang and the girder spacing in this
design example is as follows:

Overhang  3'-11 1/4"

. —— = =0.40
Girder Spacing 9'-9"

The overhang width is generally determined such that the moments and shears in
the exterior girder are similar to those in the interior girder. In addition, the overhang
is set such that the positive and negative moments in the deck slab are balanced. A
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common rule of thumb is to make the overhang approximately 30% to 50% of the
girder spacing.

2. Determine minimum slab thickness

Based on AASHTO LRFD Article 9.7.1.1, the concrete deck thickness cannot be less
than 7.0 inches, excluding any provision for grinding, grooving, and sacrificial
surface.

3. Determine minimum overhangq thickness

Similarly, based on AASHTO LRFD Article 13.7.3.1.2, the deck overhang thickness
for concrete deck overhangs supporting concrete parapets or barriers cannot be less
than 8.0 inches.

4. Select slab and overhang thickness

After the minimum slab and overhang thicknesses are determined, they can be
increased as needed based on client standards and design computations. For this
design example, an 8.5 inch deck thickness and a 9.0 inch overhang thickness will
be used.

5. Compute dead load effects

The dead load moments in the deck must be computed, generally using structural
analysis software. For this design example, an analysis produces the dead load
moments presented in Table 7.1. These design moments are based on a 1-foot strip
running across the width of the deck.

Table 7.1 Unfactored Dead Load Moments (K-ft/ft)

Dead Bay Location in Bay
Load 0.0 0.1 0.2 0.3 0.4 0.5 0.6 0.7 0.8 0.9 1.0
Bay1 | -0.74 | -0.33 | -0.01 0.22 0.36 0.41 0.37 0.24 0.01 | -0.30 | -0.71
Slab Bay2 | -0.71 | -0.30 | 0.02 0.24 0.38 0.42 0.38 0.24 0.01 | -0.31 -0.72
Bay3 | -0.72 | -0.31 | 0.01 0.24 0.38 0.42 0.38 0.24 0.02 | -0.30 | -0.71
Bay4 | -0.71 | -0.30 | 0.01 0.24 0.37 0.41 0.36 0.22 | -0.01 | -0.33 | -0.74
Bay1 | -166 | -145 | -1.24 | -1.03 | -0.82 | -0.61 | -040 | -0.19 | 0.02 0.22 0.43
Barrier Bay2 | 047 0.40 0.33 0.26 0.19 0.12 0.05 | -0.02 | -0.09 | -0.16 | -0.23
Bay3 | -0.23 | -0.16 | -0.09 | -0.02 | 0.05 0.12 0.19 0.26 0.33 0.40 0.47
Bay4 | 043 0.22 0.02 | -0.19 | -040 | -061 | -0.82 | -1.03 | -1.24 | -145 | -1.66
Bay1 | -0.06 | 0.04 0.11 0.15 0.17 0.17 0.14 0.08 0.00 | -0.11 -0.24
FWS Bay2 | -0.24 | -0.12 | -0.02 | 0.05 0.09 0.11 0.10 0.07 0.01 | -0.07 | -0.18
Bay3 | -0.18 | -0.07 | 0.01 0.07 0.10 0.11 0.09 0.05 | -0.02 | -0.12 | -0.24
Bay4 | -0.24 | -0.11 | 0.00 0.08 0.14 0.17 0.17 0.15 0.11 0.04 -0.06

The controlling dead load moments from Table 7.1 are presented in Table 7.2.
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Table 7.2 Controlling Dead Load Moments

Dead Load Controlling Positive Moment |Controlling Negative Moment
DC; (slab) 0.42 K-ft/ft -0.74 K-ft/ft
DC, (barrier) 0.47 K-ft/ft -1.66 K-ft/ft
DW (future wearing 0.17 K-fuft 10.24 K-fi/t
surface)

It is assumed for the sake of simplicity that all controlling positive moments are
coincident and all controlling negative moments are also coincident.

6. Compute live load effects

Similarly, the live load moments in the deck must also be computed. Again, an
analysis program is frequently used to compute the live load moments. These
design moments are based on the following live load design requirements:

» Minimum distance from the center of the design vehicle wheel to the inside
face of the barrier = 1 foot (AASHTO LRFD Atrticle 3.6.1.3.1)

» Dynamic load allowance, IM = 0.33 (AASHTO LRFD Table 3.6.2.1-1)

» Multiple presence factor, m, with one lane loaded = 1.20 (AASHTO LRFD
Table 3.6.1.1.2-1)

» Multiple presence factor, m, with two lanes loaded = 1.00 (AASHTO LRFD
Table 3.6.1.1.2-1)

» Multiple presence factor, m, with three lanes loaded = 0.85 (AASHTO LRFD
Table 3.6.1.1.2-1)

The controlling live load moments for this design example are presented in Table
7.3. Multiple presence factors are included in the values in Table 7.3, but dynamic
load allowance is excluded.

Table 7.3 Controlling Live Load Moments

Live Load Controlling Positive Moment | Controlling Negative Moment
Sqezt(;t;ck (with m 36.76 K-ft -28.51 K-ft
Iv:oot(;t;cks (with m 26.46 K-ft -29.40 K-t

Using the values presented in Table 7.3, the maximum controlling positive moment
is 36.76 K-ft, which is based on one truck and an m value of 1.20. The maximum
controlling negative moment is -29.40 K-ft, which is based on two trucks and an m
value of 1.00.

The dead load moments in Table 7.1 and Table 7.2 are in units of K-ft/ft, while the

live load moments in Table 7.3 are in units of K-ft. To compute the live load
moments in units of K-ft/ft, the values in Table 7.3 must be divided by an equivalent
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strip width. Based on AASHTO LRFD Table 4.6.2.1.3-1, the equivalent strip widths
are presented in Figure 7.2.

Overhang Moment Positive Moment = Negative Moment
=45.0 + 10.0X 26.0 + 6.6S =48.0 + 3.0S

crrTt

Figure 7.2 Equivalent Strip Widths

In Figure 7.2, X represents the distance from the load to the point of support and S
represents the spacing of the supporting components, each measured in units of
feet. The equivalent strip width is then computed in units of inches.

For negative moment, the live load moment is based on the distance from the
centerline of the girder to the design section for negative moment. The design
section for negative moment is as shown in Figure 7.3.

br

N

br /4

Design Section for
Negative Moment ——»

Figure 7.3 Design Section for Negative Moment

Assuming a top flange width of 12 inches, the design section for negative moment is
3 inches from the centerline of the girder. Therefore, for this design example, X and
S can be computed as follows:
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X=225f-1.0ft=1.25ft and S=9.75ft

For positive moment, the equivalent strip width and the resulting live load plus
dynamic load allowance moment are computed as follows:

Equivalent Strip Width = 26.0 +6.6S = 26.0 + 6.6(9.75) = 90.35 inches = 7.53 ft

Mo - 1.33(36.76 K- ft) _ 6.49 K-t
- 7.53 ft ot

For negative moment, the equivalent strip width and the resulting live load plus
dynamic load allowance moment are computed as follows:

Equivalent Strip Width = 48.0 + 3.0S =48.0 + 3.0(9.75) =77.25 inches = 6.44 ft

_1.33(-29.40K - ft) _ so7 K-t

M =
t 6.44 ft ft

Similarly, for the overhang moment, the equivalent strip width is computed as
follows:

Equivalent Strip Width =45.0 +10.0X =45.0 +10.0(1 .25) =57.5inches = 4.79 ft

The overhang moment will be computed in a subsequent section of this chapter.

AASHTO Deck Slab Design Table (AASHTO LRFD Article A4):

The above live load moment computations are based on a finite element analysis
program. As an alternative or as an independent check, AASHTO provides a deck
slab design table in the appendix to AASHTO LRFD Article 4. This table may be
used to determine the live load design moments for different girder arrangements.
The table is based on a set of assumptions and limitations which were used to
develop the table and which are presented in AASHTO LRFD Article A4. These
assumptions include the following:

» The moments are computed using the equivalent strip method.

The moments apply to concrete slabs supported on parallel girders.
Multiple presence factors are included in the tabulated live load values.
Dynamic load allowance is included in the tabulated live load values.

The moments are applicable for decks supported by at least three girders.

YV V V

For positive moment, the tabulated live load plus dynamic load allowance moment
for a girder spacing, S, of 9'-9” is 6.74 K-ft/ft. This value is approximately 4% greater
than the value of 6.49 K-ft/ft computed above using an analysis program.
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For negative moment, the tabulated live load plus dynamic load allowance moment
for a girder spacing, S, of 9-9” and for a distance of 3 inches from the centerline of
girder to the design section for negative moment is -6.65 K-ft/ft. This value is
approximately 10% greater than the value of -6.07 K-ft/ft computed above using an
analysis program.

It can be seen that the values from AASHTO LRFD Table A4-1 are slightly greater
than the live load values computed using a finite element analysis program.
Generally, using the values presented in AASHTO LRFD Table A4-1 may be
beneficial due to time savings by not having to develop a finite element model.
However, since the time was spent to develop the finite element model for this deck
design, the values obtained from the analysis program will be used for this design
example.

Based on AASHTO LRFD Articles 5.5.3.1 and 9.5.3, fatigue does not need to be
investigated for concrete deck design in multi-girder applications.

7. Compute factored positive and negative design moments

After the dead load and live load moments have been computed, they must be
factored and combined. The load factors for the Strength | limit state, as presented
in AASHTO LRFD Tables 3.4.1-1 and 3.4.1-2, are as shown in Table 7.4.

Table 7.4 Load Factors for Strength | Limit State

Load Maximum Load Factor | Minimum Load Factor
DC4 (slab) 1.25 0.90
DC, (barrier) 1.25 0.90
DW (future wearing surface) 1.50 0.65
LL (live load) 1.75 1.75
IM (dynamic load allowance) 1.75 1.75

Therefore, the maximum factored positive moment can be computed as follows:
M, =1 .25(0.38 K f‘t ftj +1 .25(0.19 Kf;tﬁj +1 .50(0.09 Kf;tﬁ]

+1.75 6.49Lﬁ =12.21 K-ft
ft ft

Similarly, the maximum factored negative moment can be computed as follows:

M,, = 1.25(-0.74 Kf_tftj+1.25(-1.66 %} 1 .50(-0.06 %}

+1.75 -6.07Lﬂ =-13.72 K-t
ft ft

8. Design for positive flexure in deck
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Since positive flexure produces compression in the top fiber and tension in the
bottom fiber, sufficient reinforcement must be provided in the bottom layer of the
deck to resist the factored positive moment. The first step in designing the positive
flexure reinforcement is to assume a bar size. From the bar size, the effective depth
can be computed, then the required reinforcement area, and then the required
reinforcement spacing.

For this design example, assume the use of #5 bars to resist positive flexure in the
deck. Therefore, the effective depth is computed as follows:

d, = Slab Thickness —Bottom Cover —w —Top Integral Wearing Surface

= 8.5inches —1.0 inches —%—0.5 inches = 6.69 inches

Then the required reinforcement area is computed using the basic reinforcing steel
equations that can be found and derived in most reinforced concrete textbooks.

M = oM, = ¢A5Fy(ds —gj Equation 7.1
AF .
where: a=—>"— Equation 7.2
0.85f_b
For this design example:
AF i
A= 085f b 150 ﬁszl) hes) (1 AT ﬁths
P 0.85(4.0 ksi) ('“C eSJ ne
(1 A7 _ﬁths
M, = oM = <|)A5Fy[d5 —gj —0.90A (60 ksi) | 6.69 inches — "2‘0

Setting M, equal to the factored design moment of 12.21 K-ft/ft produces the
following required reinforcement area:

inches?

A, =043

The required reinforcement spacing can then be computed as follows:
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inches?®

0.31

Required Spacing = ——PaC__ _0.72 ft = 8.7 inches
0.43 inches

Therefore, use #5 at 8 inches for the positive flexural reinforcement. Computing the
provided flexural resistance serves as an independent check:

H 2 H 2
A - 0.31 |nche1sft _ 0.465 inches
(8inches)|
12 inches
H 2
[0.465 '”C:‘tes j(so ksi)
a= T2 neh =0.684 inches
0.85(4.0 ksi)| < NN
11t
. .
M = 0.90(0.465 inches J (60 ksi) {6.69 inches —wz'”ches}
_1328 KM 000K ok
ft ft

After the bar size and spacing have been determined, the maximum reinforcement
limit must also be checked based on the requirements of AASHTO LRFD Article
5.7.3.3.1, as follows:

di <042 Equation 7.3
AASHTO LRFD Equation 5.7.3.3.1-1
where:
Cc= a Equation 7.4
B,
C= M =0.80 inches
0.85
d, =d, =6.69 inches
Therefore,

© _080Qinches .5 g4 . 0K

d.  6.69 inches
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9. Check for positive flexure cracking under service limit state

After the required reinforcing steel has been computed and the maximum
reinforcement limit has been checked, the control of cracking by distribution of the
reinforcement must be checked in accordance with AASHTO LRFD Article 5.7.3.4.
The basic equations for this design check are as follows:

s< %—ch Equation 7.5
AASHTO LRFD Equation 5.7.3.4-1
B, = 1% Equation 7.6
: 0.7(h—-d,) '
where:
Ye = exposure factor
dc = thickness of the concrete cover measured from the extreme
tension fiber to the center of the closest flexural reinforcement, in
inches
fs = tensile stress in steel reinforcement at the service limit state, in ksi
h = overall thickness of the component, in inches

These equations are based on a physical crack model rather than the statistically-
based model used in previous editions of the AASHTO specifications.

Since the Class 2 exposure condition applies to concrete decks, the exposure factor
equals 0.75. The values of d; and h are illustrated in Figure 7.4.

T . .. LT

h=238.5"

1.31"
—»
—

#5@8"

Cc

Cover=1"

Figure 7.4 Crack Control by Distribution of Reinforcement

For this design example:

d, =1 inch+m = 1.31inches
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B =1+ 1.31inches 196
° 0.7(8.5inches —1.31inches)

The tensile stress in the steel reinforcement at the service limit state, fs, is computed
using load factors of 1.00, as follows:

M. =1.00[0.38 K=" 1.00{ 0.19 K= 1.00{ 0.09 K =T
ft ft ft

+1.00 649—K f 715—K f
ft ft

The computation of the service limit state stress is then computed using the following
equations. It should be noted that other methods are also available in reinforced
concrete textbooks, all of which produce similar results.

n=8
p= ti\;s Equation 7.7
: 2
I 0.465 mchgs _ 0.00579
(12 inches) (6.69 inches)
k=+/(pon) +(2pn)-pn Equation 7.8

k =4/[(8) (0.00579)F +[2(8) (0.00579)] - [(8) (0.00579)] = 0.262

j= 1—5 Equation 7.9

1_1—%_0913

oM
A jd

7 15 K- ftj (12 mchesJ
91

Equation 7.10

. 11t

s

=30.2 ksi
|nches

(0 465 J (0.913) (6.69 inches)
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The spacing of the steel reinforcement is then checked as follows:

m—zdc = M—z (1.31)=15.8inches > 8inches .. OK
B.f (1.26)(30.2)

Equation 7.11

Therefore, the distribution of the positive flexure reinforcement meets the crack
control requirements of AASHTO LRFD Article 5.7.3.4. The primary reinforcement in
the bottom layer of the deck is as shown in Figure 7.5.

'~

— #5@8" (

Bottom Primary
Reinforcement)

—— — —
Figure 7.5 Primary Reinforcement in Bottom of Deck

10. Design for negative flexure in deck

After the positive flexure reinforcement has been designed, the negative flexure
reinforcement must also be designed. Negative flexure produces compression in the
bottom fiber and tension in the top fiber of the deck. Therefore, sufficient
reinforcement must be provided in the top layer of the deck to resist the factored
negative moment. Similar to the positive flexure reinforcement, the first step in
designing the negative flexure reinforcement is to assume a bar size. For this
design example, assume the use of #5 bars to resist negative flexure in the deck.
Therefore, the effective depth is computed as follows:

d, = Slab Thickness - Top Cover — o2 Diameter

— 8.5inches — 2.5 inches —w — 5.69 inches

Then the required reinforcement for negative flexure is computed similar to the
procedure for the positive flexure reinforcement. For this design example:
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AF -
2= 0850 b 100 ﬁszl) h Z( 41 ﬁths
OB 0 85(4.0 ksi)| 12 NCNeS ne
11t
(1 47 _ftths
M, = oM = ¢A5Fy[ds —gj — 0.90A (60 ksi)| 5.69 inches — Inc

For negative flexure, the absolute value of the negative moment is used as the
design moment in the required reinforcement computations. Setting M, equal to the
factored design moment of 13.72 K-ft/ft produces the following required
reinforcement area:

inches?

A, =0.58

The required reinforcement spacing can then be computed as follows:

inches?

0.31

; ; bar :
Required Spacing = ————=—- = 0.53 ft = 6.4 inches
058 inches

ft

Therefore, use #5 at 6 inches for the negative flexural reinforcement. Computing the
provided flexural resistance serves as an independent check:

H 2 H 2

A, - 0.31 |nche1sft _ 0.62|nc::tes
(6inches)| —————
12 inches

: 2
(0.62'”"233 J (60 ksi)

a= 12inches) 0.91inches
0.85(4.0 ksi)| ~< 1>
1ft
M, = 0-90(0.62 inohes j (60 ksi) {5.69 inches _L;‘Ches}
~14.608 Mo 13728 ok
ft ft

After the bar size and spacing have been determined, the maximum reinforcement
limit must be also checked, as follows:
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L <042
de
AASHTO LRFD Equation 5.7.3.3.1-1
where:
Cc= a_ —0'91 inches =1.07 inches
B, 0.85

d, =d, =5.69 inches

Therefore, ¢ _107inches .19 042 . OK

d.  5.69 inches

e

11. Check for negative flexure cracking under service limit state

Control of cracking by distribution of the reinforcement is then checked in
accordance with AASHTO LRFD Article 5.7.3.4. For this design example:

d, = 2 inch +%2'”Ches = 2.31inches

B =1+ 2.31inches _ 153
: 0.7(8.5 inches —2.31inches)

The tensile stress in the steel reinforcement at the service limit state, fs, is computed
using load factors of 1.00, as follows:

Meonice =1.oo(-o_74 Kf_tftj+1.00(-1.66 Kf_tﬁjﬂ.oo(-o.ocs _Kf‘tftj

+1 .oo[- 6.07 Kf—tﬂj - -8.53 K-t

ft

The service limit state stress for negative flexure is computed similar to the
procedure for computing the service limit state stress for positive flexure.

n=28

H 2
o= A, _ | 0.62 mchesl _ 0.00908
bd, (12inches)(5.69 inches)

k =+/(pn) +(2pn) - pn = /[(8) (0.00908)F +[2(8) (0.00908)] - [(8) (0.00908)] = 0.315
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j=1—5=1—w=0.895
3 3
8.53K—ft 12 inches
M ft 1ft

=32.4 ksi

S = . = . 2
A.Jd [0.62 inches j (0.895) (5.69 inches)

The spacing of the steel reinforcement is then checked as follows:

700y, oy _ 7000.75) (2.31)= 6.0 inches ~ 6inches . OK
B.f (1.53)(32.4)

S

Therefore, the distribution of the negative flexure reinforcement meets the crack
control requirements of AASHTO LRFD Article 5.7.3.4. The primary reinforcement in
the top layer of the deck is as shown in Figure 7.6.

#5@6" (Top Primary
Reinforcement)

Figure 7.6 Primary Reinforcement in Top of Deck

7.3.2.2 Distribution Reinforcement Requirements

In addition to the primary reinforcement, which is placed normal to the supporting
girders, distribution reinforcement must also be provided, which is placed in the
opposite direction. According to AASHTO LRFD Article 9.7.3.2, the distribution
reinforcement is placed in the bottom of the deck and is computed as a percentage
of the primary reinforcement for positive moment. When the primary reinforcement
is parallel to the traffic, the distribution reinforcement is computed as follows:
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100 < 50 percent Equation 7.12
Js
When the primary reinforcement is perpendicular to traffic, the distribution
reinforcement is computed as follows:

200 < 67 percent Equation 7.13
Js

As used in the above equations, S is defined as the effective span length, as
described for the empirical design method (see Figure 7.11). For this design
example, assume a top flange width of 12 inches and a web thickness of 7/16
inches. Therefore, the effective span length is computed as follows:

b

S = Spacing,,,, —b, +( ! _tWJ Equation 7.14

2

12 inches —0.4375 inches
2

S =117 inches —12 inches +( j =110.78 inches = 9.23 ft

Since the primary reinforcement is perpendicular to traffic for this design example,
the distribution reinforcement is computed as follows:

200
—=—== = 12.4 > 67 percent .. Use 67 percent
7/9.23
H 2 . 2

Therefore, use #5 at 10 inches. The provided distribution reinforcement is as
follows:

. 2 . 2 : 2
A - 0.31inches :0_372|ncrf1tes >0.312|nc::tes - OK

s (10 inches)[

12inchesJ

The distribution reinforcement in the bottom layer of the deck is as shown in Figure
7.7.
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N " ) __ —
—\:, I—‘—
#5@10" (Bottom Distribution
Reinforcement)
— ———

Figure 7.7 Distribution Reinforcement in Bottom of Deck

Since no specific requirements are provided in AASHTO LRFD for the distribution
reinforcement in the top of the deck, the temperature and shrinkage requirement of
AASHTO LRFD Atrticle 5.10.8.2 must be satisfied, as follows:

A
A, 2> 0.11f—g Equation 7.15
y

AASHTO LRFD Equation 5.10.8.2-1

inches

(8.5inches) (12
0.11

: 2
' j 0187 inches
60 ksi ft

When using the above equation, the calculated area of reinforcing steel must be
equally distributed on both concrete faces. In addition, the maximum spacing of the
temperature and shrinkage reinforcement must be smaller than 3.0 times the deck
thickness or 18.0 inches. Therefore, the amount of steel required for the top
longitudinal reinforcement is:

inches?

0.187 ft inches’®
A=——" =009
° 2 ft

Use #4 at 10 inches. The provided temperature and shrinkage reinforcement is as
follows:

H 2 H 2 H 2
A - 0.20 inches =0.24|nct;tes >0_094|nc:1tes - OK

(10 inches) L
12 inches
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Therefore, #4 at 10 inches satisfies both the area and spacing requirements for the
temperature and shrinkage reinforcement. The reinforcement in the top layer of the
deck is as shown in Figure 7.8.

#4@10" (Top Temperature
and Shrinkage Reinforcement)

— . . .
== = N

Figure 7.8 Temperature and Shrinkage Reinforcement in Top of Deck

7.3.2.3 Reinforcement Requirements over Piers

If the superstructure is comprised of simple span precast girders made continuous
for live load, the top longitudinal reinforcement should be designed according to
AASHTO LRFD Article 5.14.1.2.7. For continuous steel girder superstructures, the
top longitudinal reinforcement should be designed according to AASHTO LRFD
Article 6.10.1.7.

For this design example, continuous steel girders are used to span the piers of a
multi-span bridge. Based on AASHTO LRFD Article 6.10.1.7, the total cross-
sectional area of the longitudinal reinforcement over the piers should not be less
than 1 percent of the total slab cross-sectional area. These bars must have a
specified minimum yield strength of at least 60 ksi, the bar size cannot exceed #6
bars, and the bar spacing cannot exceed 12 inches. For this design example:

. o
1% of A, = (0.01) (8.5 inches) (12 '“Chesj _ 1,02/nches

ft

AASHTO specifies that two-thirds of the required longitudinal reinforcement should
be placed in the top layer of the deck. Therefore, for this design example, the
following reinforcement is required for the top layer over the piers:

. ) . )
g 1.02 inches 068 inches
3 ft ft
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Use #5 at 5 inches in the top layer over the piers. The provided reinforcement is as
follows:

. 2 H 2 H 2
A, - 0.31 |nche1sft _ O.74|nc:c1tes . O.68|nc:c1tes . OK
(5inches)| —————
12 inches

The remaining one-third of the required longitudinal reinforcement should be placed
in the bottom layer of the deck. Therefore, for this design example, the following
reinforcement is required for the bottom layer over the piers:

. ) . i
[1} [1.02|nches j _ O.34|nches

3 ft ft

Use #5 at 10 inches in the bottom layer over the piers. The provided reinforcement
is as follows:

. 2 H 2 H 2
A - 0.31inches 20.37|nc:1tes >o.34|nches . OK

(10 inches)( f

12inchesJ

The required longitudinal reinforcement over the piers is as shown in Figure 7.9.

#5@5" (Top Longitudinal

over Piers)
——
" o (o)
—\:| |:,—
#5@10" (Bottom Longitudinal
over Piers)
———— ————

Figure 7.9 Longitudinal Reinforcement over Piers

After designing the primary reinforcement, the distribution reinforcement, and the
longitudinal reinforcement over the piers, it is valuable to provide a schematic
showing all of the reinforcement and identifying the bar size and spacing for each
one. For this design example, a schematic of the final deck design based on the
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traditional design method is provided in Figure 7.10. A comparison with the deck
design based on the empirical design method is provided in Table 7.6.

#5@5" (Top Reinforcement *)

#4@10" (Top Temperature and
Shrinkage Reinforcement **)

#5@6" (Top Primary
Reinforcement)

| 2
T

- = — —
. N L) — 2 2 2 N 2 2 s
—\:, \ |:,—
#5@8" (Bottom Primary
Reinforcement)
#5@10" (Bottom Distribution
Reinforcement)
—— — —— —

* Provide only in negative moment regions over piers
** Provide wherever negative moment reinforcement over piers is not present
Note: All other reinforcement is provided throughout the entire deck

Figure 7.10 Bridge Deck Based on Traditional Design Method

7.3.3 Empirical Design Method

In addition to the traditional design method, AASHTO also provides specifications for
an empirical design method. This method, which is new to the AASHTO LRFD
Bridge Design Specifications, does not require the computation of design moments
and is simpler to apply than the traditional design method. However, it is applicable
only under specified design conditions. The empirical design method is described in
AASHTO LRFD Article 9.7.2.

7.3.3.1 Design Theory

While the traditional design method is based on flexural behavior with the girders
acting as supports, the empirical design method is based on internal arching
behavior with a complex internal membrane stress state.

Extensive research has shown that concrete bridge decks behave similar to an
internal compressive dome. This behavior is made possible by the cracking of the
concrete in the positive moment region of the deck, which causes the neutral axis to
move upward in that portion of the deck. This results in structural behavior similar to
that of a compressive dome. The arching behavior is also made possible by the
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lateral confinement provided by the surrounding concrete deck, nearby rigid
appurtenances, and supporting components acting compositely with the deck. While
the failure mode for the traditional design method is flexural failure, the failure mode
for the empirical design method is punching shear.

The reinforcing steel provided using the empirical design method serves two

purposes:

» It provides for local flexural resistance.
» It provides global confinement required to develop arching effects.

The primary differences between the traditional design method and the empirical
design method are summarized in Table 7.5.

Table 7.5 Traditional and Empirical Design Methods

Characteristic

Traditional Design Method

Empirical Design Method

Structural behavior

Flexural behavior with
girders acting as supports

Internal membrane stress
state, referred to as internal
arching

AASHTO LRFD

AASHTO LRFD Article 9.7.3

AASHTO LRFD Article 9.7.2

of reinforcing steel, two in
each direction, and must
satisfy minimum slab
thickness requirements

reference

Previous AASHTO | Included in previous New to the AASHTO LRFD
bridge AASHTO specifications Bridge Design Specifications
specifications

Application Slab must have four layers Slab must satisfy a more

extensive set of design
conditions presented in
AASHTO LRFD Article
9.7.2.4 and in the following
section of this chapter

Deck overhang

May be used for the design
of the deck overhang

May not be used for the
design of the deck overhang

Purpose of
reinforcing steel

Provide for flexural
resistance

Provide for flexural
resistance and provide global
confinement required to
develop arching effects

Mode of failure

Flexural failure

Punching shear failure

Factor of safety
against failure

At least 10.0

Approximately 8.0

Basis of design

Computation of design
moments using flexural
design theory

Extensive research and
experiments; no design
moments are computed

Simplicity of design
computations

More design computations
are required than with the
Empirical Design Method

Fewer design computations
are required than with the
Traditional Design Method
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7.3.3.2 Design Conditions

Although the empirical design method is simpler than the traditional design method,
the empirical design method may be used only if a set of design conditions are
satisfied, as specified in AASHTO LRFD Article 9.7.2.4. These design conditions
include the following:

Y

Diaphragms must be used at lines of support.

Supporting components must be made of steel and/or concrete.
Deck must be fully cast-in-place and must be water cured.
Deck must have a uniform depth.

6.0 < effective length to design depth ratio < 18.0.

Core depth of the deck = 4.0 inches.

Effective length < 13.5 feet.

Minimum depth of the deck = 7.0 inches.

Overhang = 5 x deck depth (without a continuous barrier), or overhang = 3 x
deck depth (with a continuous barrier).

Deck concrete strength, ' =2 4.0 ksi.
Deck is composite with the supporting structural components.

Minimum of two shear connectors at 24-inch spacing in negative moment
region.

YVVVYVYVVVYYVY

Y V V

As used with the empirical design method, the effective length for slabs supported
on steel or concrete girders is defined as the distance between flange tips, plus the
flange overhang, taken as the distance from the extreme flange tip to the face of the
web, disregarding any fillets (see AASHTO LRFD Article 9.7.2.3). The effective slab
length is illustrated in Figure 7.11.

\I:I I:l_
o)
Leff
tw
4»47
P SpaCinggirder

Figure 7.11 Effective Slab Length
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Effective Slab Length, L., = Spacing,., —b, J{bf ;tj
Equation 7.16

The empirical design method is based on extensive non-linear finite element
analysis and extensive experimentation, and the above design conditions reflect the
current scope of analysis and experimentation using this design method. Failure to
meet the above design conditions does not necessarily mean that the empirical
design method will result in deck failure. Rather, it simply means that sufficient
testing has not yet been performed to verify a safe design, and it therefore should
not be used for that application.

In addition to the design conditions previously presented, it should be noted that the
empirical design method does not apply if the unit being designed is not “monolithic.”
The use of stay-in-place forms is not consistent with the empirical design method.

In addition, if there is a second course wearing surface (that is, two-stage deck
construction), the second stage should not be considered when evaluating the
design conditions for the empirical design method. The first stage alone must satisfy
the design conditions for empirical design.

7.3.3.3 Reinforcement Requirements

For bridges satisfying each of the above design conditions, the reinforcement
requirements of the empirical design method are specified in AASHTO LRFD Article
9.7.2.5. These reinforcement requirements are as follows:

» Four layers of reinforcement (top in each direction and bottom in each
direction).

Area of each bottom layer of reinforcement = 0.27 inches?/foot.
Area of each top layer of reinforcement = 0.18 inches?/foot.
Spacing of reinforcement < 18 inches.

Grade 60 reinforcement or better.

YV V V V

The above reinforcement requirements demonstrate that neither dead load nor live
load moments are required using the empirical design method. The minimum area
of reinforcing steel is specified, regardless of the design moments or the girder
spacing. This reflects the fact that the empirical design method is based on research
showing that the above reinforcement requirements satisfy all AASHTO design
requirements for any bridge which satisfies the specified design conditions.

An example of a bridge deck reinforcing pattern based on the empirical design
method is presented in Figure 7.12.
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#4@12" (Top Longitudinal)

#4@12" (Top Transverse)

1.4

o U L L L L L
a a ) — " N " " N " N
T
#4@8" (Bottom Transverse)
#5@12" (Bottom Longitudinal)
— ———

Figure 7.12 Bridge Deck Based on Empirical Design Method

The sufficiency of the reinforcing steel shown in Figure 7.12 can be checked as

follows:

Top Transverse:

A =

S

Top Longitudinal:

A =

S

Bottom Longitudinal:

A =

s

Bottom Transverse:

A

B 0.20 inches® 020 inches? 0 18inches2 . OK
(12 inches)[ 1 foot J ' foot " foot N
12 inches
B 0.20 inches® 020 inches? -0 18inches2 . OK
(12 inches)[ 1 foot J ' foot " foot N
12 inches
B 0.31inches’ 031 inches® - 097 inches® . OK
(12 inches)[ 1 foot J "~ foot ' foot h
12 inches
_ 0.20 inches? _0.30 inches’® - 0.27 inches’® . OK
) (8 inches)( 1 foot j " foot " foot -
12 inches
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It should be noted that reinforcement must be provided in each face of the slab with
the outermost layers placed in the direction of the effective slab length and placed as
close to the concrete surfaces as permitted by the cover requirements.

The reinforcing steel in the deck overhang must be designed based on the traditional
design method. Additional reinforcing steel required in the negative flexure region
(over piers) is as presented with the traditional design method.

A comparison between the deck design example using the traditional design method
and that using the empirical design method is presented in Table 7.6.

Table 7.6 Comparison of Design Methods for Deck Design Example

Reinforcement Traditional Design Method Empirical Design Method
Top Transverse #5@6” #A@12”
Bottom Transverse #5@8” #@8"
Top Longitudinal #@10” #A@12”
Bottom Longitudinal #5@10” #5@12”

It is clear from Table 7.6 that, for this particular design example, the transverse
reinforcement requirements are greater using the traditional design method than
using the empirical design method. For this design example, the longitudinal
reinforcement requirements are similar using both methods.

7.3.4 Deck Overhang Design and Construction

Design of the deck overhang involves the following steps:

Design for flexure in deck overhang.

Check for cracking in overhang under service limit state.
Compute overhang cut-off length requirement.
Compute overhang development length.

oo bh -~

These design steps are presented and illustrated through a continuation of the
previous design example. The deck overhang dimensions from that design
example, as well as the locations of the design sections and the live load on the
overhang, are presented in Figure 7.13.
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311V

1-0", 1-6"

<
Ll L Lo

1-5%4"

Inside|Face of Barrier

Barrier Center
of Gravity

Wheel
Load

i

A
w
3—y2u

()

Design Section for Overhang <
127

Design Section for First Bay

A

Figure 7.13 Deck Overhang Dimensions and Live Load

1. Design for flexure in deck overhang

As described in Appendix A to AASHTO LRFD Article 13, deck overhangs must be
designed to satisfy three different design cases. These three design cases are
summarized in Table 7.7.

Table 7.7 Deck Overhang Design Cases

Design Case Applied Loads Limit State Design Locations
Design Case 1 | Horizontal Extreme event | Atinside face of barrier
(transverse and limit state At design section for
longitudinal) overhang

vehicular collision
force

At design section for first bay

Design Case 2

Vertical vehicular
collision force

Extreme event
limit state

Usually does not control

Design Case 3

Dead and live loads

Strength limit
state

At design section for
overhang

At design section for first bay

In addition, the deck overhang must be designed to provide a resistance greater

than the resistance of the concrete barrier.

Design Case 1: Design overhang for horizontal vehicular collision force
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The overhang must be designed for the vehicular collision moment plus the dead
load moment, acting concurrently with the axial tension force from vehicular collision,
in accordance with AASHTO LRFD Article A13.4.1. The barrier that has been
selected for use with this design example is approved for Test Level TL-3 and is
shown in Figure 7.14.

1-8Y4

< Lo

1-1” 2“3/8” 47/8”

v

#4@12" Max.

1'-10”

2” Clear
—»

Typ.

2!_8"

#4@12" Max.

ny

mv

Figure 7.14 Barrier Configuration

Based on the dimensions shown in Figure 7.14, the cross-sectional area and weight
of the barrier are:

Area = (13")(32")+ %(2.375") (22")+ %(4.875") (7")+(2.375") (7")+(7.25") (3") =

=497 .6 inches? = 3.46 ft*

Weight = (3.46 ft*)(0.150 kcf) = 0.52 kips/ft

The moment capacity of the barrier is computed based on the formation of yield lines
at the limit state. The fundamentals of yield line analysis can be found in many
structural analysis textbooks. For an assumed vyield line pattern that is consistent
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with the geometry of the barrier, a solution is obtained by equating the internal work
along the yield lines with the external work due to the applied loads. While a full
explanation of the barrier design equations and their derivation is beyond the scope
of this manual, Figure 7.15 illustrates the assumed yield line pattern for a barrier
wall.

L

Lt

Fy

Figure 7.15 Assumed Yield Line Pattern for Barrier Wall

As used in Figure 7.15:

F. = transverse vehicle impact force

L; = longitudinal length of distribution of impact force, F;
L. = critical length of wall failure

H = height of wall

d = lateral displacement of wall due to transverse force

If relatively thick parapets are used, then using a thicker deck can be beneficial to
develop yield lines in the parapets. As an alternative, the deck can be designed for
the forces, without the need to develop the parapet load since the parapet could be
thicker than required.

The ultimate flexural capacity of the barrier about its horizontal axis, M., at Sections
[, I, and Ill (see Figure 7.14) can be calculated as follows, assuming a constant
thickness for each section:

At Section [:

AF,  (0.20inches?)(60 ksi)

a= = _ _ =0.29 inches
0.85f_b  0.85(4.0 ksi) (12 inches)

d = 13 inches — 2 inches —%(0.50 inches) = 10.75 inches
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M, = ¢A5Fy[ds —2] Equation 7.17
Hy] . _
M, = ¢A5Fy(ds —gj - 1.0(0.20 %} (60 ksi) [10.75 in—2:29 '”} _ 10.61Kf_tft

Similarly, at Section Il, using an increased barrier thickness:

d =15.375 inches — 2 inches — %(0.50 inches) = 13.125 inches

in2

M, = q)ASFy(dS —%J — 1 .0(0.20 %j (60 ksi) {13.125 in—

0.29 m} _12.08 Kf—tft

Finally, at Section III:

d = 20.25 inches - 2 inches — %(0.50 inches) = 18 inches

H]

M, = ¢AF[d —2]=1.0[0.20"" | (60 ksi) |18 n— 2221 | _ 17 gg K =T
772 ft 2 ft

Assuming that the failure mechanism includes the entire height of the barrier, the
moment capacity, M., is computed by averaging the above components over their
respective heights:

10.61ﬂ+12.98ﬂ 12.98ﬂ+17.86ﬁ
ft , ft|(22in)+ ft , ft|(10in)

M, == _ = =
32in

12.93ﬂ
ft

Similarly, assuming that the failure mechanism includes only between Section | and
Il (the top 22 inches of the barrier), the moment capacity, M., is computed as follows:

K-ft K-ft
10.61T+12.987 K _ ft

M, = ft _11802-1
2 ft

For this design example, there is no top beam included on the barrier. Therefore,
the ultimate moment capacity of the beam at the top of the wall, My, is zero.
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To compute the ultimate flexural resistance of the barrier about its vertical axis, M,,,
the barrier must be divided into three portions, as illustrated in Figure 7.16. The
moment capacity is then computed for each portion about its vertical axis.

1-8v4"

A

1-17 23/8” 47/8”

»lq
>4

A

—— #6

#4@12" Max.

Top
Portion

2” Clear

—»

Typ.

Center
Portion
2l_8ll

#4@12" Max.

Bottom
Portion

Figure 7.16 Three Portions of Barrier for Computation of M,,

For the top portion of the barrier, there are four #6 bars. To compute the ultimate
flexural resistance of the barrier about its vertical axis, it can be assumed that two #6
bars are for positive flexure and two are for negative flexure. The effective depth
can be computed based on an average of the structural depth of that portion.

AF,  (0.88inches?)(60 ksi)

a= = . _ =1.41inches
0.85f_b  0.85(4.0 ksi) (11inches)

d = 13.59 inches — 2 inches — %(0.75 inches) = 11.22 inches

M, = ¢A5Fy(ds —gj Equation 7.18
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1.41in

M, =1.0(0.88 inches?) (60 ksi) {1 1.22in- } = 46.27 K -t

For the center portion of the barrier, there are two #5 bars. Similar to the top portion,
it can be assumed that one #5 bar is for positive flexure and one is for negative
flexure.

AF,  (0.31inches?)(60 ksi)

a= = : : =0.50 inches
0.85f_b  0.85(4.0 ksi) (11inches)

d = 14.78 inches — 2 inches — %(0.625 inches) = 12.47 inches

0.50in

M, = (l)ASFy(dS —%} —1.0(0.31inches?) (60 ksi) [12.47 in— } =18.94 K —ft

Similarly, for the bottom portion of the barrier, there are two #5 bars.

AF,  (0.31inches?)(60 ksi)

a= = - _ =0.55 inches
0.85f_b  0.85(4.0 ksi) (10 inches)

d =17.81inches — 2 inches — %(0.625 inches) = 15.50 inches

0.55in

M, = ¢A3Fy(ds —%) = 1.0(0.31inches?) (60 ksi) {15.50 in - } = 23.59 K — ft
For the case in which different reinforcement steel area is used for positive and
negative flexure, the moments for both should be computed and then the average
should be used. This is acceptable because the yield line mechanism for this case
will have some positive moment hinges and some negative moment hinges.

However, for collision near the expansion joint, the flexural resistance for positive
moment should be used. Positive moment will cause tension along the inside face
of the barrier, and the only yield line to form is caused by a moment causing tension
along the inside face.

Assuming that the failure mechanism includes the entire height of the barrier, the
ultimate flexural resistance of the barrier about its vertical axis, My, is computed by
adding each of the three components:

M, =46.27 K- ft+18.94 K- ft + 23.59 K - ft = 88.80 K — ft

Similarly, assuming that the failure mechanism includes only the top two portions of
the barrier (the top 22 inches of the barrier), the ultimate flexural resistance of the
barrier about its vertical axis, M,,, is computed as follows:
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M, =46.27 K-ft +18.94 K- ft =65.21K —ft

For impacts within a wall segment, the barrier resistance, Ry, and the critical length
of yield line failure pattern, L;, are computed based on AASHTO LRFD Article

A13.3.1, as follows:
2
2 ] [SMb +8M, +%J Equation 7.19

R, =
(ZLC -L,
AASHTO LRFD Equation A13.3.1-1

2
L, = 5+ L w Equation 7.20
2 2 M,
AASHTO LRFD Equation A13.3.1-2

longitudinal length of distribution of impact force (see AASHTO LRFD

Lt . =
Table A13.2-1)
additional flexural resistance of beam in addition to M,,, if any, at top of

M, =
flexural resistance of the wall about its vertical axis
flexural resistance of cantilevered walls about an axis parallel to the

C

longitudinal axis of the bridge
Assuming that the failure mechanism includes the entire height of the barrier and
using the previously computed values for My, M,,, and M, the values for R, and L,

=16.01ft

are computed as follows:
8(3.5 ft) (O K - ft + 88.80 K — ft)

4 ft 4f)
Le=—+ " k-ft
2 2 12.93 %1

fi

12.93 Kﬁﬂj (16.01fty

3.5t

R _ 2
¥ (2(16.01 ft)— 4 ft

J 8(0 K - ft)+8(88.80 K — ft) + (

=118.3 Kips
Similarly, assuming that the failure mechanism is only the top portion (the top 22

inches of the barrier) and using the previously computed values for My, My, and M,

the values for Ry, and L. are computed as follows:
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L =11.22 ft

_aft (4 fth .\ 8(1.83 ft) (0K - ft + 65.21 K — ft)

T2 2 11.80 <1t
ft

11.80 KﬂﬁJ (11.22 fty

R, z( 2 j 8(0 K-ft)+8(65.21K—ft)+(
183 ft

2(11.22 ft)- 4 ft

=144 .4 kips

The barrier load capacity is then taken as the minimum for the investigated failure
mechanisms, or 118.3 kips. The barrier that has been selected for use with this
design example is assumed to be approved for Test Level TL-3. Therefore, based
on AASHTO LRFD Table A13.2-1, the transverse design force, F;, is 54.0 kips.

R, =118.3 kips > 54.0 kips =F, - OK
For impacts at the end of a wall or at a joint, the barrier resistance, Ry, and the

critical length of yield line failure pattern, L., are computed based on AASHTO LRFD
Article A13.3.1, as follows:

2
R, = 2 M, +M, +& Equation 7.21
2L L, H
AASHTO LRFD Equation A13.3.1-3
2
L=ty Jfh) o MetM, Equation 7.22
2 "\ 2 M,

AASHTO LRFD Equation A13.3.1-4

Assuming that the failure mechanism includes the entire height of the barrier and
using the previously computed values for My, M,,, and M, the values for R, and L.
are computed as follows:

2
L =2t (%] +(3.51) LN M+88B0K-T 7 30 4

C2 12.03 KTt
ft
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K - ft )
12.93 " |(7.30 ft
2 ft j( )

R =
Y (2(7.30 ft)—4 ft

OK-ft+88.80K—ft+(
3.5 ft

= 54.0 kips

Similarly, assuming that the failure mechanism is only the top portion (the top 22
inches of the barrier) and using the previously computed values for M,, My, and M,
the values for Ry, and L. are computed as follows:

2
L =4ﬁ+ (%ﬁ] +(1.83ft) 0K-ft+65.21K-ft _ 576 ft

T2 11.80 <1t
ft

11.80 Kft} (5.76 ft)
2 ft

R =
v (2(5.76 ft)— 4 ft

0K-ft+65.21K—ft+(
1.83 ft

=T74.2 kips

The barrier load capacity is then taken as the minimum for the investigated failure
mechanisms, or 54.0 kips. The barrier that has been selected for use with this
design example is assumed to be approved for Test Level TL-3. Therefore, based
on AASHTO LRFD Table A13.2-1, the transverse design force, Fy, is 54.0 kips.

R, =54.0kips ~54.0kips =F, .. OK

After computing the barrier load capacity, the horizontal vehicular collision force
must be checked at the inside face of the barrier, at the design section for the
overhang, and at the design section for the first girder bay. These design locations
are presented in Figure 7.13. As shown in Table 7.7, these design checks are for
the extreme event limit state.

Check at inside face of barrier:

The dead load moment at the inside face of the barrier is computed as follows:

(0.150 kcf) (9 inches) (1“} (1.4375 ft)
12 inches K- ft
Mdeck = 2 =O116T
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M, = (0.53 k'ﬁJ 14375 fr—2160nches | jgo K1t
ft 12 inches ft
11t

Therefore, the total factored design moment for the extreme event limit state is:
M, =(1.25)| 0.1 168" 040052 | 1786 K= 1562 KT
ft ft ft ft

Based on AASHTO LRFD Article A13.4.2, the axial tensile force, T, is computed as
follows:

T= > Equation 7.23
L +2H
AASHTO LRFD Equation A13.4.2-1
where:
Rw = total transverse resistance of the barrier
Lc = critical length of yield line failure pattern
H = height of wall

Using the previously computed values for Ry, L., and H for the controlling failure
mechanism:
_ 54.0 kips _ 378 kips
7.30 ft + 2(3.5 ft) ft

After these values have been computed, the required area of reinforcing steel is
computed similar to the procedure for the deck. Based on the traditional design
method, #5 at 6 inches was used for the top primary reinforcement. For the
overhang reinforcement, assume the use of #5 bars to resist the negative flexure in
the deck. Therefore, the effective depth is computed as follows:

d, = Slab Thickness - Top Cover — —2r Diameter

0.625 inches

= 9.0 inches — 2.5 inches _f = 6.19 inches
AF i
A= - A, (60 ‘1‘32') — - (1 a7 ﬁths
9D 0.85(4.0 ksi)[l:?t es] ine
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1.47 ﬂJA
inch

2

M = oM, = ¢A5Fy(ds —gj — 0.90A (60 ksi)| 6.19 inches — (

Setting M, equal to the factored design moment of 28.97 K-ft/ft produces the
following required reinforcement area:

inches?

A, =122
fi

The required reinforcement spacing can then be computed as follows:

inches?

0.31

; ; bar ;
Required Spacing = ————=— = 0.25 ft = 3.0 inches
192 inches

ft

Therefore, use two #5 bars bundled at 6 inches for the overhang reinforcement.
Taking into account the axial tension force, the provided flexural resistance is
computed as follows:

H 2 H 2
A, - 2(0.31 mchtjsﬁ) _ 1.24|nc:c1tes
(6inches)| -————
12 inches
T,=AF, Equation 7.24
. > :
T = (1 24 Inches j (60 ksi) = 74.40 k%
C=T,-T Equation 7.25
C=74.40KPS _37g KPS _ 74 6o KiPS
ft ft ft
C :
a= Equation 7.26
0.85f b
70.62 1IPS
a= 1‘2 - =1.73 inches
0.85(4.0 ksi) (':“f:tes}
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Mr = d){Ta (ds

(74.40 —k'f‘isj (6.19 inches — -2 1nches '”Ches)
M, =090 kips ) (6.19inches  1.73 inch
(378 ips 19inches 1.73inches
ft 2 2
_30358 M 0507 K Lok
ft ft

3]

Equation 7.27

After the bar size and spacing have been determined, the maximum reinforcement
limit must also be checked based on the requirements of AASHTO LRFD Article

5.7.3.3.1, as follows:

where: c=—

B,

d

e

Therefore, —

e

<
de

a _1.73inches

<0.42

Equation 7.28

AASHTO LRFD Equation 5.7.3.3.1-1

= 2.04 inches
0.85
=d, =6.19 inches
=0.33<0.42 - OK

¢ _ 2.04inches
d 6.19 inches

Check at design section for overhang:

The overhang must also be checked at the design section for the overhang, as
illustrated in Figure 7.13. The collision forces are distributed over a distance L for
moment and L.+2H for axial force. Since the design section is moved away from the

face of the barrier, the distribution length will increase.

This design example

assumes a distribution length increase based on a 30° angle from the face of the

barrier, as illustrated in Figure 7.17.
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Figure 7.17 Assumed Distribution of Collision Moment Load in the Overhang
Using the same general procedures used for the check at the inside face of the

barrier, the dead load moment at the design section in the overhang is computed as
follows:
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(0.150 kcf) (9 inches) ,1 f (3.6875 ft)
12 inches K- ft
Mdeck = 2 = 077 T
M. =053 k'ﬁ] 3.6875 ft_ O-16inches | o K-ft
ft 12 inches ft
1t
, 1t 2
(0.140 kef) (2.5 inches) | -—————— | (2.25 ft)
12 inches K-ft
Moy = =0.07 ——
2 ft

The barrier moment capacity is adjusted as follows, based on the distribution shown
in Figure 7.17:

K-—ft

(17.86 Kf‘tﬂ) (7.30 ft)
~13.17°-0
ft

M L=
barrier capacity 7.30 ft + 2(1 .30 ft)

Therefore, the total factored design moment for the extreme event limit state is:

M, =1.25 0778 =M 168X 1 50(0.07 K] 1347 KM
ft ft ft ft

= 16.34K;ft
ft

The axial tensile force, T, is computed as follows:

R 54.0 kips 0 kKips

T= w = .
L, +2(1.30 ft)+2H 7.30 ft+2(1.30 ft)+ 2(3.5 ft) ft

After these values have been computed, the required area of reinforcing steel is
computed similar to the procedure for the deck. Similar to the face of the barrier, the
effective depth and required reinforcement are computed as follows:

Bar Diameter

2

=9.0 inches — 2.5 inches —w =6.19 inches

d. = Slab Thickness — Top Cover —
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AF i
3= 0850 b s ﬁszl) hes) (1 AT : jAs
PR 0.85(4.0 ki) | -2 NS inches
11t
(1 AT E jAs
M, = ¢M = ¢A5Fy(ds —gj — 0.90A (60 ksi) 6.19 inches - '”; ©s

Setting M, equal to the factored design moment of 24.48 K-ft/ft produces the
following required reinforcement area:

H 2
A, - 1.OOmCheS

Therefore, the required reinforcing steel at the design section for the overhang is
less than that at the inside face of the barrier.

Check at design section for first bay:

To design for flexure at the design section for the first bay, the distribution of the
collision moment across the width of the deck is assumed to be similar to the
distribution of the moment due to the barrier weight, as shown in Figure 7.18. The
ratio, M1/M,, for the moment due to the barrier weight is assumed to equal the ratio,
M1/M,, for the collision moment. The collision moment can then be computed by
using the increased distribution length based on the 30" angle from the face of the
barrier, as illustrated in Figure 7.17.
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M.
47 Design Section
for First Bay
— —— —— —
3"
hig
9I_9ll

Figure 7.18 Assumed Distribution of Collision Moment

As described in previous sections of this chapter, the dead load moments in the deck
can be computed using structural analysis software, based on a 1-foot strip running
across the width of the deck. For this design example, the dead load moments are
presented in Table 7.1, and the moments at the girders due to barrier weight are as
follows:

=—1.66Kf;tft and M :0.47H

barrier 2 ft

M

barrier 1

Since the collision moment at the inside face of the barrier is -28.21 K-ft/ft, the
collision moment at the design section for the first bay can be computed as follows:

K—ft
047 ——
M, - —
collision 1 o2 = _1 786 K ft }(ft f = 506 K—ft
Mbarrier1 ft _1 66 — t ft
ft

M =M

collision 2

Based on interpolation, the collision moment at the design section for the first bay is:
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Mcollision = _1786H+ 506ﬂ+1786 K_ft 025 ft
ft ft t 9751

= —17.27ﬂ
ft

Applying the 30° angle distribution, similar to the procedure used at the design
section for the overhang, the barrier moment capacity is adjusted as follows:

(-17.27 Kf_tft) (7.30 ft) Kt
= —12.03f—_t

barrier capacity 7.30 ft + 2(1 .59 ft)

Using the unfactored dead load moments presented in Table 7.1, the total factored
design moment for the extreme event limit state is:

M, =1.25 074X g a6 KTt 1 50(-0.06 8 M) 1203 KT
ft ft ft ft

_ 512K
ft
The axial tensile force, T, is computed as follows:
R 54.0 kips kips
T= w = =3.09——
L, +2(1.59 ft)+2H 7.30 ft+2(1.59 ft)+ 2(3.5 ft) ft

After these values have been computed, the required area of reinforcing steel is
computed:

Bar Diameter

2

_ 8.5 inches — 2.5 inches — uz'”ches _ 5.69 inches

d, = Slab Thickness — Top Cover —

AF, A (60 ksi)
a= =
0.85f' b

= (1 .47LJAS
12 inchesj inch

1ft

0.85(4.0 ksi)(

M, = oM, = ¢A5Fy(ds —gj

(1 A7 ,ﬂths
= 0.90A, (60 ksi)| 5.69 inches — '20
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