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EXECUTIVE SUMMARY

 The objective of this study is to evaluate the use of glass fiber reinforced polymer
(GFRP) rebars in concrete bridge decks.  The objective was achieved by conducting the
following tasks: (1) Constructability assessment; (2) Laboratory testing of GFRP rebars
to determine their material properties; (3) Laboratory testing of concrete deck panels and
barrier walls reinforced with GFRP and/or epoxy coated steel to evaluate the behavior
and compliancy with the AASHTO and ACI Codes; and (4) Deployment of the GFRP
rebars in a portion of the top reinforcing mat in the Roger’s Creek deck.

CONSTRUCTABILITY ASSESSMENT

 The constructability assessment phase of the research project proved that GFRP
rebars can withstand bridge deck construction with very few changes from conventional
construction techniques.  In addition, results show that GFRP rebar mats can support
construction loads.

Recommendations based on the research findings include the use of ECS chairs
and plastic coated steel wire ties with GFRP rebars.  It is estimated that approximately
twice as many ECS chairs will be required to achieve adequate mat stiffness in a GFRP
rebar mat.

No floatation of the reinforcing mat was observed during the constructability
assessment; however, this problem could be encountered during placement of high slump
concrete.  To avoid floatation, the GFRP reinforcing mat could be tied to the concrete
forms.

In case repairs on a deck are needed (e.g. potholes), the use of a jackhammer was
identified as a viable method for removing concrete from a GFRP reinforced bridge deck
during repair operations.  Hydro-demolition was also considered as a repair procedure but
was found to damage the GFRP rebars during the concrete removal process.  Therefore, it
should not be considered for removal of deteriorated concrete reinforced with GFRP
rebars.

REBAR MATERIAL PROPERTIES

Standard methods are not available for determining the compression elastic
modulus and compression strength of GFRP rebars. A method was developed to
experimentally determine these parameters.  Based on the test results of more than 50
GFRP rebar specimens in compression, an ultimate compression strength versus
unbraced length design curve is proposed.  Test results also show that the compression
modulus of elasticity is approximately the same as the tensile modulus of elasticity for



xv

the GFRP rebars used in the study.  However, for design, the compression strength of the
GFRP rebars should be 50% of the tension strength.

TESTING OF BRIDGE DECK PANELS

  Twelve full-scale reinforced concrete deck panels were tested to simulate
transverse bridge deck load conditions.  Three different reinforcing schemes were
evaluated in the study: (1) an ECS reinforcing scheme with a top and bottom mat of ECS
rebars, (2) a GFRP reinforcing scheme with a top and bottom mat of GFRP rebars, and
(3) a Hybrid reinforcing scheme with a top mat of GFRP rebars and a bottom mat of ECS
rebars.

Results show that the ultimate load, load versus displacement at service levels
(i.e. prior to yielding), moment versus maximum concrete compression strain, and deck
panel failure mode were governed by the type of tensile reinforcement.  The type of
compression reinforcement had little effect on these parameters.  Compression
reinforcement did have a limited effect on the ductility of the deck panels with ECS
tension reinforcement and the maximum observed crack widths.

Observations show that all twelve deck panels exhibited the same load versus
displacement and moment versus strain characteristics prior to cracking.  After cracking,
the deck panels with ECS tension reinforcement exhibited significantly greater stiffness
and smaller crack widths than the deck panels with GFRP tensile reinforcement.

All of the deck panels with ECS tension reinforcement failed in a flexural mode.
The failure mode exhibited ductility and provided adequate warning of failure through
apparent yielding of the reinforcement.  All deck panels with GFRP reinforcement
collapsed in a combined flexure and shear failure mode.  The failure of these deck panels
was ductile, and provided warning of impending collapse with large crack widths and
displacements.

COMPARISON WITH AASHTO SPECIFICATIONS
 

Comparisons of the deck panel results to current AASHTO provisions for bridge
deck design show that all of the deck panels met AASHTO guidelines for ultimate load.
However, AASHTO specifications are based on under-reinforced concrete specimens
with steel reinforcement, failing after yielding of the reinforcing steel.  Since GFRP
specimens do not exhibit yielding, and in this study failed in shear, it is recommended
that specifications be broadened to include a shear failure mode.

ACI-318M-95 design specifications accurately predicted the failure load of the
ECS reinforced deck panels, which failed in flexure.  However, neither current ACI
provisions nor a model developed by other researchers adequately predicted the
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combined shear and flexural failure strength of the GFRP reinforced deck panels.  Two
equations for predicting the shear strength of the specimens are proposed in this study.

Experimental maximum crack widths were compared to theoretical models
developed by others, and the result show that these models adequately predicted crack
widths for the GFRP reinforced deck panel with a span length of 2130 mm.  However,
these models did not predict crack widths for the deck panels with the longer span length
of 2740 mm.  A maximum crack width model based on the results of this study is
proposed based on the Gergely-Lutz expression.

BARRIER WALL IMPACT SIMULATION

In addition to the deck panel specimens, nine barrier wall specimens were
constructed and tested to evaluate the behavior of concrete bridge deck overhangs with
the three different reinforcing schemes discussed in Section 7.1.3.  Results show that all
of the specimens met AASHTO load specifications.  In addition, all of the specimens
exhibited a ductile failure type that provided adequate warning of the impending failure.
The ECS reinforced specimens exhibited ductility through apparent reinforcement
yielding, large displacements, and large crack widths, while the GFRP reinforced deck
panels exhibited ductility through large displacements and crack widths.

RECOMMENDED REINFORCING SCHEME

Results of this study show that both the GFRP and Hybrid deck panel reinforcing
schemes meet all AASHTO load requirements.  Either of these reinforcing schemes can
be depended on from a strength standpoint.  However, the results also show that the
GFRP and Hybrid deck panels did not meet AASHTO requirements for maximum crack
widths.  In addition, though AASHTO does not specify maximum displacements for
concrete bridge decks, the displacements observed for the GFRP and Hybrid deck panels
were significantly greater than those of the ECS reinforced deck panels and warrant
consideration.

The Hybrid reinforcing scheme is recommended for use in bridge decks even
though it did not meet serviceability requirements.  This reinforcing scheme provides the
dependability of ECS rebars with the corrosion immunity of the GFRP rebars.  Since
reinforced concrete bridge decks transfer load transversely over main support girders as a
continuous beam, ECS rebars in the bottom of the bridge deck will decrease the
deflection of the deck under loading observed in this study.  In addition, crack width
limitations for the top reinforcing mat could be increased for GFRP reinforced deck
panels due to their immunity from corrosion.
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1.0  INTRODUCTION

1.1  BACKGROUND

A major maintenance expense for many transportation departments is the
replacement of bridge decks to repair corrosion induced deterioration.  “Chloride-ion-
induced corrosion damage of reinforced concrete bridges is the single most costly
deterioration mechanism facing state highway agencies in the United States” (Weyers et
al., 1993).  It is estimated that about 40% of the current backlog of bridge repairs are a
direct result of chloride-ion-induced corrosion of steel reinforcement in concrete bridge
components (Weyers et al., 1993).  Corrosion deterioration of reinforced concrete is
brought about by the application of deicing salts to bridge deck to melt ice during winter
months.  Bridge decks are very susceptible to chloride ion damage because the deicing
salts are placed directly on the riding surface.

The most common solution to the corrosion deterioration problem is the use of
coated steel reinforcements such as epoxy coated steel (ECS) rebars or galvanized rebars.
However, experience has shown that these coatings cannot completely prevent
deterioration.

Another potential solution to deterioration of reinforced concrete structures is the
use of fiber reinforced polymer (FRP) rebars.  In addition to being corrosion resistant,
FRP rebars have high strength and high stiffness to weight ratios.  The most common
FRPs used in structural systems are aramid (AFRP), carbon (CFRP), and glass (GFRP).
Of these GFRP has the least initial cost.

1.1.1  The Electrochemical Corrosion Process in Steel Reinforced
Concrete

Steel reinforced concrete is an environmentally stable and corrosion resistant
material combination.  Steel deteriorates quickly when exposed to oxygen and moisture,
while well made concrete is stable in most environments.  In steel reinforced concrete
systems, the concrete protects the steel physically by encasing the steel reinforcement,
limiting the amount of oxygen and moisture in direct contact with the steel (Purvis et al.,
1994).  In addition to protecting the steel by physically encapsulating it, the concrete
protects the steel electrochemically.

The corrosion of steel is an electrochemical process, meaning that the chemical
reaction proceeds similar to an electric circuit.  The electric circuit can be illustrated as
shown in Figure 1.1.  The anode is the positive side of the circuit where compounds are
undergoing chemical reactions.  The cathode is the negative side of the circuit, where
other reactions are occurring.   Exact chemical formulations of these reactions are not
discussed herein.
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As Figure 1.1 illustrates, the current flows from the anode to the cathode through
the steel reinforcement.  Then the current flows back from the cathode to the anode
through the concrete pore water, completing the electric circuit.  Concrete protects the
steel electrochemically by forming a very thin passive layer around the reinforcement
preventing the flow of electric current through the concrete-rebar circuit.  The passive
layer is a very thin layer, on the order of 30 angstroms, formed because of the concrete’s
high alkali content (Fraczek 1987).

While concrete provides good protection for the steel in most environments, it
cannot protect the steel reinforcement completely.  First, the concrete cannot completely
block all oxygen and moisture from reaching the steel reinforcement.  Both of these can
exist in gaseous form, so even the best concrete cannot prevent the corrosion cycle.
Second, the passive layer formed by the concrete can be broken down, defeating the
electrochemical protection.  Most frequently in cold climates, the passive layer is broken
down by the introduction of aggressive chloride ions to the bridge deck in the form of
deicing salts.  For a more detailed discussion of the steel reinforcement corrosion cycle in
concrete refer to Deitz (1995).

- +
+Steel

Rebar Current Passing Through Steel

Current Traveling
Through Concrete Pore Water

CathodeAnode

Passive Layer

Concrete Encasement

Concrete Encasement

Figure 1. 1:  Electrochemical Corrosion Circuit

Before the corrosion process can occur, the free chloride ion concentration must
reach a certain level, referred to as the corrosion threshold value typically given as 7.0
N/m3 or 0.031% of the concrete weight (Weyers et al., 1993).  Once the corrosion
threshold value is reached the steel can oxidize because the passive layer is broken down.
In addition, the chloride ions are recycled in the electrochemical corrosion process.  So
when the corrosion threshold value is reached, there is no need for additional chloride
ions to continue the corrosion process.

In summary, three things are required for the deterioration of steel in reinforced
concrete.  First, water must be present in some form to allow the electrochemical current
to flow allowing the reaction to take place.  Second, oxygen is required to react with the
steel.  Third, chloride ions are needed to break down the protective passive layer of the
concrete.
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1.1.2  Chloride Contamination, Delamination, and Spalling

Chloride contamination is the driving mechanism for corrosion associated with
delamination and spalling. The presence of chlorides breaks down the passive layer
allowing the steel reinforcement to corrode.  The corrosion products have a much greater
volume than the original steel, up to 10 times its volume.  The concrete cannot resist the
expansive forces generated by the increased volume without cracking and spalling.
Cracking of the concrete results in easier access of salt water, hastening deterioration of
the bridge deck in the form of delaminations and spalls.  A “delamination occurs when
layers of concrete separate at or near the level of the top of the outermost layer of
reinforcing steel” (Hartle et al., 1990).  The delamination need not crack the concrete at
the surface, making delaminations difficult to find by visual inspection.  Eventually, the
delaminated portions of the deck break away from the bridge forming a spall.  The spall
often appears as “a roughly circular depression in the concrete” (Hartle et al., 1990).

1.2  POTENTIAL SOLUTIONS TO ELECTROCHEMICAL
       CORROSION

Many passive solutions to the corrosion of steel reinforcement have been
developed.  One method is to coat the steel reinforcement with a material to prevent the
corrosion circuit from developing.  Another potential solution that has recently become
feasible is the use of non-metallic reinforcement in bridge decks.

1.2.1  Coating of Reinforcing Steel

One of the most widely adopted solutions to steel corrosion problems today is
epoxy coated reinforcing steel (ECS), in which steel rebars are coated with a powdered
epoxy resin.  ECS rebars were thought to be an affordable, simple, solution to the
corrosion of steel rebars in concrete until 1987 when the Florida Department of
Transportation reported corrosion problems with the use of ECS rebars in marine
substructures after only four to seven years of service (Burke 1994).    Because of these
findings several research projects were implemented to study how long ECS rebars could
prevent deterioration of bridge components exposed to chloride environments.

Twelve ECS reinforced bridge deck project sites with service lives ranging from
17 to 19 years were investigated by the West Virginia Department of Transportation
Division of Highways (1994).  Each bridge deck was inspected including a visual
condition survey, a complete delamination survey, and chloride sampling. Results
showed that no spalling or measurable reinforcement associated delamination of the
decks was observed at the test sites.  This can be compared to previous experience on
bridge decks containing ordinary rebars where percentages of delamination reached as
high as 60% to 80%. This led the investigators to the conclusion that the corrosion
process is not occurring or is occurring at a reduced rate due to the use of the ECS
reinforcement.
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A similar study was performed by the Indiana Department of Transportation and
the Federal Highway Administration (Hasan, Ramirez, and Cleary 1995).  The field
investigation included identification of delaminated and spalled areas, measurements of
concrete cover, and concrete powder sampling to determine chloride concentrations at
various depths. Six bridges were included, ranging in service life from 6 to 18 years at the
time of the study.  Observations found that all but two of the bridges had chloride ion
contents well above the accepted corrosion threshold value at the level of the reinforcing
steel. No sign of disbondment of coating or corrosion was observed in the reinforcement
in the bridge decks investigated. It was concluded that epoxy coated steel had performed
satisfactorily in the bridge decks surveyed.

Drawbacks to ECS rebars include problems during construction which can lead to
nicks and cuts in the epoxy coating leaving portions of the rebars vulnerable to chloride
ion induced corrosion.  To reestablish the corrosion protection epoxy must be applied in
the field, which can take up valuable time during construction.  In addition, experimental
tests have shown that epoxy coating significantly reduces bond strength of rebars (Treece
and Jirsa 1989).   Results showed that the development length of epoxy coated rebars
should be increased by 15% when adequate rebar cover and spacing are available and by
50% in other cases compared with uncoated rebars.

Another potential solution to the corrosion of steel reinforcement is zinc coated
rebars, or galvanized rebars.  This option is not as prevalent as ECS rebars, but has
occasionally been used.  To prepare galvanized reinforcement, rebars are cleaned
thoroughly and dipped into a molten zinc bath.  The zinc offers sacrificial protection of
the steel by acting as anode in place of the base steel.  That is, the zinc coating will
deteriorate prior to deterioration of the steel (Galvanized Rebar Advisory Board 1995).
Another advantage of the galvanized coating is that if the coating is scratched or cut, the
zinc sacrificial protection will still act to prevent corrosion of the steel rebar.  The biggest
disadvantage of this alternative is galvanized rebars lack of availability.

Copper-clad reinforcing bars have also been studied as a solution to the
deterioration of steel reinforcement in aggressive environments.  This alternative has
never been applied in the field and the rebars are not commercially available (McDonald,
Virmani, and Pfeifer 1996).  McDonald et al. (1996) performed tests on slabs reinforced
with copper-clad rebars and black steel rebars over a thirteen year period of outdoor
exposure.   Results showed that that after the exposure period the copper-clad rebars were
far more corrosion resistant than the black bars.
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1.2.2  Non-Metallic Fiber Reinforced Polymer Reinforcements

Another solution to the deterioration of steel in concrete bridge decks is to remove
all reinforcing steel from the deck and use non-metallic fiber reinforced polymer (FRP)
reinforcement.  FRP rebars are available in different forms, possessing different
mechanical properties, including carbon fiber reinforced polymer (CFRP) rebars, aramid 

fiber reinforced polymer (AFRP) rebars, and glass fiber reinforced polymer
(GFRP) rebars. Due economic considerations, GFRP rebars are the predominant choice
of reinforcement for structural applications to date and were used in this study.  Other
types of FRP may become more promising if material prices continue to fall.

Advantages of GFRP rebars include high strength to weight ratio, light weight
(facilitating construction), and resistance to chemical attack.  Disadvantages of GFRP
rebars include, low elastic modulus, and no ductility. In addition, engineers are unfamiliar
with the GFRP rebars compared to steel rebars that have been in use for many years
making them familiar and reliable.

GFRP rebars are resistant to the electrochemical process that deteriorates steel
rebars in concrete bridge decks.  Since they will not deteriorate, problems associated with
corrosion of steel rebars will not be encountered, increasing the time between costly
bridge deck repairs thereby increasing the overall service life of the bridge deck.

1.2.3  Hybrid Reinforcing Scheme

A combination of reinforcement types, hybrid reinforcements, could provide
another promising solution to the deterioration of concrete bridge decks.  This study
explores one possible Hybrid reinforcing scheme made up of GFRP rebars and ECS
rebars.  Figure 1.2 shows a cross section of a typical Kentucky bridge containing a top
and bottom reinforcing mat. The proposed hybrid bridge deck reinforcing layout would
consist of a top mat of GFRP rebars and a bottom mat of ECS rebars.  This combination
would provide advantages inherent in both materials.  The corrosion resistance of GFRP
rebars and the familiarity and ductility of ECS rebars.

Since the top mat of reinforcement in the Hybrid reinforcing scheme consists of
GFRP rebars that are chemically inert, the aggressive chloride ions have to travel farther
to reach the steel reinforcement.  This would increase the service life of the bridge deck
considerably.  In order to investigate the increase in life span brought about by the use of
the Hybrid reinforcing scheme, the Diffusion-Cracking-Deterioration Model presented in
SHRP-360 (Weyers et al., 1993) was used.
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Figure 1. 2:  Typical Bridge Deck Cross Section Showing Deck Reinforcement

The model is based on the standard solution to Fick’s Second Law for diffusion
through a porous medium, as follows:

(1.1)

where,
C(x,t) = chloride concentration at depth X after time t for an equilibrium

concentration Co at the surface (based on salt exposure)
erf = error function (from standard mathematical tables)
Dc = chloride diffusion constant (based on regional climatic conditions,
                        and concrete properties)

SHRP-360 provides values for the above coefficients for several states.  The
model was used to predict the time required for chloride ions at the top level of steel
reinforcement to reach the corrosion threshold level (see Section 1.1.1) for the ECS and
Hybrid reinforcing schemes.  Specific values of the coefficients used in the model were
not provided for Kentucky.  Therefore, values were estimated by using an average of the
values for the adjacent states of West Virginia and Indiana, Dc equal to 0.45 cm2/year and
0.58 cm2/year respectively.   Coefficients used in the computations, and results, are
provided in Table 1.1.

For the conventional ECS reinforced bridge deck, the chloride ions must permeate
through the concrete a depth of 60 mm (the top mat clear cover) to reach the rebars.  The
model estimated that it would take approximately 4.1 years for the chloride ion
concentration to reach the threshold level at this depth.  In the case of the Hybrid
reinforced deck, the chlorides ions must permeate through the deck a depth of 145 mm
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(distance from the deck surface to the top of the bottom mat).  The model estimated it
would require 23.3 years for the ion concentration to reach the threshold value and begin
corroding the reinforcement in the Hybrid reinforced deck.

The model does not account for the presence of the coating on the ECS rebars.
Results of the model estimated how long it would take for the chloride ion concentration
at the level of the rebars to reach the corrosion threshold level, allowing active corrosion
of the reinforcement to take place.  If the ECS rebars are well coated, with no
imperfections, corrosion of the steel may never occur.  However, if imperfections exist in
the epoxy coating, corrosion of the steel could readily occur if the corrosion threshold
value has been reached.

TABLE 1.1 DIFFUSION-CRACKING-DETERIORATION MODEL
PARAMETERS

Reinforcing
Scheme

X
(mm)

Time Until the Chloride Ion
Concentration Reaches the
Corrosion Threshold Value (years)

ECS 60 4.1
Hybrid 145 23.3

Coefficients Used:
Dc   = 52 mm2/year
Co  =  52 N/m3

Corrosion Threshold Value = 7.0 N/m3

1.3  REVIEW OF PREVIOUS RESEARCH

1.3.1  Construction with GFRP Rebars

Research performed by Thippeswamy, Franco, and GangaRao (1998) led to the
construction of a bridge deck reinforced with GFRP rebars.  The bridge was a 54 m long
three span continuous steel girder bridge.  During the construction of the bridge the
GFRP rebars were found to be light weight and easy to handle.  However, construction
workers stated that the edges of the rebars were sharp resulting in numerous cuts during
construction.  Consequently, it was recommended that leather gloves be used while
handling the GFRP rebars.  Reinforcing chair supports were spaced at approximately 1.2
m during construction to decrease displacements of the GFRP rebars under construction
loads.  In addition, the reinforcing mat was tied to the forms during construction to
prevent movement of the reinforcement while vibrating etc.
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1.3.2  Bond of Rebars to Concrete

Cosena et. al., (1997) identify two bond mechanisms for GFRP rebars, friction-
resistant and bearing-resistance (mechanical interlock).  Friction-resistant mechanisms
are predominant in smooth and sand coated GFRP rebars while the bearing-resistant
mechanisms is available for deformed rebars including glued on spirals, twisted fiber
strands, and rib and indented rebars.  Results from the research study showed that the
bond of smooth FRP rebars is inadequate for use as concrete reinforcement.  Sand
covered continuous fiber rebars showed good bond resistance.  However, the adhesion
between the sand grains and the bars can fail abruptly, leading to a brittle bond failure.

The report also stated that deformations obtained by gluing a spiral to the FRP
rebar do not improve the bond behavior over that of the smooth rebars, making them
inadequate as concrete reinforcement, also.  Rebars manufactured by twisting strands of
fibers show slightly larger bond strengths compared to those of smooth rebars.  Good
bond performance is obtained by use of both indented and deformed GFRP rebars.
Although the maximum bond strengths of the GFRP rebars were similar to those of
uncoated deformed steel bars, the free end slips of the GFRP type reinforcement, at the
same bond stresses, were greater than those of steel bars.  The best performance in terms
of bond stiffness was found with GFRP rebars with a deformed surface and coated with
sand.  However, the bond failures for these rebar types were brittle.

1.3.3  Tensile Properties of GFRP Rebars

One of the greatest difficulties in determining the tensile properties of GFRP
rebars is proper gripping of the rebars during testing.  Since GFRP rebars have little
resistance to transverse compressive forces occurring in grip regions during tests, rebars
tend to rupture inside the grips.  Test results can only be considered valid if the rebar
specimen ruptures away from the mechanical grips.   Several methods have been
proposed to prevent transverse crushing of the rebars inside of the grips during testing.
The method selected for this study was developed at the Constructed Facilities Center at
the University of West Virginia (Kumar 1996).  The method involves the use of a split
steel pipe to distribute the load to the GFRP rebar.

Tensile tests on the particular GFRP rebars used in this study were performed by
Benmokrane and Masmoudi (1996) at the University of Sherbrooke.  Steel barrel and
wedge grips were used in the testing.  Test results identified the ultimate tensile strength,
modulus of elasticity, ultimate tensile strain, Poisson’s ratio, and failure mode, and are
summarized in Table 1.2.  Tests also showed that the rebars exhibit a linear stress strain
behavior up until failure.
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TABLE 1.2  AVERAGE PROPERTIES FOR #15 GFRP C-BAR REINFORCING
RODS TESTED BY BENMOKRANE AND MASMOUDI (1996)

Ultimate
Tensile Strength
(MPa)

Young’s
Modulus a

(MPa)

Calculated
Failure Strain
(%)

Poisson’s
Ratio

Average 773.32 b 37.65 b 2.05b 0.27 c

Stnd. Dev. 52.58 1.13 0.13 0.01
a Derived from Strain Gage Measurements
b Average of seven specimens
c Average of three specimens

1.3.4  Compressive Properties of GFRP Rebars

Few research studies have been performed to determine the compressive
properties of FRP rebars.  Kobayashi and Fujisaki (1995) performed tests to determine
the compressive properties of several different types of FRP rebars including carbon,
aramid, and glass.  Ends of the test specimens were cast in concrete block grips.  The
study found that the GFRP reinforcing rods used in the study had a compression strength
equal to approximately 30% of their tensile strength.  In addition, GFRP reinforcing rods
were affected by cyclic loading.  A 20% to 50% reduction in the compressive capacity of
the reinforcing rods was observed under repeated loading.

1.3.5  Experimental Studies of Concrete Beams Reinforced with GFRP
Rebars

Bank, Frostig, and Shapira (1997) studied the behavior of concrete beams with a
three dimensional GFRP reinforcing grid under flexural loading.  The specimens had a
depth of 300 mm, width of 200 mm, and span length of 2400 mm with 600 mm between
active load points.  Reinforcing ratios of the specimens tested ranged from 0.7% to 2.1%.
The specimens were tested under a four point loading and exhibited a linear load-
displacement relationship up to failure.  No significant strength loss or deflection increase
were observed during repeated loading, and the specimens failed in a brittle mode by
rupture of the tension reinforcement.

To avoid the sudden brittle failure resulting from the tensile rupturing of GFRP
reinforcement, Alsayed et al., (1995) tested over-reinforced specimens.  Over-
reinforcement of the section took advantage of the ductility inherent in concrete itself to
produce reserve capacity after reaching ultimate load.  Three specimen types were tested
under a four point loading with 200 mm between active load points.  Steel stirrups were
provided at a 120 mm spacing, which is greater than the ACI code maximum of d/2 for
most specimens.  The specimens had widths of 200 mm, heights ranging from 210 mm to
260 mm, and a span length of 2700 mm.  Specimens failed as over-reinforced concrete
specimens, by concrete compressive rupture.  The specimens did possess reserve capacity
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after reaching ultimate load.  However, the post-ultimate capacity was less than the
ultimate load.

An experimental study by Benmokrane, Chaallal, and Masmoudi (1996)
compared concrete beams reinforced with FRP rebars and beams reinforced with
identical arrangements of steel reinforcing rods.  The beams used in the study had depths
of 300 mm and 550 mm with reinforcing ratios of 1.102% and 0.562% respectively.  All
of the beams tested had a width of 200 mm and a span length of 3300 mm under four
point loading with 1000 mm between active load points.  Steel stirrups to resist shear
were provided at a spacing of 100 mm for the beams tested.  Results showed that the
average crack spacing was similar for beams reinforced with GFRP and steel longitudinal
reinforcement under low loading (25% of ultimate).  However, at moderate and high
loadings, the spacing on average for the GFRP reinforced beams was about 65% that of
the steel beams.    A compression failure mode was observed in all of the over-reinforced
specimens.  Tension failure of the GFRP and yielding of the steel  was observed in the
under-reinforced specimens.  The GFRP reinforced beams exhibited a linear load
displacement relationship after cracking up to failure.  Finally, the experimental strain
data showed “the (GFRP) tension reinforcement behaved in a similar manner as in a
tension test, implying a perfect bond between the reinforcing bar and the concrete”
(Benmokrane, Chaallal, and Masmoudi (1996)).

Brown and Bartholomew (1996) performed studies on long-term deflections of
GFRP reinforced concrete beams under sustained loading.  Both steel and GFRP
reinforced specimens with identical reinforcement schemes were used in the study.  Test
beams were 150 mm deep, 100 mm wide, and reinforced with 2 #10 (metric) rebars.  The
beams were tested with 1830 mm span length under a four point loading with 305 mm
between load points.  Test results showed that the initial deflections under service load of
the GFRP reinforced specimens averaged 3.76 times higher those of the steel reinforced
specimens.  The study concluded that the long-term deflections of the beams could be
predicted using modified techniques for predicting long-term deflections of steel
reinforced specimens.

Experimental tests were performed by Faza and GangaRao (1991) on 305 mm
deep by 150 mm wide beams reinforced with different reinforcing ratios and
reinforcement types.  The beams were tested under a 2750 mm span four point loading.
All of the specimens contained shear stirrups.  The types of reinforcement used in the
study included smooth, sand coated, and deformed GFRP rebars and stirrups as well as
conventional deformed steel rebars and stirrups.  Results showed that cracks in the GFRP
reinforced specimens tested initiated suddenly and were larger than corresponded cracks
in steel reinforced beams.  Flexural cracks were found to occur at uniform intervals
giving “clear indication that there was no bond failure between the deformed FRP rebars
and concrete” (Faza and GangaRao 1991).  Bond failure of smooth GFRP rebars and
stirrups was observed during testing that was not encountered during the testing of
deformed GFRP stirrups.  For this reason, the authors advised against the use of smooth
GFRP rebars and stirrups.
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Masmoudi, Benmokrane, and Chaallal (1996) studied cracking behavior of
concrete beams reinforced with FRP rebars.  Four point load tests were performed on
beams with a 3300 mm span with 500 mm between active load points.  The specimen
cross sections were 300 mm deep and 200 mm wide with reinforcement ratios ranging
from 0.50% to 1.07%.  Stirrups were provided in the specimens at an 80 mm spacing.
Results showed that as the reinforcement ratio increased the number of cracks increased
while their spacing decreased.  Results also showed that as the reinforcement ratio
increased crack width decreased.

Theriault and Benmokrane (1998) tested six concrete beams reinforced with
GFRP rebars.  Specimens were 180 mm high, 130 mm wide, and 1800 mm long.  They
were tested under equally spaced four point loads with a 1500 mm span length.  Smooth
steel stirrups were provided at an 80 mm spacing in all specimens.  Two reinforcing
ratios were used in the study, 1.16% and 2.77%.  Results showed that the effects of
concrete strength and reinforcement ratio on the crack spacing were negligible.  In
addition, the crack width was found to be independent of concrete strength and decreased
as the reinforcing ratio increased.  Under cyclic loading the beams exhibited increasing
crack width but no reduction in flexural stiffness.  Finally, increases in concrete strength
were found to have no effect on the overall stiffness of a concrete beam, while increasing
the reinforcing ratio increased the stiffness significantly.

In an experimental study by Masmoudi, Therialt, and Benmokrane (1996) eight
concrete beams reinforced with GFRP rebars were tested along with two steel reinforced
beams.  The beams were tested with a 3300 mm span length with 500 mm between active
load points and steel stirrups spaced at 80 mm throughout the shear spans.  The beams
had cross sections 200 mm wide and 300 mm deep.  Reinforcing ratios for the GFRP
reinforced specimens ranged between 0.56% to 2.15% while the reinforcing ratios for the
steel specimens were between 0.42% and 2.00%.    Results showed that the maximum
observed crack widths in beams reinforced with GFRP rebars were three to five times
those of identical beams with steel rebars.
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1.3.6  Design Recommendations for Concrete Members Reinforced with
GFRP Rebars

Results from experimental tests performed by GangaRao and Faza (1991) on
GFRP reinforced concrete beams were used to derive theoretical relations for predicting
flexural strength of GFRP reinforced concrete members, flexural crack widths,
deflections, bond strength, and development lengths of the rebars in concrete.  The
authors found that the flexural strength of GFRP reinforced concrete beams could be
adequately predicted using the ACI Ultimate Strength Design relations with an effective
yield stress of the rebars.  The effective yield stress was recommended to be 85% of the
ultimate rebar strength in tension.  Conclusions from comparisons of experimental results
of the study to theoretical predictions of crack widths found that a modified Watstein and
Bresler relationship best agreed with the experimental results.  The modification took into
account the reduced modulus of elasticity of GFRP rebars.  Finally, a modified moment
of inertia was derived to predict deflections of GFRP reinforced concrete specimens
under load.

Nanni (1994) provided flexural design recommendations for concrete specimens
reinforced with GFRP rebars.  His recommendations included:

Ultimate Strength Design Method:

A strength reduction factor for flexure, N, should be taken as 0.7 since no yield
plateau is obtainable in GFRP reinforced members.

No upper limit on reinforcing ratio should be specified, allowing designers to take
advantage of the relatively more ductile concrete compressive failure compared to the
brittle GFRP reinforcement tensile failure.

Deflection under service loads should always be considered a design parameter.

Working Stress Design Method:

This design methodology could be more practical at this stage of GFRP reinforced
concrete development.  It is recommended that this design methodology be used in place
of Ultimate Strength Design.

The recommended allowable compressive stress for the concrete was 0.45f’c,
where f’c is the compressive strength of the concrete.

The recommended allowable tensile stress in GFRP reinforcement was 0.45ff u,
where ffu is the ultimate tensile strength of the GFRP reinforcement.  “Based on available
data on stress rupture (static fatigue) of GFRP, this coefficient appears to be appropriate
for design life up to 100 years.”
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It was also recommended that GFRP reinforcement be used with high strength concrete
because the strength of a GFRP reinforced concrete member is sensitive to the concrete
strength.

Michaluk (1996) tested one way slabs under equally spaced four point loadings
with a span length of 3000 mm.  The slabs had a width of 1000 mm and depths varying
between 150 mm and 200 mm.  Transverse reinforcement was included in the specimens
with longitudinal reinforcing ratios 0.23% to 0.955% for the GFRP reinforced specimens
tested.  Results showed that the shear strength predictions of current code equations
significantly overestimated the shear capacity of the specimens tested.  The author
recommended the modification of the existing ACI equations by the ratio of the elastic
moduli of GFRP and steel reinforcements, EGFRP/ESTEEL.

Benmokrane, Chaallal, and Masmoudi (1996) found that ultimate moments of the
beams used in their experimental study could accurately be predicted using ACI Ultimate
Strength Design assumptions.  They recommend a strength reduction factor for flexure,
�, of 0.75 for GFRP reinforced concrete specimens.  The study also found that the
expression developed by Branson adopted by the ACI code for estimating deflections,
overestimates the effective moment of inertia for beams with GFRP reinforcement.  The
authors recommended modification of the Branson expression using a cracking moment
reduction factor to correlate with the experimental findings of the study.

Research on cracking behavior performed by Masmoudi, Benmokrane, and
Chaallal (1996) determined that crack widths could be predicted for GFRP reinforced
concrete specimens using modified Gergley-Lutz and European code equations.
However, for every new product introduced to the market experimental studies would be
required to determine modification coefficients for the equations.  The cracking moment
relation provided in ACI could adequately predict cracking moment of GFRP reinforced
sections with no modifications.

Research by Theriault and Benmokrane (1998) found that the modified Gergley-
Lutz relation developed by Masmoudi, Benmokrane, and Chaallal (1996) accurately
predicted the crack widths observed in their experimental research program.  In addition,
they found that the model developed by Faza and GangaRao (1991) best predicted the
load-displacement behavior of the GFRP reinforced concrete specimens used in the study
after calibrating the relationship for the actual deflections observed at cracking.

Masmoudi, Therialt, and Benmokrane (1996) concluded that the limitation of
crack widths specified by the ACI code and Canadian code for structures reinforced with
conventional steel should not apply to structures with GFRP reinforcement.  There are no
corrosion problems are in GFRP reinforced concrete specimens.  Therefore, the limiting
crack width should be controlled by aesthetic requirements.
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1.4  RESEARCH OBJECTIVES

The objectives of this research are two fold.  First, to determine if GFRP rebars
are a viable alternative to ECS rebars as bridge deck reinforcement.  Second, to compare
the experimental results of the study to theoretical predictions of GFRP reinforced
concrete behavior.  In situations where theoretical predictions are found to be inadequate,
new theories or suggestions for modifications of existing theories will be provided.

1.5  RESEARCH SIGNIFICANCE

Though many experimental studies have been performed on GFRP reinforced
concrete members, the design information available to engineers is limited compared to
more conventional materials such as steel reinforced concrete, wood, and structural steel.
Results of this study will serve to increase design information available to engineers in
the form of equations for predicting GFRP reinforced concrete behavior.  The
experimental results will also serve to increase the amount of test data available to
research institutions developing guidelines for GFRP reinforced concrete.

In addition, there have been relatively few field applications of GFRP rebars in
concrete bridge decks.  Construction observations made during the study will be directly
applicable to the implementation of GFRP reinforced concrete bridge decks.

1.6  CHAPTER OUTLINE

Chapter 1 of this report provides a background to the bridge deck reinforcement
corrosion problem and potential solutions including a summary of related research
projects.  Chapter 2 summarizes the material properties of the rebar types used in the
study including ECS and GFRP rebars.  An experimental study was conducted to
determine tensile properties of the rebars.  A test method developed to determine
compressive properties of GFRP rebars is also discussed in detail.

In Chapter 3, constructability testing of GFRP reinforced concrete is discussed.  A
summary of the test method used and results of the study are provided.  In addition to
testing the behavior of the GFRP rebars during construction, various repair procedures
for concrete reinforced with GFRP rebars were tested and results are presented.

Chapter 4 provides a summary of the experimental strength testing of twelve full
scale reinforced concrete deck panels.  The deck panels tested were reinforced with
GFRP, ECS and the Hybrid reinforcing layouts discussed in Section 1.2.  Results of the
study are discussed and comparisons are made between the different reinforcement
schemes.  Chapter 5 presents comparisons of the deck panel test results and current
analytical models and code provisions.  New analytical models and recommendations for
improvement of current models for shear strength and crack widths are proposed.
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Chapter 6 discusses the simulated barrier wall impact study.  Summaries of the
experimental test methods and assumptions, as well as test results are provided.  Results
included comparison of the experimental results to current AASHTO code specifications
for the design of barrier wall overhangs.  Finally, Chapter 7 summarizes important results
of the study and provides recommendations for future research.
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2.0  REBAR MATERIAL PROPERTIES

2.1  INTRODUCTION

This chapter identifies structural properties of the GFRP and ECS rebars used in
the study.  Descriptions of the experimental methods used to determine the tensile
properties of the ECS and GFRP rebars and the compressive properties of the GFRP
rebars are presented.

Currently, no ASTM standard test methods exist for testing of GFRP rebars in
tension or compression.  Several test methods have been developed for tensile testing by
researchers such as Nanni, GangaRao and Faza, Erici and Rizkalla (Castro and Carino
(1998)).  However, little work has been done to characterize the properties of GFRP
rebars in compression.  This is largely due to the fact that the effect of the GFRP in
compression rebars is ignored during design of reinforced concrete members.

In bridge decks, some reinforcement is in compression in both the transverse and
longitudinal directions of the bridge slab.  To perform a refined analytical study of bridge
decks compressive properties of GFRP rebars are required.

In this chapter, specific tensile and compressive properties of the ECS and GFRP
rebars are determined from the lots of the reinforcement used in this study to conduct
comparisons between experimental and analytical results.  An apparatus and method for
testing of GFRP rebars in compression was developed.  A proposed GFRP rebar
compression design curve was developed from the compression test results.

2.2  MATERIAL PROPERTIES

Grade B C-BAR reinforcing rods produced by Marshall Industries were selected
for the GFRP reinforcement in this study.  The Physical composition of the rebars is
provided in Table 2.1.   These materials integrate into rebars with the physical
characteristics shown in Table 2.2 which also gives the properties of the epoxy coated
steel rebars used in the study.

Cross sectional design of the rebars is illustrated in Figure 2.1.   An article
published by Loud in 1995 outlines the rebar manufacturing process consisting of three
process stages.  In the first process stage, the E-glass fiber rovings used in the rebar pass
through a typical pultrusion process, the fibers are passed through a wet out station and
shaped with forming guides.  Next, a circumferential winding is added in the form of
helical fiberglass wraps oriented at approximately +/- 45 degree angles to the core fibers,
as illustrated in Figure 2.1.

In process stage two, a sheet molded compound is added to define the irregular
cross sectional shape of the rebars, a deformation pattern similar to typical steel rebars.
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The semicured rod is passed through a compression molding system that applies two
sheet molded compounds to the rod resulting in the final rebar product.  In the third
process stage, a printer  applies a lot code to the rebars and they are cut to the desired
length.  The rebars are then off loaded to a banding table and packaged for shipping.

TABLE 2.1 PHYSICAL COMPOSITION (WEIGHT %) OF C-BAR GFRP
REINFORCING RODS

(Adapted from Standard Specifications for C-BAR Reinforcing Rod for Concrete
Reinforcement)

Reinforcing
Fiber

Urethane Modified
Vinyl Ester

Recycled
P.E.T.

Ceramic
Reinforcement

Corrosion
Inhibitor

70% 15% 10% 3.5% 1.5%

TABLE 2.2 MATERIAL PROPERTIES OF REBARS USED IN STUDY
(C-BAR Reinforcing Rod Properties Provided by Manufacturer ECS Rebar

Properties from CSRI Interim Specifications)

#15 C-BAR
 GFRP Rebar

#16 Epoxy Coated
Steel Rebar

Cross Section Diameter 15 mm 16 mm
Area of Reinforcement 176 mm2 199 mm2

Mass 0.37 kg/m 1.552 kg/m
Water Absorption 0.25% maximum N. A.
Ultimate Tensile Strength 713 MPa 620 MPa
Yield Strength N. A. 420 MPa
Modulus of Elasticity 42,000 MPa 200,000 MPa
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Figure 2.1:  Cross Section of C-BAR Reinforcing Rod Used in Study
  (Adapted from a Marshall Industries Publication)

2.3  TENSILE TESTS

Tensile tests were conducted on both GFRP and ECS rebar samples taken from
the lots used in the reinforced concrete specimens discussed in Chapters 4, 5 and 6 to
determine specific tensile properties.  Tests to measure ultimate tensile strength, yield
strength of the ECS rebars, and Young’s modulus were conducted on the full section
rebar specimens.

2.3.1  Ultimate Tensile Strength

Ultimate strength of the GFRP rebars was determined by averaging the results of
four specimens.  Special measures were taken to properly grip the GFRP specimens.
Standard gripping devices used on conventional steel rebars during tensile tests would
crush the GFRP rebars inside the grips prior to tensile failure.  Figure 2.2 shows the
gripping mechanism used during the tests developed at the West Virginia University’s
Constructed Facilities Center (Kumar 1996).

Sheet Molded
Compound

Circumferential
Winding

Core
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To grip the GFRP rebar specimens, a steel pipe with a length of 305 mm was cut
lengthwise into two pieces, as illustrated in Figure 2.2.  The inner surface of the pipe
halves was cleaned with a wire brush mounted on a hand drill to remove rust and other
debris and then wiped with mineral spirits to remove residue that might prevent bonding
of epoxy to the pipe surface.  Next, the inner surfaces of the pipe halves were coated with
a generic two part metal epoxy and then clamped at the ends of the GFRP rebar until the
epoxy was fully cured.  The total length of the rebar specimens tested was approximately
1500 mm.  Figure 2.4 shows a photo of completed grips at one side of a test specimen.

Once the epoxy cured, the rebars were tested in a hydraulic testing machine with
wedge type grips as shown in Figure 2.2.  Table 2.3 shows the results of the five
specimens tested. Each specimen failed near the center of the rebar length, as shown in
Figure 2.3.  Similar tensile tests were performed on the same type and size of rebar used
in this study by Benmokrane and Masmoudi (1996).  For comparison purposes, tensile
strength results from their study are shown along with the present study in Table 2.3.

Three ECS rebars were tested to determine yield strength and ultimate strength of
the rebars used in the reinforced concrete specimens.  No special gripping devices were
used in the testing of the ECS rebars.  Results of the tensile tests are provided in Table
2.4.

Split Pipe Section

GFRP Rebar

GFRP Rebar

Cross Head
of Hydraulic

Testing Machine

Wedge
Grips

Two Part
Epoxy

Figure 2.2: Split Steel Pipe Grips for Tensile Testing of GFRP Rebars
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Figure 2.3:  Steel Pipe Halves Epoxied to the GFRP Rebars during Tensile Tests

TABLE 2.3 SUMMARY OF TENSILE TEST RESULTS FOR THE GFRP
REBARS

Specimen

Ultimate
Tensile Capacity
(kN)

Ultimate
Tensile Strength*

(MPa)
1 122.0 693
2 95.5 543
3 105.0 596
4 108.5 614
Average 108.0 612
Benmokrane &
Masmoudi
(1996)

_________ 773

*Computed Using Manufacturer Specified Area in Table 2.2

TABLE 2.4 SUMMARY OF TENSILE TEST RESULTS FOR THE ECS REBARS

Specimen
Yield
(kN)

Yield
Strength
(MPa)

Ultimate
Tensile Capacity
(kN)

Ultimate
Tensile Strength*

(MPa)
1 95.6 480.4 128.2 644.0
2 93.0 467.4 128.2 644.0
3 102.1 513.0 133.8 672.2
Average 96.9 486.9 130.1 653.4
*Computed Using an Area of 199 mm2



21

Figure 2. 4:  GFRP Tensile Specimen after Failure

2.3.2  Tensile Modulus of Elasticity

The modulus of elasticity in tension for the GFRP and ECS rebars was
determined by tensile tests.  Tensile specimens were prepared in three steps.  First, rebar
deformations were removed with a belt sander over a small length to apply one strain
gage to the surface.  Second, the cross section diameter of the rebar where the
deformations were removed was measured using a dial caliper.  Third, a 6 mm foil strain
gage was attached to the rebars.

The specimens were tested using methods described in Section 2.3.1 with a
hydraulic testing machine with wedge type grips.  The grips were checked for
misalignment to minimize the amount of bending moment present in the specimens.
Stress versus strain results of the four GFRP and three ECS rebar specimens tested are
shown in Figures 2.5 and 2.6 respectively.  Termination of the graphs represents the
capacity of the data acquisition equipment rather than the rupture of the rebars in every
case.

The test results were used in the analytical studies of the reinforced concrete
specimens discussed in Chapters 4, 5, and 6.  The modulus of elasticity of the GFRP
rebars was computed using the average modulus of the four specimens tested.  During the
analysis of the reinforced concrete specimens, post yield information was required for the
ECS rebars.  Since strain measurements were taken at different stress levels after
yielding, it was difficult to obtain an accurate average of results for the three specimens.
Therefore, the post yield stress strain results of specimen E2 were used.  The post yield
behavior of this specimen closely approximated the average of the three specimens
tested.  Table 2.5 provides a summary of the results for the modulus of elasticity of the
specimens tested.  In addition, the table provides a comparison of test data from this
study and a study by Benmokrane and Masmoudi (1996) (see Section 2.3.1).



22

GFRP Rebar Stress vs. Strain
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Figure 2.5:  Tensile Stress Strain Properties for the #15 GFRP Rebars
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Figure 2.6:  Tensile Stress Strain Properties of the #16 ECS Rebars
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TABLE 2.5   EXPERIMENTAL MODULUS OF ELASTICITY

Specimen EGFRP

#15 GFRP Rebar
(MPa)

EECS

#16 ECS Rebar
 (MPa)

1 40,400 185,760
2 36,140 195,930
3 42,960 207,610
4 40,610 -------
Modulus Used Average = 40,000 Specimen #2  = 196,000
Benmokrane &
Masmoudi (1996)

Average = 37,650 _____________

2.4  COMPRESSION TESTING

The ECS rebars are known to have similar properties in both tension and
compression.  However, GFRP rebars could have significantly different material
properties in tension and compression.   Tests were performed to determine ultimate
compressive strength and compressive modulus of elasticity for the rebars used in the
study.

2.4.1  Ultimate Compressive Strength

The methods used to test the GFRP rebars in tension could not be used to test the
rebars in compression because of difficulties with the test equipment.  First, the
equipment used to test the GFRP rebars in tension could not test the smaller specimens
used in the compression tests.  Second, the wedge grips used in the tensile test (see Figure
2.2) could not be used in compression.

To determine compressive properties of the GFRP rebars the testing apparatus
shown in Figure 2.7 was developed.  The apparatus consisted of two 135 mm rods with
an outside diameter of 50 mm designed to thread into the hydraulic testing machine used
in the study.  Each of the threaded rods was drilled with a 17.5 mm diameter hole in the
center, slightly larger than the 15 mm diameter of the #15 GFRP rebars.  The holes were
drilled to a depth of 65 mm to provide some fixity at the specimen ends.

Specimens were tested with unbraced lengths ranging from 50 mm to 380 mm.
Ultimate compressive strength results are depicted in Figure 2.8 for the lengths tested.
Three distinct failure modes were observed during the tests and occurred based on the
unbraced length of the specimens.  The ranges of unbraced length for the three failure
modes are identified in Figure 2.8 along with a 4th order best fit curve.  The first type of
failure was found in the tests of the shorter specimens ranging in unbraced length from 50
mm to 110 mm.  These specimens failed by crushing.  The second failure type observed
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was buckling and was exhibited by the longer specimens with unbraced lengths from 210
mm to 380 mm.  Figures 2.9 and 2.10 show specimens exhibiting crushing and buckling
failure modes respectively.

The third failure type was a combination of the crushing and buckling failure
modes.  Specimens with unbraced lengths ranging from 110 mm to 210 mm would fail in
either mode.  In some cases buckling failure would occur and then under continued
loading a crushing type failure would occur for the same specimen.

Scatter of the specimen data was also consistent for the different failure types.  A
wide scatter was exhibited by the shorter specimens failing by crushing.  Specimens
failing by buckling had little scatter.  The specimens in the combination failure region
had varied scatter as shown in Figure 2.8.

65 mm

135 mm

17.5 mm

Rebar 
Specimen

Threaded
Rod

Threaded
Rod

Detail of Threaded Rod

50 mm

Figure 2.7:  Apparatus used During the Tests of GFRP Rebars in Compression
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Ultimate Compressive Strength vs. Unbraced Length 
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2.4.2  Compressive Modulus of Elasticity of the GFRP Rebars

The compressive modulus of elasticity of the GFRP rebars was determined
experimentally using the compression testing procedures discussed in Section 2.4.2.
Three specimens were tested with lengths chosen to represent the three failure modes
shown in Figure 2.8.  Unbraced lengths of the three specimens tested were 80 mm, 200
mm, and 300 mm corresponding to the crushing, combined crushing and buckling, and
buckling failure regions respectively.

To prepare the GFRP rebar test specimens, the surface deformations were
removed in a small area using a belt sander providing a smooth surface to attach two 6.35
mm strain gages to each of the three specimens.  Diameter of the rebar in the section
where the deformations were removed was measured using calipers to account for the
small section loss during sanding.

Since the moment applied by the hydraulic testing machine during the test was
significant, a strain gage was placed on each side of the specimens.  This allowed for the
separation of axial and flexural strains in the test data.  To obtain the axial compressive
strains data from the two strain gages on each specimen was averaged.

Figure 2.11 shows the stress strain results of the three specimens tested.  The
results showed good agreement in modulus of elasticity regardless of specimen length.
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Figure 2.11:  Compressive Stress versus Strain Results for the GFRP Rebars
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TABLE 2.6 SUMMARY OF GFRP REBAR COMPRESSION MODULUS OF
ELASTICITY

Specimen
Length
(mm)

Modulus of Elasticity
(N/mm2)

1 80 41,730
2 200 44,585
3 300 41,220
Average ----- 42,510

2.4.3  GFRP Rebar Compressive Design Curve

Proposed design curves for the GFRP rebars under compression were developed
using the experimental test data discussed in Sections 2.4.1 and 2.4.2.  Figure 2.10 shows
the three functions developed to predict the behavior of the #15 GFRP rebar in the three
failure regions observed during the tests.  The following three relations are proposed:

Crushing Failure

0 mm ≤ L ≤ 110 mm    (2.1)

Combined Crushing and Buckling Failure

110 mm ≤ L ≤ 210 mm    (2.2)

Buckling Failure

   L > 210 mm        (2.3)

where,
σ = ultimate compressive stress
L = unbraced length
E = compressive modulus of elasticity
k = effective length factor for buckling
r = radius of gyration of the GFRP rebar

A maximum value of 325 MPa was selected for the crushing failure region.  This
lower than average value was selected due to the limited amount of test results.  A GFRP
rebar encased in concrete can intuitively be expected to have a greater strength than the
test results show and this value will most likely be increased as more test data becomes
available.
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In the combined buckling crushing region, a linear relation described by Equation
(2.2) was derived to describe the ultimate strength of the rebar.  The Euler buckling
relation was used to predict the ultimate compressive strength of the rebar in the buckling
failure region.  The value of k used was selected on data best fit, a value of 0.65, and the
radius of gyration, r=3.6, was computed based on the barrel diameter specified by the
GFRP rebar manufacturer.

For the design of reinforced concrete members the crushing properties should be
used since the concrete cover will provide full lateral bracing.  In cases where spalling of
the concrete cover might be expected, the unbraced length should be taken as the distance
between transverse rebars.

Compressive Design Curves 
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Figure 2. 12:  Proposed Design Ultimate Strengths for #15 GFRP Rebar
used in the Study

2.5  SUMMARY AND CONCLUSIONS

This chapter summarized the properties of the #15 GFRP and #16 ECS rebars
used in the study.  Tensile modulus of elasticity, yield strength (of the ECS rebars), and
ultimate strength of the GFRP and ECS rebars were determined experimentally.
Compressive modulus of elasticity and ultimate strengths were determined for the GFRP
rebars.  A compressive design curve for the GFRP rebars was proposed based on
experimental results of the study.
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A gripping mechanism developed at West Virginia University was used during
the experimental determination of the GFRP tensile properties.  Split pipe halves were
epoxied to the ends of the rebar specimens preventing transverse crushing failure of the
GFRP rebars in the wedge grips prior to tensile failure of the rebar.

Table 2.7 shows the experimental results of the tensile tests.  There was a 15%
difference between the manufacturer specified ultimate tensile strength and the
experimental tensile strength.  Specified and experimental tensile modulus of elasticity
showed better agreement with a 4.8% difference.  Properties of the ECS rebars correlated
well with values commonly used.

No manufacturer specified properties for the GFRP rebars in compression were
available.  The compressive modulus and tensile modulus of the GFRP rebars determined
experimentally are approximately the same.  However, the ultimate strength in
compression of the GFRP rebar is approximately 53% of the ultimate strength in tension
for the compressive specimen identified in Table 2.7.

Results of compression tests were used to develop a proposed ultimate strength
design curve for the GFRP rebars used in the study.  The proposed design curve was
based on the observed failure mode and unbraced length.

In most cases GFRP rebars in reinforced concrete members should be considered
fully braced for compression.  Therefore, the crushing compressive properties should be
used in design.  In cases where concrete cover could spall off the unbraced length of the
rebars in compression can be taken as the distance between transverse rebars or ties.

TABLE 2.7  SUMMARY OF REBAR PROPERTIES

Tension Compression
Manufacturer
Specified
# 15 GFRP

#15 GFRP #16
ECS

#15
GFRP

Ultimate Strength
(N/mm2)

713 612 653.4 325*

Yield Strength
 (N/mm2)

N. A. N. A. 486.9 N. A.

Modulus of Elasticity
(N/mm2)

42,000 40,030 195,930 42,510

*Property for Crushing Failure, Unbraced Length < 110 mm
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3.0  CONSTRUCTABILITY ASSESSMENT

3.1  INTRODUCTION

The issues related to the construction of bridge decks, from rebar placement to
placement of concrete, are evaluated for decks reinforced with glass fiber reinforced
polymer (GFRP) rebars and epoxy coated steel (ECS) rebars.  Properties of these two
rebar types are presented in Table 3.1.

The modulus of elasticity in tension, E, of the GFRP rebars (EGFRP = 40,000 MPa)
is low when compared to that of steel rebars (EECS = 196,000 MPa).  The low modulus
GFRP rebar deflects more under weight than an equivalent ECS rebar, as shown in
Figures 3.1 and 3.2.  The flexibility of the GFRP rebars raises issues regarding the ability
of GFRP rebars to adequately support construction workers during placement of concrete
(e.g. loss of balance).

Floatation of GFRP rebars in wet concrete was investigated since the specific
gravity of GFRP rebars, 1.92, is less than that of fresh concrete, 2.4, and consequently the
rebars could potentially float before the concrete has set.  Another factor of concern
during construction with GFRP rebars is possible rebar damage due to construction
mishaps.  Dropping of shovels or other construction equipment could scratch the outer
surface of the rebar applied to protect the GFRP rebar from the highly alkaline
environment in a concrete bridge deck.  Some resins and E-glass fibers used in GFRP
rebars have been found to deteriorate in these environments (Anderson, Bank and
Munley 1994).

To investigate the behavior of the GFRP rebars and other plastic construction
components (e.g. plastic chairs and ties) a constructability assessment was conducted.
During the study two mock bridge decks were built as slabs on grade (see Figure 3.3).
The first mock bridge deck was constructed with GFRP rebars, plastic ties, and plastic
chairs. The second mock bridge deck was constructed using conventional reinforcing
components common in bridge decks.  These components included epoxy coated steel
rebars, plastic coated steel ties, and epoxy coated steel chairs. The repair of concrete
decks reinforced with GFRP rebars was also considered.  The study was primarily
concerned with potholes that could form in a bridge deck due to causes unrelated to
corrosion of the reinforcement. Because the hardness of the GFRP rebars is low
compared to that of steel it is easier for a jackhammer to cut through the GFRP rebar.
The difficulty in repairing decks reinforced with GFRP rebar is further compounded by
the fact that GFRP rebars cannot be detected using pachometers prior to concrete
removal.   This makes the rebars difficult to avoid during removal operations.
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TABLE 3.1  PROPERTIES OF ECS AND GFRP REBARS USED IN THE STUDY

Rebar Type Diameter
of Rebar

Area of
Rebar

Specific
Gravity

Yield
Strength

Ultimate
Strength

Modulus of
Elasticity

(mm) (mm2) (MPa) (MPa) (MPa)
#16 ECS 16 199 7.85 487a 653a 196,000a

#15 GFRP 15 176 1.92 N. A. 612b 40,000b

aAverage of three specimens
bAverage of four specimens

Figure 3.1:  Deflection of an ECS Rebar under the Weight of a Construction
     Worker
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Figure 3.2:  Deflection of a GFRP Rebar under the Weight of the Same
         Construction Worker

Figure 3. 3:  Two Mock Bridge Decks Constructed as Slabs on Grade
Foreground--ECS Reinforced
Background--GFRP Reinforced
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3.2  DESCRIPTION OF BRIDGE DECKS

3.2.1  Mock Bridge Decks

Figure 3.3 shows the two mock bridge decks that were constructed as slabs on
grade during the constructability assessment.  One of the bridge decks was reinforced
with GFRP rebars using plastic ties and chairs.  The second bridge deck was constructed
using conventional ECS rebars with coated steel ties and chairs, and served as a
benchmark of the study since it represents typical bridge deck construction in Kentucky.

 Both mock bridge decks had the same longitudinal and transverse rebar spacing,
shown in Figure 3.4.  The spacings were based on a typical Kentucky ECS reinforced
bridge deck.  Identical spacings were used for both bridge decks to facilitate comparison
of test results.   In the actual design of a GFRP reinforced bridge deck, the spacing is
likely to be smaller.  It should be noted that Kentucky suggests a minimum spacing of
125 mm to facilitate deck construction.  The transverse rebars in the bottom mat of the
mock bridge decks were spaced at 127 mm.

Figure 3.5 shows the components used in the construction of the first deck
reinforced with GFRP rebars.  The reinforcement consisted of #15 GFRP rebars tied with
plastic zip ties and supported by individual plastic chairs.  The plastic zip ties were
purchased at a local hardware store.  The components used in the second deck reinforced
with ECS rebars are shown in Figure 3.6 and consisted of #16 ECS rebars, plastic coated
steel ties, and individual epoxy coated steel chairs.

3.2.2  Roger’s  Creek Bridge Deck

After the completion of the later stages of this research study (Chapters 4 and 5 of
this report) it was decided to place GFRP rebars in a region of the top reinforcing mat in
the Roger’s Creek bridge deck.  The bridge is an 11,125 mm simply supported PCI beam
structure with a width of 10,975 mm.  Figure 3.7 shows the region of the top reinforcing
mat, 2735 mm by 4725 mm, where GFRP rebars were placed.  The remainder of the top
mat was reinforced with ECS rebars.

Figure 3.8 shows a photograph of the bridge deck reinforcement.  The lighter area
of the mat close to the center of the bridge, highlighted with dots, is the GFRP rebar area.
ECS rebars in the mat are darker in color.  Information from the mock bridge deck
studies was provided to the contractors prior to the construction of the Roger’s Creek
bridge deck.

During the construction of the Roger’s Creek bridge deck, contractors used runner
chairs, shown in Figure 3.9.  The runner chairs were much longer than the individual
chairs used in the mock bridge deck, shown in Figure 3.6.  Runner chairs were not used
in the mock deck study because plastic runner chairs required for a direct comparison of
reinforcement components could not be obtained.
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Figure 3.4:  Details of the Mock Bridge Deck Reinforcing Schemes



35

Figure 3.5:  Detail of Glass Fiber Reinforced Plastic Reinforcement

Figure 3.6:  Detail of Epoxy Coated Steel Reinforcement
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Figure 3.7:  Plan View of Bridge Deck Showing Location of the GFRP Rebars

Figure 3.8:  Photograph of  Bridge Deck prior to Concrete Placement.  Dots were
Sketched in to Identify the Location of the GFRP Rebars in the Top
Mat
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Figure 3.9: Photograph showing the Epoxy Coated Steel Runner Chairs
Supporting GFRP rebars in the Construction of  the Roger's
Creek Bridge Deck

3.3  FLEXIBILITY

3.3.1  Mock Bridge Decks

In most cases, reinforcing mats are required to support the weight of construction
workers and their equipment during the placement of both reinforcement and concrete.
Flexibility and strength problems were encountered during construction of the GFRP
reinforcing mat due to the flexibility GFRP rebars, individual plastic reinforcing chairs,
and plastic zip ties.

The GFRP rebars were sufficiently strong to support the construction loads.
However, the plastic zip ties and the individual plastic chairs used were not.   The zip ties
would frequently unzip or snap under the construction workers.  To prevent this problem
two ties were required at each tie point, increasing construction time.   The individual
plastic chairs used in the study frequently broke.  Increasing the number of chairs
alleviated the problem somewhat, but they would still break if a construction worker
stepped directly on them.  The GFRP rebars, individual plastic chairs, and the plastic ties
made it difficult for construction workers to maneuver on the reinforcing mat.  No
problems with strength and flexibility were encountered during the construction of the
mock deck reinforced with ECS rebars.
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3.3.2  Roger’s Creek Bridge Deck

In the Roger’s Creek bridge deck, approximately twice as many steel runner
chairs were used in the GFRP area as the ECS reinforced area.  The greater number of
stiffer steel runner chairs in addition to the use of coated steel ties enhanced the stiffness
of the GFRP portion of the mat.  In fact workers did not notice any difference in stiffness
between the GFRP and  ECS portions of the mat.

Based on observations during the construction of the mock bridge decks and the
Roger’s Creek bridge deck, the following is recommended for construction with GFRP
rebar:

1. ECS steel runner chairs are recommended to support the GFRP rebars
2. Approximately twice as many steel runner chairs should be used to support GFRP
    rebars as to support ECS rebars of the same cross section.
3. Plastic coated steel ties are recommended for tying GFRP rebars.

3.4  FLOATATION

The specific gravity of the GFRP rebars, 1.92, is less than the specific gravity of
fresh concrete, 2.4.  Consequently, it is possible that the GFRP rebars could float before
the concrete sets.

Floating of the reinforcement was not observed during construction of the mock
bridge deck reinforced with GFRP.  The slump of the concrete was between 50 mm and
75 mm which is too low to allow free movement of the GFRP rebars.  Floating of the
reinforcement could be an issue if the concrete had a higher slump, as in cases where a
concrete pump is used.

As a second check for rebar floatation, concrete cores were taken from the mock
bridge decks, after the concrete had set, to determine the final vertical location of the
rebars.  Figure 3.10 shows a core being removed from the mock deck reinforced with
GFRP rebars.  An illustration of how the cores were used to determine the vertical
location of the rebars is shown in Figure 3.11.  The measurements from the cores showed
that the vertical location of the GFRP rebars met Kentucky construction specifications,
within +/- 6 mm (Standard Specifications for Road and Bridge Construction 1998).
Therefore, the GFRP rebar mat did not float appreciably.

The GFRP rebars were not observed to float during the Roger’s Creek bridge
deck construction.   GFRP rebars were tied in with the ECS rebars in other regions of the
mat preventing floatation.
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Figure 3. 10:  Concrete Core Removed from the GFRP Reinforced Mock Bridg
     Deck

Figure 3. 11:  Measuring to Determine the Vertical Location of the GFRP Rebars
in the Mock Bridge Deck   (Note: Ruler dimensions are in inches, 1

   inch = 25.4 mm)
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3.5  REBAR DAMAGE DURING CONSTRUCTION

There were concerns that construction mishaps could lead to damage of the GFRP
rebars.  Observations showed that the construction tools, i.e. shovels, vibrators, etc.,
could scratch the outer surface of the rebars, but no major physical damage such as the
loss of surface deformations was encountered during the test.  ECS rebars sustained
similar minor damage from construction tools

Though there was no obvious physical damage, the small scratches on the surface
of the rebars could lead to long term deterioration.  The small scratches removed the
protective coating applied to the rebars during the manufacturing process to prevent
deterioration in harsh environments.

3.6  CONTRACTOR/ENGINEER COMMENTS ON THE ROGER'S
       CREEK BRIDGE DECK

Information recorded during the initial stages of the constructability test
conducted on the mock bridge decks was provided to the contractors prior to placement
of the GFRP rebars in the Roger’s Creek bridge deck.  The contractor was informed of
different chair requirements due to the flexibility of the material and other differences in
ECS and GFRP rebars.

The contractor’s foreman and almost every laborer commented on how much
easier the GFRP rebars were to install compared to conventional ECS rebars.  They
praised the GFRP rebar’s light weight.  Construction workers did not wear gloves to
protect from splinters while handling the GFRP rebars and they did not encounter any
itching or cuts on their hands.

3.7  BRIDGE DECK REPAIR

Although GFRP reinforcement is used to prevent corrosion-related degradation of
bridge decks, long term wear could affect the integrity of the concrete deck regardless of
the type of reinforcement.  Such wear could include truck impact loads, poor quality
concrete, alkali-silica reactivity, etc.  Repair of these problems could include removal of
concrete surrounding the reinforcement.  Two different concrete removal schemes were
evaluated in the constructability assessment; jackhammers and hydro-demolition
equipment.
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3.7.1  Jackhammer

As shown in Figure 3.12, a jackhammer was used to remove concrete from the
mock bridge decks.  Two holes were hammered in the mock bridge deck reinforced with
GFRP.  The first hole was used for practice to acquaint the research technicians with the
equipment.  The second hole, shown in Figure 3.13, was used to record observations.  An
additional hole was hammered into the ECS deck.

In a bridge deck reinforced with ECS rebars a pachometer can be used to detect
the location of the steel reinforcement.  This allows the jackhammer operator to avoid the
rebars from the beginning of the concrete removal process.  A pachometer cannot be used
to determine the location of GFRP rebars in a bridge deck.  Therefore, a jackhammer
operator must find the location of the rebars while removing concrete, often damaging
rebars in the process.

Since GFRP rebars have a low hardness when compared to ECS rebars, caution
was used during the removal of concrete to prevent damage.  As Figure 3.14 shows,
allowing the jackhammer to rest on a GFRP rebar, would easily nick or fully cut through
the rebar.  Care was taken to avoid the rebar as much as possible.  Similarly, allowing the
jackhammer to rest on an ECS rebar would also lead to damage, as shown in Figure 3.15.
However, it takes more time to inflict major damage to ECS rebars than GFRP rebars,
and this allows the jackhammer operator time to locate the rebars and work around them
during the concrete removal process.

Another advantage of repairing an ECS deck over a GFRP deck is that the ECS
rebars can be used as a guide for the jackhammer during concrete removal.  Since the
ECS rebars are hard, the jackhammer operator often wedged the tip of the jackhammer
against the ECS rebar when removing concrete around it.  This did little more to the rebar
than scratch the epoxy coating.  GFRP rebars could not be used as a guide during
concrete removal.  First, the GFRP rebars were not stiff enough to firmly wedge the tip of
the jackhammer.  When the jackhammer was operating, it would shake the rebar and the
jackhammer would slip.  Second, the use of a GFRP rebar as a jackhammer guide
resulted in damage to the rebar, often removing surface deformations.

To minimize the damage to the GFRP rebars, the operator would have to
jackhammer until a rebar in each horizontal direction was found.   Once the rebars were
found, the operator could estimate the location of adjacent rebars based on the
reinforcement spacing if available.  In every test case performed on the mock bridge deck
the operator would inflict damage to the GFRP rebar before realizing that the hammer
was resting on the rebar.  After the first rebar was located the operator was better able to
avoid the other rebars.

It was very difficult for the operator to remove concrete near the surface of the
GFRP rebar.   When the jackhammer would shake, the point of the jackhammer would
slip, changing position.  Often the change in position would move the tip of the
jackhammer directly on the rebar resulting in substantial damage.
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Though damage to the ECS rebars also occurred, in most cases it was limited to
removal of the epoxy coating and small nicks. Figure 3.15 shows the hole hammered into
the mock deck reinforced with ECS rebars.  Most of the damage done to the mock deck
reinforced with ECS rebars could be corrected by applying a new epoxy coating to the
nicked surfaces, assuming that all of the damaged surfaces are easily detected.  The large
cut shown in the Figure 3.15 was the result of intentional damage with the jackhammer to
determine the ECS rebar’s resistance to cutting.

Figure 3. 12:  Hammering Concrete during Repair Feasibility Study.  A GFRP
      Rebar is Exposed near the Hammer Tip.
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Figure 3. 13:  Second Hole Hammered into Mock Bridge Deck Reinforced with
    GFRP Rebars

Figure 3. 14:  Detail of Jackhammer Damage to the GFRP Mock Bridge
           Deck
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Figure 3. 15:  Hole Hammered into Mock Bridge Deck Reinforced with
ECS Rebars

3.7.2  Hydro-Demolition

Figure 3.16 shows a photograph of the hydro-demolition equipment used in the
study.  The equipment consisted of the apparatus that removes the concrete shown in the
foreground and a semi-trailer to produce the required hydraulic pressure.  Water at high
pressure is released under the base of the apparatus breaking up and removing concrete.
During the removal process the water moves sand and gravel around with the water at
high speed.  This acts as an abrasive, removing the epoxy coating from ECS rebars
commonly used in bridge decks.  After the concrete has been removed, the rebar's epoxy
coating must be replaced to provide long term reinforcement protection.

To evaluate the hydro-demolition process as a potential repair solution to bridge
decks reinforced with GFRP, an individual loose GFRP rebar was placed under the
machine while it was in operation.  The abrasive action of the sand and gravel damaged
the GFRP rebar shown in Figure 3.17.   As the figure shows, the hydro-demolition
equipment simply tore the rebar apart.  For this reason hydro-demolition should not be
considered a viable option for the repair of bridge decks reinforced with GFRP rebars.
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Figure 3. 16:  Hydro-Demolition Equipment

Figure 3. 17:  Rebar after being Exposed to the Hydro-Demolition Equipment
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3.7.3  Recommended Repair Procedure

Hydro-demolition is not a viable alternative in the repair of bridge decks
reinforced with GFRP rebars.  Therefore, the use of a jackhammer is required for the
removal of concrete in repair operations.  The following steps can be used as a guide in
the concrete removal procedure:

Step 1. Locate a GFRP rebar in each of the two horizontal directions.  Remove
concrete in thin layers until at least one rebar in each direction is exposed.

Step 2. Using the rebars found in Step 1 as a guide, mark positions of adjacent
 rebars based on the spacing in the bridge plans.

Step 3. Remove the concrete around and underneath the rebars while taking
precautions to avoid resting the tip of the hammer on the GFRP rebars.
During the procedure the operator should avoid using the GFRP rebars as
a guide for the jackhammer because this will remove surface
deformations.

3.8  CONCLUSIONS AND RECOMMENDATIONS

During the constructability assessment, critical issues regarding the construction
of concrete bridge decks with GFRP and ECS rebars were evaluated.  It was found that
direct application of the GFRP rebars in an actual bridge deck required few changes from
conventional construction practice.  The GFRP rebars can adequately support the weight
of construction workers and equipment moving around on the GFRP reinforcing mat.  In
addition, the same reinforcement tying procedures and types of chair supports can be
used with conventional ECS rebars and GFRP rebars.

The constructability test proved that the GFRP rebars could withstand bridge deck
construction.  Results showed that most problems encountered during the construction of
the mock bridge deck reinforced with GFRP rebars were due to the plastic zip ties and the
plastic chairs, rather than the GFRP rebars themselves. Problems with these plastic
components could be overcome by using ECS chairs and ties instead.  ECS ties are also
much quicker and easier to use than the plastic zip ties, saving valuable construction time.
Additional ECS chairs would still be required to reduce the flexibility of the GFRP mat.
Deterioration of the steel ties and chairs due to the application of deicing salts is possible.
However, the chances of full scale deck deterioration are small due to the relatively small
volume of steel in the deck.

Differences in the GFRP rebar mat and conventional ECS rebar mats included the
amount of required chair supports.  In the constructability test, roughly three times as
many individual plastic chair supports were required in the GFRP deck as individual steel
chair supports in the ECS reinforced deck.  Even with the large number of individual
plastic chairs in the GFRP reinforced deck, the flexibility of the GFRP mat was much
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greater than the ECS deck.  During the construction of the Roger’s Creek bridge deck
approximately twice as many steel runner chairs were required to support the regions of
the deck reinforced with GFRP rebars compared to areas reinforced with ECS rebars to
provide the same stiffness.

No problems with floatation of the GFRP rebars in the wet concrete were
observed in this study.  However, floatation could be an issue when using high slump
concrete.

The use of a jackhammer was identified as a viable method for removing concrete
from a deck reinforced with GFRP rebars.  Guidelines for the removal of concrete from a
GFRP reinforced bridge deck were presented in the study (see Section 3.8.3).  It was also
determined that hydro-demolition should not be considered in the removal of concrete
from a GFRP reinforced deck.  Hydro-demolition damages the GFRP rebars during the
concrete removal process.

Another difference in the GFRP and ECS reinforcing mats was the light weight of
the GFRP rebars.  Most of the construction workers on the Roger’s Creek bridge
commented on how much easier GFRP rebars were to place than ECS rebars.  The light
weight of the GFRP rebars reduced fatigue of the workers and sped up construction time.
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4.0  EXPERIMENTAL DECK PANEL TESTING

4.1  INTRODUCTION

Figure 4.1 shows a cross section of a typical bridge deck designed to transfer
vehicle loads from the riding surface to the main support girders of a bridge
superstructure. Typically, bridge decks are designed to transfer loads to main support
girders in a direction transverse to traffic flow.  Twelve concrete deck panels were tested
to evaluate the behavior of bridge decks in the transverse direction reinforced with
different combinations of glass fiber reinforced polymer (GFRP) and epoxy coated steel
(ECS) rebars.

The deck panels were constructed to simulate the two regions of a bridge deck
highlighted in Figure 4.1.  Different deck panel specimens were required to simulate
conditions in these two regions due to different load orientations.

Three different reinforcing schemes were considered in the study.  First, an ECS
reinforcing scheme containing a top and bottom mat of ECS rebars.  Second, a GFRP
reinforcing scheme composed of a top and a bottom mat of GFRP rebars.  Third, a
Hybrid reinforcing scheme reinforced with a top mat of GFRP rebars and a bottom mat of
ECS rebars.

This chapter includes a discussion of the experimental test methods used in the
study and comparisons of recorded data from the different deck panels specimens
including; (1) load versus displacement, (2) moment versus maximum concrete
compressive strain, (3) crack behavior, and (4) failure mode.  Comparisons of the test
results to various analytical predictions and code specifications are provided in Chapter 5.

CL
Top Mat

Reinforcement

Bottom Mat 
Reinforcement

Longitudinal
Reinforcement

Transverse
Reinforcement

Main Support
Girder

Area of Interest

Figure 4. 1: Bridge Deck Cross Section Showing Regions  of Interest
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4.2  DECK PANEL SPECIMEN DESCRIPTION

This section provides details of the deck panels tests, including deck panel
dimensions, reinforcement layouts, and material properties.

4.2.1  Deck Panel Dimensions

Twelve deck panel sections were load tested in the laboratory.  Each deck panel
had the same exterior dimensions shown in Figure 4.2, 2970 mm x 305 mm x 190 mm.
The 2970 mm length of the deck panel was chosen to represent a 2740 mm clear span
length during load testing.  The span length is an average Kentucky main support girder
spacing. Typically, Kentucky bridge decks are constructed with a 205 mm thickness.
However, in design the top 15 mm of the deck is assumed to wear away during the
service life of the bridge resulting in the remaining 190 mm thick deck used in the
laboratory specimens.   The width of the deck panels was selected based on an English
unit width of 1 foot, or 305 mm.

2970 mm

190 mm

305 mm

Figure 4. 2:   Deck Panel Dimensions

4.2.2  Reinforcement Patterns

Figure 4.3 shows the orientation of the reinforcement in the ECS, GFRP, and
Hybrid deck panels tested.  This figure can be compared to Figure 4.1 to relate how the
deck panel reinforcement layouts to an actual bridge deck.  All three types of deck panels
had the same reinforcement spacing in both the transverse and longitudinal directions
shown in Figure 4.4.  This spacing was based on the design of a simply supported
Kentucky bridge deck reinforced with ECS rebars.  The main girder spacing of this
bridge deck corresponded with the 2740 mm span length used in the deck panel load
tests.  Identical reinforcement spacing was used in all specimens to permit a direct
comparison of test results.   It should be noted that the spacing of transverse
reinforcement in an actual bridge deck reinforced with GFRP rebars would be less than a
similar bridge deck reinforced with ECS rebars.  However, Kentucky guidelines
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recommend a minimum center to center spacing of bridge deck reinforcement of 125
mm.

ECS GFRP
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(a) ECS (b) GFRP (c  ) Hybrid
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Figure 4. 3:  Deck Panel Cross Sections
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Though the spacing of reinforcement was the same for all three deck panel types,
the clear cover and reinforcement type varied as shown in Figure 4.5.   The top clear
cover for all of the specimen types was reduced by 15 mm from that of the to account for
the future wearing surface discussed in Section 4.2.1. Four ECS reinforced deck panels
were tested with a top clear cover of 50 mm and a bottom clear cover of 25 mm.  These
clear covers were based on Kentucky specifications.  A larger top clear cover is specified
to slow or prevent reinforcement corrosion related deterioration of the bridge deck.

Three GFRP reinforced deck panels were constructed with a top and bottom clear
cover of 25 mm.  The top clear cover was decreased by 25 mm compared to the ECS
deck panels, since reinforcement corrosion should not be encountered in a bridge deck
reinforced with GFRP rebars.

For the same reason, the 25 mm top clear cover used in the GFRP reinforced deck
panels was used in the five Hybrid reinforced deck panels.  A 25 mm bottom clear cover
was also used in the Hybrid deck panels.

ECS

GFRP

19
0 

m
m

25 mm

25 mm

305 mm

150 mm

GFRP

GFRP

19
0 

m
m

25 mm

25 mm

305 mm

150 mm

ECS

ECS

19
0 

m
m

25 mm

50 mm

305 mm

150 mm

ECS GFRP

Hybrid

#15 GFRP Rebars
#16 ECS Rebars

Figure 4. 5: Deck Panel Cross Sections

4.2.3  Moment Orientations in a Bridge Deck

A bridge deck acts as a continuous beam over the main support girders, as
illustrated in Figure 4.6.  Consequently, some regions of the bridge deck are subjected to
positive moment (between main support girders) while other regions are subjected to
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negative moment (over main support girders).  Both moment orientations were
considered in the deck panel load testing.

Due to differences in cover and reinforcement types, separate ECS and Hybrid
reinforced deck panels were required to simulate the different moment orientations.
Since both clear cover and reinforcement for the GFRP specimens were the same for the
top and bottom mats there was no need to distinguish between positive and negative
moment orientations.  Hereafter, ECS and Hybrid reinforced deck panels are referred to
based on their moment orientation during testing, i.e. negative moment ECS reinforced
deck panels.

CL

Main Support
Girder

Positive Moment
Region Negative Moment

Region

Figure 4. 6:  Moment Orientations in an Actual Bridge Deck

4.2.4  Specimen Labeling

Each deck panel specimen was labeled using a sequence of three characters
denoting the specimen type, moment condition, and specimen number.  The first
character denoted the deck panel type, an "E" for ECS, "F" for GFRP, and "H" for hybrid.
The second character identified the representative moment orientation.  A "P" was used
for a positive (plus) moment, simulating flexural conditions between main support girders
in an actual bridge deck.  An “M” was used for a negative (minus) moment, simulating
flexural loading conditions over main support girders in an actual bridge deck (see
Section 4.2.3).  The third character represented the specimen number.  Table 4.1 shows
the deck panel label, deck panel type, moment orientation, reinforcement geometry, and
reinforcement location for the twelve specimens tested.
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TABLE 4.1  SUMMARY OF DECK PANELS TESTED

Compression
Reinforcement

Tension
ReinforcementDeck

Panel
Label

Panel
Type

Moment
Orientation

Rebars
Clear
Cover
(mm)

 Rebars
Clear
Cover
(mm)

EM2
EM3

ECS Negativea 2 - #16  ECS 25 2 - #16  ECS 50

EP1
EP3

ECS Positiveb 2 - #16  ECS 50 2 - #16  ECS 25

F1
F2
F3

GFRP N. A. 2 - #15 GFRP 25 2 - #15  GFRP 25

HM1
HM2

Hybrid Negativea 2 - #16  ECS 25 2 - #15  GFRP 25

HP1
HP2
HP3

Hybrid Positiveb 2 - #15  GFRP 25 2 - #16  ECS 25

a deck panels were tested to simulate negative moment conditions existing in a bridge
  deck over main support girders (see Section 4.2.3).
b deck panels were tested to simulate positive moment conditions in a bridge deck
  between main support girders (see Section 4.2.3).

4.2.5  Material Properties

Kentucky's standard Class AA concrete bridge deck concrete mix was used in the
construction of the deck panels.  Table 4.2 shows a summary of the mix design taken
from the Kentucky’s Standard Specifications for Road and Bridge Construction (1998).

Two 150 mm x 305 mm concrete cylinders were cast for each deck panel and
tested within a day of the respective deck panel test.  Table 4.3 shows a summary of the
compression test results for each of the deck panel’s cylinders.  As the table shows, there
was a substantial difference in concrete strength between deck panels.  The variation was
due mainly to the length of time required to cast the specimens.  It took the research team
approximately 2 hours to place the concrete.  Cylinders for three of the deck panels, F1,
F3, and HM1, failed to meet the 28-day compressive strength criterion shown in Table
4.2.

Properties for the ECS and GFRP rebars used in the study are presented in Table
4.4 and Figure 4.7.
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TABLE 4.2  CONCRETE MIX DESIGN
(Taken from the Kentucky Standard Specifications for Road and Bridge

Construction (1998))

Class of
Concrete

Approximate Percent
Fine to Total
Aggregate

Maximum
Free Water

28-Day
Compressive
Strength

Slump
Minimum
Cement
Factor

Gravel Stone (kg/kg) (MPa) (mm) (kg/m3)
AA 36 40 0.42 30 50-100 368

TABLE 4.3 CONCRETE CYLINDER COMPRESSION STRENGTHS

Compressive Strength a   (MPa)
Deck Panel Label Cylinder 1 Cylinder 2 Average
EM2 41.97 40.20 41.44
EM3 45.99 46.36 46.17
EP1 41.67 N. A. 41.67
EP3 46.92 45.16  46.03
F1 29.53 27.65 28.59
F2 29.65 30.58  30.11
F3 27.36 26.68 27.02
HP1 46.50 48.80 47.65
HP2 46.38 50.06 48.22
HP3 41.26 44.55 42.91
HM1 28.04 28.41 28.23
HM2 31.34 30.26 30.80
a Concrete Age at time of cylinder tests ranged between 9 and 11 months.

TABLE 4. 4 REBAR PROPERTIES

Diameter
of Rebar

Area of
Rebar

Yield
Strength

Ultimate
Strength

Modulus of
Elasticity

Rebar
Type

(mm) (mm2) (MPa)

Stress
Orientation

(MPa) (MPa)

#16 ECS 16 199 486.9
Tension/
Compression

653.4 196,490

Tension 612 40,045#15
GFRP

15 176 N. A.
Compression 325 42,510
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Stress vs. Strain
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Figure 4. 7: Stress versus Strain Properties of the Rebars Used

4.2.6  Preparation of Deck Panel Specimens

Form-work for the twelve deck panel specimens was constructed with plywood
and timber sections.  Rebars were anchored inside the forms with individual steel chairs
and wire ties.  All twelve specimens and their respective concrete cylinders were cast
with a single load of concrete.  After the concrete was placed, the exposed surfaces of the
specimens and the compressive cylinders were sprayed with a curing compound to
prevent water from evaporating at the surface.  The specimens were then covered with
plastic sheeting.

The deck panel specimens and concrete cylinders were left at the casting site for
approximately one month.  Then they were moved to the laboratory, a distance of
approximately 15 km.  Testing of the deck panels began approximately 9 months after the
concrete was placed. The final specimen was tested about 11 months after the deck
panels were cast.

4.3  DECK PANEL TEST SETUP

4.3.1  Test Frame

Figure 4.8 shows a schematic elevation view of the deck panel test frame whose
photo is shown in Figure 4.9.  The deck panels were loaded upward rather than
downward in the tests to facilitate collection of crack data and to increase safety. Equally 
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spaced four point loading was used to provide a constant moment region between
the load application points.  Dimensions of the test setup were the same for all of the deck
panels except for specimen F1.

A 445 kN hydraulic jack operated with a small electric pump was used to apply
load.  Since the of load was applied under load control, no post ultimate behavior of the
deck panels could be documented.

Load Application
by Hydraulic Cylinder

Spreader Beam

Hold Down Hold Down

Concrete Deck Panel Specimen

a

190 mm

Constant Moment 
Region

aa

a =
710 mm for Deck Panel F1
913 mm for All other Deck Panels{

b = 355 mm for Deck Panel F1
456 mm for All other Deck Panels{

b

Figure 4. 8: Deck Panel Load Test Setup

Figure 4. 9:  Deck Panel Load Test Setup
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4.3.2  Instrumentation and Measurements Recorded

The instrumentation used during the deck panel testing is shown in Figure 4.10.
One load cell, six linear variable displacement transducers (LVDTs), and two strain gages
were used in all of the tests.  Two additional strain gages were used in the test of deck
panel F1.

Figure 4.10 shows the position of the load cell during the deck panel test.  The
load measured was equal to the total load applied by the hydraulic cylinder.  This load
was then divided by the spreader beam into two equal loads applied to the deck panel.
All of the load data presented is based on the total load applied by the hydraulic jack.

Since the supports of the load frame could displace a substantial amount during
testing, displacement measurements were required at the supports in addition to the
midspan. Twisting of the deck panel during the test was also a consideration requiring
two LVDTs at each location. Midspan displacements presented in later discussions were
computed by averaging the displacement of the two midspan LVDTs and subtracting the
average of the four support LVDTs.

Hydraulic Cylinder

Hold Down Hold Down

Concrete Deck Panel SpecimenStrain Gages

Load Cell

Midspan
LVDTs

Spreader 
Beam

Support
LVDTs

Support
LVDTs

ELEVATION

Strain Gages
on Compression 

Face

Support
LVDTs

Support
LVDTs

Midspan
LVDTs

PLAN

Figure 4. 10: `Instrumentation Locations
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4.3.2.1 Strain Measurements

Figure 4.10 shows the location of the strain gages used on the compressive face of
the deck panels.  For the majority of the tests, two reusable strain gages were employed.
Micro-Measurements foil strain gages were used to measure compressive strains during
the testing of  deck panels F1 and F2.

Figure 4.11 shows a reusable strain gage used during the study.   The gages had
an active length of 75 mm equal to approximately four times the maximum concrete
aggregate size of 19 mm.  To prevent the reusable strain gages from being damaged they
were removed at approximately 60% of the predicted deck panel failure load.  Therefore,
no values of concrete compressive strain were recorded by the reusable gages at or near
the ultimate load of the deck panels.

Disposable 100 mm foil strain gages were used in the testing of deck panels F1
and F2.  The active length of these gages was approximately 5 times the maximum
concrete aggregate size.  These were not removed during load testing.
In every case the strain gages, reusable and foil, were applied in pairs.  The data
presented in subsequent sections is the average of the two gages in the respective pair.

Tensile strains were not recorded during the deck panel load tests, since it would
have required mounting gages on the rebars.  Mounting the gage on a rebar and the wires
associated with it would alter the cracking behavior of the deck panel.  Since crack
information was a focus of the study, it was decided to omit rebar tensile strains.

During the deck panel testing, it was observed that the relative distance between
the strain gage and the nearest crack influenced the recorded strains.  This was apparent
when the strain data and the crack mapping information were compared for various load
levels.
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Figure 4. 11:  Reusable Strain Gage

4.3.2.2  Crack Measurements

Crack width and locations were recorded manually during the testing of the deck
panels.   Figure 4.12 shows the grid used to facilitate crack recording during testing of the
specimens tested with a 2740 mm span length.  Grid dimensions were altered slightly
during the test of deck panel F1 with a span length of 2130 mm.

During the testing, load application was halted at the initiation of the first crack.
Crack widths and locations relative to the grid were then measured at the three points
circled in Figure 4.12 for each transverse crack within the grid.  After initiation of the
first crack, load application was halted at several levels (at approximately 5 kN
increments).  This was continued up to a load of approximately 60% of the predicted
ultimate load.  At this point it was considered unsafe to be near the specimens and
measurements were no longer recorded.

Crack widths were measured using the crack comparator shown in Figure 4.13.
Locations of the cracks were measured using a carpenters’ scale with increments to the
nearest 1.5 mm (1/16th inch).
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Hypothetical
Crack

Load Application Points

Elevation

Plan3 Crack Measurement
Locations

Constant Moment
Region

913 mm

152 mm

95 mm

95 mm

913 mm913 mm

Figure 4. 12:  Crack Recording Grid & Measurement Locations

Figure 4. 13:  Crack Comparator used to Measure Crack Widths during the Deck
   Panel Testing
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4.4  DECK PANEL LOAD TEST RESULTS

This section presents the test results for each deck panel type.  Comparisons of
test results between the different deck panels are provided in Section 4.5.  Deck panel test
results include: load versus displacement behavior, moment versus compressive strain
relations, and crack behavior.

4.4.1  Load versus Midspan Displacement

Figure 4.14 shows the load versus midspan displacement results for the two
negative moment (i.e. simulating load conditions over main support girders in an actual
bridge deck, see Section 4.2.3) ECS reinforced deck panels.  Slopes of the two curves are
similar in every region of the plot, but, the values differ by a constant load.  This is also
shown in the numerical data of Table 4.5.  Figure 4.15 shows a similar phenomenon
when comparing the positive moment (i.e. simulating load conditions between main
support girders in an actual bridge deck, see Section 4.2.3) ECS specimens, EP1 and EP3.
As the figures show, the stiffness represented by the slopes of the curve, is the same for
the respective specimen types.   Two possible explanations for the differences in load
could be: (1) a mix up in compressive cylinder information resulting in significant
differences in concrete strength between the two specimens, or (2) an initialization error
of the load cells prior to testing.

Load versus displacement curves for the three GFRP deck panels are shown in
Figure 4.16.  The deck panels were not tested in numerical order.  Deck panel F3 was
tested first, followed by deck panel F2.  Results of the first two deck panels prompted a
change in span length for the final deck panel labeled F1.  The difference in span length
is reflected by a difference in stiffness shown in the figure.

The failure load and behavior of the GFRP specimens could not be predicted with
confidence prior to the testing of specimen F3.  For this reason most of the electronic
measuring equipment (e.g., LVDTs and strain gages) was removed well before failure, at
a load of about 34 kN, to avoid instrument damage.  Note the  termination of the curve in
Figure 4.16.  Since the load cell was not removed, the failure load was recorded and
shown in Table 4.5.

After observing the failure mode of deck panel F3 it was decided that deck panel
F2 could be tested to failure without risk to the instrumentation.  The test results
presented in Figure 4.16 show that the responses of the two deck panels, F3 and F2,
follow each other closely up to the point where the equipment was removed from deck
panel F3.

Specimens F3 and F2 failed between an active load point and a support in a shear-
flexure region of the deck panel.  The load was less than predicted by ACI 318M-95
relations for shear and flexural failure.  To determine what affect the span length had on
ultimate strength of the GFRP panels, the span length of deck panel F1 was reduced from
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2740 mm to 2130 mm.  The change in span length is reflected in the load displacement
plot by the difference in slope and the displacement at failure.  The failure results for
these deck panels are discussed in Section 4.5.6.

The load versus displacement plots for the negative moment Hybrid deck panels
tested are shown in Figure 4.17.  During the testing of deck panel HM2 a LVDT plunger
was prevented from moving resulting in a region of erroneous data. The data that should
be disregarded is circled in the figure.  At approximately 50 kN the LVDT obstruction
was removed.  Data after the circled region is still considered accurate.  Except for the
circled region of curve HM2, the two Hybrid deck panels show good correlation.

Results of the positive moment Hybrid deck panels are shown in Figure 4.18.  The
test results show good correlation.  The curve paths follow closely up to near failure,
where some differences occur. The figure also shows the hysteresis exhibited during the
unloading of deck panel HP3.

TABLE 4.5  SUMMARY OF DECK PANEL SPECIMENS LOAD VERSUS
DISPLACEMENT BEHAVIOR

Panel Reinforcement
Cracking
Load, P

Ultimate
Load, P

Displacement @
Corresponding Load
Cracking Ultimate

Deck
Panel
Label

Rebars in
Compression

Rebars in
Tension (kN) (kN)

(mm) (mm)
EM2 2 #16 ECS 2 #16 ECS 25.09 64.94 1.50 61.47
EM3 2 #16 ECS 2 #16 ECS 17.14 55.42 1.14 59.69
EP1 2 #16 ECS 2 #16 ECS 24.36 80.96 1.78 55.37
EP3 2 #16 ECS 2 #16 ECS 20.12 73.35 2.00 53.32
F1 2 #15 GFRP 2 #15 GFRP 21.71 53.56 1.68 37.34
F2 2 #15 GFRP 2 #15 GFRP 21.18 56.58 1.16 80.01
F3 2 #15 GFRP 2 #15 GFRP 19.46 58.36 1.30 N. A.
HM1 2 #16 ECS 2 #15 GFRP 19.59 57.07 2.64 79.50
HM2 2 #16 ECS 2 #15 GFRP 20.85 55.20 1.56 82.04
HP1 2 #15 GFRP 2 #16 ECS 20.12 80.00 0.99 83.57
HP2 2 #15 GFRP 2 #16 ECS 21.91 77.44 1.00 58.42
HP3 2 #15 GFRP 2 #16 ECS 24.62 77.88 1.44 19.81
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Load vs. Midspan Displacement
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Figure 4. 14:  Load versus Midspan Displacement for the Negative Moment ECS
   Reinforced Deck Panels
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Load vs. Midspan Displacement
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Figure 4. 16:  Load versus Midspan Displacement for the GFRP Reinforced Panels
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Load vs. Midspan Displacement
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Figure 4. 18:  Load versus Midspan Displacement for the Positive
     Moment Hybrid Reinforced Deck Panels

4.4.2  Moment versus Maximum Compressive Strain in Concrete

Figures 4.19 through 4.24 show the moment versus maximum compressive strain
results for the deck panels grouped by panel type.  As mentioned in Section 4.3.2.1,
termination of the moment versus compressive strain plots does not represent failure
except in specific cases discussed subsequently.

Moment versus maximum compressive strain behavior for the two negative
moment ECS deck panels, EM2 and EM3, is shown in Figure 4.19.  Tests of the two deck
panels do not correlate well.  This was most likely due to differences in concrete strength
shown in Table 4.3 or the location of cracks relative to the strain gages or a combination
of the two (See Section 4.3.2.1).

Figure 4.20 shows the maximum compressive strain behavior of the two positive
moment ECS reinforced deck panels.  The plot correlates well between the specimens up
to a moment of approximately 17,500 kN-mm.  At that point, the EP1 curve shows a
sudden reduction.  This was most likely the result of either a crack forming at the gage
location a slip in the glue attaching a strain gage to the specimen or a combination of
both.

Figure 4.21 shows moment versus maximum compressive strain in the concrete
for deck panel F1.  Since the span length of deck panel F1 was less than the span length
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of deck panels F2 and F3, it is presented separately.  A total of four strain gages were
used during the test of deck panel F1, two reusable and two foil gages.  The respective
strain gage results were averaged and presented as two curves on the plot in Figure 4.21.
The two curves show good agreement up to the cracking load where they diverge
slightly, most likely due to the relative distance between the nearest crack to the strain
gages.  For this specimen, the foil strain gages recorded strain up to failure of the deck
panel.

Results for deck panels F2 and F3 are shown in Figure 4.22.  Data was collected
for deck panel F2 using foil strain gages.  The gages recorded the compressive strain of
the specimen up to a moment of approximately 21,800 kN-mm when the voltage of the
strain gage surpassed the measuring capacity of the data acquisition equipment.
Therefore, the termination of the F2 curve does not represent the conditions at deck panel
failure.  Reusable strain gages were used in the test of deck panel F3 and were removed at
a moment of approximately 12,800 kN-mm.   Curves for deck panels F2 and F3 do not
show good agreement due to differences  in the relative distance between the strain gages
and nearest crack locations.

Moment versus maximum compressive concrete strain for the negative moment
Hybrid deck panels is shown in Figure 4.23.  The curves follow each other closely up to
the point where the strain gages were removed.
Results for the positive moment Hybrid deck panels are shown in Figure 4.24.  All three
deck panels show good agreement with the exception of the jump in deck panel HP2
strain at a moment of approximately 17,600 kN-mm.  The jump was the result of a slip in
the glue attaching the reusable strain gage to the deck panel.
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Moment vs. Compressive Strain
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Figure 4. 19: Moment versus Maximum Compressive Strain in Concrete for the
   Negative Moment ECS Reinforced Deck Panels
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Figure 4. 20:  Moment versus Maximum Compressive Strain in Concrete for the
    Positive Moment ECS Reinforced Deck Panels
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Figure 4. 21: Moment versus Maximum Compressive Strain in Concrete for the
   GFRP Reinforced Deck Panel F1
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Figure 4. 22:  Moment versus Maximum Compressive Strain in Concrete for the
    GFRP Reinforced Panels F2 & F3
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Figure 4. 23: Moment versus Maximum Compressive Strain in Concrete for the
   Negative Moment Hybrid Deck Panels

Moment vs. Compressive Strain

0

2500

5000

7500

10000

12500

15000

17500

20000

22500

25000

0 100 200 300 400 500 600 700 800 900

Compressive Strain (micro-strain)

M
om

en
t (

kN
-m

m
)

HP2 HP3HP1

P/2 P/2

L o a d  C o n f i g u r a t i o n

Strain Gage Position

9 1 3  m m9 1 3  m m 9 1 3  m m

Identifies First Observed Cracking Point

Figure 4. 24:  Moment versus Maximum Compressive Strain in Concrete for the
    Positive Moment Hybrid Deck Panels
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4.4.3  Maximum Crack Widths

Using the crack information taken during the load tests (see Section 4.3.2.2 for
details of the data gathering techniques) maximum and average crack widths at each load
point were determined.  The final crack widths were recorded at approximately 60% of
the deck panels predicted ultimate load.  After this load, it was considered unsafe to be
near the test specimen.

Both ACI and AASHTO specifications limit maximum crack widths.  Therefore
these are presented here rather than average crack widths.  A comparison of maximum
and average crack width results for specimens EP1 and F2 is shown in Figure 4.25.  This
plot can be considered representative of all the deck panel specimens.  Appendix A
includes moment versus average crack width at each load level for all of the specimens
tested.

Results for both the positive and negative moment ECS reinforced deck panels are
shown in Figure 4.26.  The plot shows that in general, the negative moment deck panels
had a greater maximum crack width than the positive moment deck panels for a given
load.  This was due to the difference in reinforcement clear cover shown in Table 4.1.
Figure 4.27 shows the moment versus maximum crack width data for the all GFRP
reinforced deck panels.  As shown in Figure 4.8, the span length during the test of deck
panel F1 was reduced from 2740 mm used in the other deck panel tests to 2130 mm.
Deck panel F1 had a smaller maximum crack width at a given load than the other two
GFRP reinforced deck panels, however, the difference was less than that between the
other two.  Based on these test results, the maximum crack width for deck panels of this
type is a function of the applied moment.

Results for the hybrid deck panels are shown in Figure 4.28.  The maximum crack
widths for the negative moment deck panels are greater than those of the positive moment
deck panels for a given moment.  This was due to the different top and bottom mat rebar
types for two specimens shown in Table 4.7.

In several instances, the measured maximum crack width measured did not
increase with an increase in moment.  This phenomenon was observed in deck panels,
EP1, HP1, and HP2, and is circled in Figures 4.26 and 4.28.  The formation of new,
smaller, cracks was observed in those regions of the deck panels near the largest
maximum crack width.
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TABLE 4.6 SUMMARY OF MAXIMUM CRACK WIDTH DATA

Reinforcement
First Crack
Measurement

Final Crack*

Measurement

Moment
Max.
Crack
Width

Moment
Max.
Crack
Width

Deck
Panel
Label Compression Tension

(kN-mm) (mm) (kN-mm) (mm)
EM2 2 #16 ECS 2 #16 ECS 11,592 0.1270 20,336 0.5080
EM3 2 #16 ECS 2 #16 ECS 8134 0.1778 20,336 0.7620
EP1 2 #16 ECS 2 #16 ECS 9151 0.0508 23,387 0.4064
EP3 2 #16 ECS 2 #16 ECS 9151 0.0762 20,336 0.4064
F1 2 #15 GFRP 2 #15 GFRP 9964 0.2286 15,252 0.8890
F2 2 #15 GFRP 2 #15 GFRP 9660 0.1778 15,252 1.2700
F3 2 #15 GFRP 2 #15 GFRP 8541 0.2286 15,252 1.2700
HM1 2 #16 ECS 2 #15 GFRP 9151 0.25 12,800 1.00
HM2 2 #16 ECS 2 #15 GFRP 9600 0.20 14,200 1.50
HP1 2 #15 GFRP 2 #16 ECS 10,000 0.05 21,400 0.2286
HP2 2 #15 GFRP 2 #16 ECS 11,400 0.05 21,400 0.2286
HP3 2 #15 GFRP 2 #16 ECS 10,200 0.05 22,600 0.2286
* Final Crack Width was measured at approximately 60% of the predicted ultimate load
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Figure 4. 25: Moment versus Crack Width Illustrating Maximum and Average
    Crack Width Results for Deck Panels EP1 and F2



72

Moment vs. Maximum Crack Width
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Figure 4. 26: Moment versus Maximum Crack Width for the
       ECS Reinforced Deck Panels
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Moment vs. Maximum Crack Width
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Figure 4. 28:  Moment versus Maximum Crack Width for the Hybrid
 Reinforced Deck Panels

4.5  DECK PANEL LOAD TEST RESULTS (COMPARISON OF
       DECK PANEL TYPES)

Comparisons of results for the different deck panel types discussed in this section
include: Load versus displacement, moment versus maximum compressive concrete
strain, crack behavior, and failure mode.  Results are grouped by moment orientation, i.e.
positive and negative moment deck panel specimens (see Section 4.3.2.1).

4.5.1  Load versus Displacement

Results of three deck panels representing regions of the bridge deck under
negative moment (regions above main support girders, see Section 4.3.2.1) are shown in
Figure 4.29.  Deck panels EM3, F2, and HM1 were selected as representative of the
negative moment ECS, GFRP, and Hybrid deck panels respectively.  Numerical results
and reinforcement information for the deck panels is presented in Table 4.7.

All three specimens follow the same load versus displacement path up to the
cracking load.    After the cracking load, the plots for deck panels HM1 and F2 remain
essentially collinear up to the ultimate load.  Both of these specimens had similar GFRP
tensile reinforcement.
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Since deck panel EM3 has ECS tensile reinforcement, its load versus
displacement behavior was different than deck panels HM1 and F2 with GFRP tensile
reinforcement. After cracking, the curve for deck panel EM3 has a much greater slope,
indicating a larger stiffness than deck panels HM1 and F2.  At a load of approximately 48
kN, the ECS rebars in tension yielded resulting in a sudden decrease in the slope of the
load displacement curve.  After yielding the load resisted by deck panel EM3 continued
to increase due inelastic behavior up to the ultimate load.

Results for the deck panels representing regions of a bridge deck under positive
moment (regions between main support girders, see Section 4.3.2.1) are presented in
Figure 4.30.  Deck panels EP1, F2, and HP1 were selected as representative of the ECS,
GFRP, and Hybrid deck panels respectively.  As Figure 4.30 shows, the deck panels had
the same load versus displacement behavior up until the cracking load.  After the
cracking load, deck panels EP1 and HP1 with ECS tensile reinforcement continued to
follow a similar path exhibiting apparent yielding of the tensile reinforcement followed
by inelastic behavior of the specimen.  Differences in the displacements of deck panels
EP1 and HP1 can be attributed to the differences in compression reinforcement type.  The
ECS compression reinforcement in deck panel EP1 results in a larger ductility (i.e. area
under the load-displacement curve) than the GFRP compression reinforcement in deck
panel HP1.

After cracking, the load versus displacement curve of deck panel F2 follows a
smaller slope than curves of deck panels EP1 and HP1 due to differences in tensile
reinforcement.  Since ECS rebars have a modulus equal to approximately five times the
GFRP rebar modulus, deck panels EP1 and HP1 had a greater stiffness (i.e. slope in
Figure 4.30) than deck panel F2.

Results showed that the overall load versus displacement behavior of the deck
panels was determined by the type of tensile reinforcement.  Compression reinforcement
had a negligible affect on the stiffness and ultimate loads of the deck panels.
Compression reinforcement did have an effect on the post yield behavior of the deck
panels, but only in the case of the deck panels with ECS tensile reinforcement.
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TABLE 4.7 DECK PANEL SPECIMENS LOAD VERSUS DISPLACEMENT
BEHAVIOR

Rebars in: Load, P
Displacement @
Corresponding Load

Cracking Ultimate Cracking Ultimate

 Deck
Panel
Label Compression Tension

(kN) (kN) (mm) (mm)
EM3 2 #16 ECS 2 #16 ECS 17.14 55.42 1.14 59.69
EP1 2 #16 ECS 2 #16 ECS 24.36 80.96 1.78 55.37
F2 2 #16 GFRP 2 #16 GFRP 21.18 56.58 1.16 80.01
HM1 2 #16 ECS 2 #16 GFRP 19.59 57.07 2.64 79.50
HP1 2 #16 GFRP 2 #16 ECS 20.12 80.00 0.99 83.566
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Load vs. Displacement
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Figure 4. 30: Load versus Displacement for Positive Moment Deck Panels

4.5.2  Moment versus Maximum Compressive Strain in the Concrete

The nature of the strain readings (see Section 4.3.2.1) made it difficult to draw
specific conclusions from the test results.  Observations showed that the strain data were
greatly influenced by the locations of cracks relative to the strain gage during testing.
None of the results presented in this section reflects the maximum concrete compressive
strain at failure.  In the ECS and Hybrid reinforced deck panel tests the strain gages were
removed prior to failure to prevent damage.  In the GFRP reinforced deck panel tests the
disposable foil gages passed the limits of the data acquisition equipment prior to failure.

Moment versus maximum compressive strain (i.e. strain at the compression face)
results for the negative moment specimens are shown in Figure 4.31.   Deck panels EM3,
F2, and HM1 were selected as representative of the ECS, GFRP, and Hybrid reinforced
deck panels respectively.  Curves for deck panels HM1 and EM3 are similar up until the
removal of the HM1 strain gages.  Since these specimens have different tensile
reinforcement (see Table 4.8), the behavior of the two deck panels should be significantly
different.  However, after examining crack locations recorded, it was found that no cracks
formed near the strain gages on deck panel HM1 resulting in an exaggerated stiffness for
the deck panel.  This is characterized by the small difference in slope of the HM1 curve
after the cracking load.  The curve for the GFRP reinforced deck panel F2 has a much
lower slope than curves for deck panels HM1 and EM3.  This was due to the exaggerated
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stiffness of deck panel HM1, discussed previously, and the ECS tensile reinforcement in
deck panel EM3.

Figure 4.32 shows the moment versus maximum compressive strain in the
concrete for deck panels EP3, F2, and HP1 representing the ECS, GFRP, and Hybrid
deck panels respectively. Curves HP1 and EP3 follow each other closely both before and
after cracking because both specimens had the same tensile reinforcement as shown in
Table 4.8.  The small differences in the curve paths could be attributed to either the
differences in compression reinforcement or relative distances between cracks and the
strain gages.  Deck panel F2 had a lower stiffness, and smaller slope of curve, than
specimens HP1 and EP3 due to differences in tensile reinforcement (see Table 4.7).
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Figure 4. 32: Moment versus Maximum Compressive Strain for the Positive
       Moment Deck Panels

4.5.3  Moment versus Maximum Crack Width

Crack width data for each deck panel type are grouped together for discussion in
this section.  Figures 4.33 and 4.34 show the moment versus maximum crack width
results for the different deck panel types along with lines representing the least squares
linear regression results of the data.

Figure 4.33 shows the moment versus maximum crack width test results for the
negative moment deck panels. As the figure shows, the behavior of the GFRP and Hybrid
deck panels was similar, and quite different from that of the ECS deck panels.  This is
due to the type of tensile reinforcement present in the different deck panels specimens.
The GFRP and Hybrid reinforced deck panels have GFRP tensile reinforcement while the
ECS deck panels have ECS tensile reinforcement.  Since the ECS rebar’s stiffness was
approximately five times greater than the GFRP rebar’s, the maximum crack width in the
ECS deck panels was much less than that of the GFRP and Hybrid deck panels at a given
moment.

Figure 4.33 also shows that the crack widths for the Hybrid reinforced deck
panels were greater overall than those of the GFRP reinforced deck panels at a given
moment.  This is because of the difference in compression reinforcement (see Table 4.7).
Since the Hybrid reinforcement had stiffer ECS rebars as compression reinforcement, the
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neutral axis of the deck panels was shifted away from the tensile face of the deck panels.
This resulted in larger crack openings on the tensile face of the Hybrid deck panels.

Figure 4.34 shows the moment versus maximum crack width results for the
positive moment deck panels.  Maximum crack widths at a given moment for the ECS
and Hybrid specimens were similar and much smaller compared to the GFRP deck
panels.

In general, at a given applied moment, maximum crack widths for the Hybrid
reinforced deck panels were smaller than those of the ECS reinforced deck panels.  This
again was most likely due to a difference in compression reinforcement (see Table 4.7).
The ECS reinforced specimens had stiffer ECS rebars as compression reinforcement
shifting the neutral axis of the specimens away from the tensile face of the deck panel.
This resulted in larger crack widths for the ECS deck panels at a given moment.
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Figure 4. 34: Moment versus Maximum Crack Width for the Positive Moment
    Deck Panels

4.5.4  Average Crack Spacing

The chart in Figure 4.35 shows the average crack spacing at a deck panel moment
of 14,200 kN-mm.   For some deck panels, crack measurements were not taken at this
particular moment level and an interpolated value was used.  Data for deck panels HM1,
F1, and F3 are not shown because crack measurements were halted prior to a moment of
14,200 kN-mm.
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4.5.5  Crack Patterns

Figures 4.36 and 4.37 show the crack patterns observed for deck panels F2 and
HP1 at approximately 60% of the respective failure loads.  Crack formation was mainly
dictated by the type of tensile reinforcement used in the deck panels.  Therefore, deck
panel F2 can be considered representative of all the deck panels with GFRP tensile
reinforcement shown in Table 4.7.  Deck panel HP1 can be considered representative of
all the deck panels with ECS tensile reinforcement.

One difference in the crack patterns of Figures 4.36 and 4.37 is shown in the plan
view.  Many transverse cracks that do not cross the entire deck panel section can be seen
for deck panel F2 that are not apparent in deck panel HP1.  The cracks occurred in
locations above the main reinforcement.
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Figure 4. 36:  Crack Pattern for Deck Panel F2 at Approximately 60% of the
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Elevation View

913 mm 913 mm 913 mm

Load Application Points

Plan View

Elevation View (Inverted) 

Load Application Points
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4.5.6  Failure Mode

Two different failure modes were observed in the deck panel testing and are
shown in Figures 4.38 and 4.39.  The failure modes were dictated by the type of tensile
reinforcement.  First, the shear-diagonal tension failure shown in Figure 4.38 was
observed for all of the deck panels with GFRP tensile reinforcement as summarized in
Table 4.9.  Though the specimens did display ductility in the form of large displacements
and wide flexural cracks.  The diagonal failure crack shown in Figure 4.38 began forming
approximately 5 kN prior to failure, or at approximately 90% of the failure load for these
specimen types.

The flexural failure shown in Figure 4.39 occurred in all of the deck panels with
ECS tensile reinforcement (see Table 4.8).  This failure was characterized by yielding of
the ECS tensile reinforcement followed by a compressive failure of the concrete.
Ductility was apparent in this failure mode due to the apparent yielding of the ECS rebars
and inelastic post yield behavior of the specimen.  The yielding provided an easily
identifiable warning of deck panel failure.

Table 4.8 shows good agreement in ultimate loads for the different deck panel
types.  The reduced span length used in the testing of deck panel F1 did nothing to
increase the load carrying capacity of the deck panel.  Based on the results of this study,
it can be concluded that the failure is controlled by shear alone.  Any effect of flexure
appears to be negligible.

All of the negative moment deck panels had approximately the same ultimate load
regardless of reinforcement type or orientation.

For the positive moment deck panels the ECS and Hybrid reinforced deck panels
had approximately the same ultimate loads.  However, there was a significant difference
in the ultimate loads for the ECS and GFRP reinforced deck panels.  On average, the
GFRP reinforced deck panel ultimate load was approximately 70% of the ECS reinforced
deck panel ultimate load.
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4.6  SUMMARY & CONCLUSIONS

The objective of this chapter was a to determine if GFRP rebars were a potential
alternative to conventional ECS rebars as concrete bridge deck reinforcement.  To
achieve this objective twelve doubly reinforced deck panels were constructed and tested
under four point loading.  Eleven of the deck panels were load tested with a span length
of 2740 mm.  The final deck panel, F1, was tested with a reduced span length of 2130
mm.

Three different reinforcement schemes were studied, an ECS configuration, a
GFRP configuration, and a Hybrid configuration reinforced with a combination of ECS
and GFRP rebars.  Details of the reinforcement schemes used in the twelve panels tested
are provided in Table 4.1.  Both positive (regions between main support girders) and
negative (regions above main support girders) moment orientations existing in the
transverse direction in an actual bridge deck were considered in the study.  During deck
panel testing, the following were observed: load versus displacement, moment versus
maximum concrete compressive strain, cracking behavior, and failure mode of the deck
panels.

TABLE 4.8 SUMMARY OF FAILURE MODES

Rebars in:
Ultimate
LoadDeck

Panel
Label

Compression Tension
Failure Mode

(kN)

EM2 2 #16 ECS 2 #16 ECS Flexure 64.94
EM3 2 #16 ECS 2 #16 ECS Flexure 55.42
EP1 2 #16 ECS 2 #16 ECS Flexure 80.96
EP3 2 #16 ECS 2 #16 ECS Flexure 73.35
F1 2 #15 GFRP 2 #15 GFRP Shear – Diagonal Tension 53.56
F2 2 #15 GFRP 2 #15 GFRP Shear – Diagonal Tension 56.58
F3 2 #15 GFRP 2 #15 GFRP Shear – Diagonal Tension 58.36
HM1 2 #16 ECS 2 #15 GFRP Shear – Diagonal Tension 57.07
HM2 2 #16 ECS 2 #15 GFRP Shear – Diagonal Tension 55.20
HP1 2 #15 GFRP 2 #16 ECS Flexure 80.00
HP2 2 #15 GFRP 2 #16 ECS Flexure 77.44
HP3 2 #15 GFRP 2 #16 ECS Flexure 77.88
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Figure 4. 38:   Shear – Diagonal Tension Failure of Deck Panels with GFRP Tensile
  Reinforcement

Figure 4. 39: Flexural Failure of Deck Panels with ECS Tensile
Reinforcement

Concrete
Compressive
Failure

Shear-Diagonal
Tension Failure Crack
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Overall, the results showed that the type of tensile reinforcement governed the
ultimate load, load versus displacement at service levels (i.e. prior to yielding), moment
versus maximum concrete compressive strain, and failure mode of the deck panels.  The
type of compressive reinforcement had negligible effect on these parameters.  However,
compression reinforcement did have a limited effect on the maximum crack widths
recorded and a significant effect on the ductility of the deck panels reinforced with ECS
tensile reinforcement.

During testing, all of the deck panels exhibited the same load versus displacement
and moment versus strain characteristics prior to cracking.  After cracking, deck panels
with ECS tensile reinforcement had a greater stiffness than the deck panels with GFRP
tensile reinforcement.  The deck panels with GFRP tensile reinforcement had much
greater displacements, strains, and crack widths at a given load than the ECS tensile
reinforced deck panels.

All of the deck panels had similar crack patterns and spacing (but not crack
widths) until near ultimate load levels were achieved.  At those levels, small cracks
transverse to the main reinforcement began forming on the GFRP tensile reinforced deck
panels.  These cracks formed in locations away from the final catastrophic failure crack.
Therefore, the small transverse cracks did not result in the final catastrophic failure of the
deck panels.

Two failure modes were observed in the testing of deck panels.  First, all of the
ECS tensile reinforced deck panels failed in the constant moment region between the
active load points.  The deck panels exhibited ductility, providing adequate warning
through apparent yielding prior to the final compressive failure of the concrete.  Second,
all of the deck panels with GFRP tensile reinforced failed between the active load point
and support in a region of high shear and flexure.  The failure was ductile in nature
providing warning of failure with large crack widths and displacements. The final failure
cracks shown in Figure 4.38 did not form until approximately 90% of the ultimate load.

Results showed that all the negative moment deck panels failed at approximately
the same ultimate load regardless of the reinforcing scheme.  It can be concluded that the
negative moment ECS, GFRP, and Hybrid deck panels can provide the same load
resistance. For the positive moment deck panels, the ECS and Hybrid reinforced deck
panels failed at approximately the same load.  However, on average, the ultimate load of
the GFRP reinforced deck panels was approximately 70% of the ECS reinforced deck
panels.

The reduced span length of the GFRP reinforced deck panel, specimen F1,
increased the stiffness of the deck panel significantly.  However, the reduction in span
length had little or no effect on the maximum crack widths and failure loads observed.
Based on the limited experimental results herein, it can be concluded that the failure
observed in the GFRP reinforced deck panels was governed by shear for the span lengths
tested, since altering the span length had negligible affect on the ultimate strength.
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5.0  DECK PANEL THEORETICAL CORRELATION

5.1  INTRODUCTION

To evaluate the behavior of concrete bridge decks reinforced with GFRP and ECS
rebars, twelve reinforced concrete deck panels were constructed and tested.  The
following three reinforcement schemes were examined in the study:  (1) an ECS
reinforced concrete deck panel representing conventional bridge deck construction, (2) a
GFRP reinforced deck panel, and (3) a hybrid reinforcing scheme with a top mat of
GFRP and a bottom mat of ECS reinforcement.

The deck panels were constructed to simulate bridge deck load conditions.  An
actual bridge deck transfers vehicle load to the main support girders in the transverse
direction through one-way action, as illustrated in Figure 5.1.  The deck panels simulate a
transverse unit width of deck.

This chapter has two main objectives.  First, to determine if the experimental
results from the deck panel tests meet design requirements of the American Association
of State Highway and Transportation Officials (AASHTO 1996) and the American
Concrete Institute (ACI-318M-95).  Second, to determine if the experimental results can
be predicted adequately using various available theoretical methods.

Ultimate loads of the deck panels are compared to design load specifications
provided in AASHTO (1996).  Results of the comparison determine if the deck panels
with the different reinforcing schemes can withstand necessary load levels and provide
adequate factors of safety.   In addition, ACI-318M-95 specifications and various other
models are compared to the observed experimental failure loads.

Experimental displacements at service loads are compared to code provisions
limiting displacements.  Theoretical models are used to determine if the load versus
displacement behavior of the deck panels could be adequately predicted.

Maximum crack widths at service load, observed during the tests, are compared to
AASHTO and ACI specifications for limiting crack widths.  In addition, three published
theoretical models for predicting maximum crack widths are compared to the
experimental results.
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Figure 5. 1:   Bridge Superstructure Cross Section

5.2  CONCRETE REINFORCED WITH GFRP VERSUS ECS
        REBARS

The most obvious difference between concrete reinforced with GFRP rebars and
that reinforced with ECS rebars is due to the difference in Young’s modulus of the two
rebar types.  Young’s modulus of ECS rebars is approximately five times greater than
that of the GFRP rebars used in this study.  This difference directly affects the behavior
of reinforced concrete deck panels in flexure, shear, displacement, and crack formation.

 The flexural behavior of the deck panels is influenced by the difference in
Young’s modulus of the rebar types.  Figure 5.2 shows qualitative strain diagrams for two
reinforced concrete beams with the same geometry under the same applied moment.  The
first beam is reinforced with ECS rebars, while the second is reinforced with GFRP
rebars.  One difference in the diagrams is the larger strain required in the GFRP rebars
than in the ECS rebars to resist the same moment.

Another difference is the reduction in depth of concrete in compression, kd.  As
Figure 5.2 shows, the larger strain in the GFRP rebars than in the ECS rebars at a given
moment results in a smaller distance from the neutral axis to the compression face.
Figure 5.3 illustrates the difference in compression region depth versus moment for two
of the deck panels tested, GFRP reinforced specimen F2, and ECS reinforced specimen,
EP1 (see Table 5.1). After cracking the neutral axis depth of the GFRP reinforced
specimen is approximately ½ that of the ECS reinforced specimen.
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Figure 5. 2:  Qualitative Strain Compatibility for Concrete Reinforced with ECS
  and GFRP rebars at the Same Applied Moment
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Figure 5. 3: Theoretical Compressive Depth versus Moment for ECS and GFRP
   Reinforced Concrete Deck Panels

            These differences in curvature, depth of compression block, and increase in
concrete strains can result in a large reduction in shear strength of concrete sections
reinforced with GFRP rebars instead of ECS rebars.  Figure 5.4, from MacGregor (1992),
illustrates the mechanisms that resist shear forces after a combined flexure and shear
crack has formed.  First, the section resists shear in the region of concrete still in
compression, represented by Vcz.  Second, there is dowel action, Vd, which depends
greatly on the flexural stiffness of the rebar.  Third, the vertical component of the
aggregate interlock, Vay, also provides a significant amount of shear resistance.  In fact,
dowel action and aggregate interlock can resist as much as 40% to 60% of the total shear
in conventional steel reinforced concrete deck panels (MacGregor 1992).  Other forces
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existing in the sketch result from flexure, including tensile forces in the rebar T2 and the
compressive force in the concrete C1.

In GFRP reinforced flexural members, all of these shear transfer mechanisms are
reduced significantly compared to an ECS reinforced member.  First, as illustrated in
Figure 5.2, the amount of concrete above the neutral axis, still in compression, is reduced
greatly due to larger strains existing in the GFRP rebars reducing Vcz.  Second, the larger
tensile strain in the GFRP rebars and larger curvature, decrease the amount of shear that
can be resisted by aggregate interlock due to large crack widths reducing Vay.  Third, the
flexural stiffness of the GFRP rebar is small compared to that of a steel rebar, thereby
inhibiting dowel action and so reducing Vd.  These reductions in the shear resistance
components result in a significant decrease in shear strength of a GFRP reinforced deck
panel overall.  This is evidenced in the results presented in this study.  Concrete deck
panels with GFRP rebars failed in shear at approximately 60% of the shear failure
predicted by ACI equations for conventional steel reinforced concrete.

C1

V a

T2

Vd

V cz

V ay

V ax

Reaction

Figure 5. 4:  Shear Resisting Mechanisms in a Reinforced Concrete Deck Panel
   (Adapted from MacGregor (1992))

Displacements of GFRP reinforced concrete members are also significantly
greater than ECS reinforced concrete members due to difference in curvature of GFRP
reinforced deck panels.  Figure 5.5 qualitatively illustrates this difference showing
sections used to compute the cracked moment of inertia for an equivalent ECS and a
GFRP reinforced deck panel at the AASHTO service moment.  The area of the deck
panel under compression is greatly reduced, by a factor of 2, as illustrated in Figure 5.2.
This greatly reduces the moment of inertia of the panel section.  The reduction is
compounded by the difference in Young’s modulus of the reinforcement. These two
differences resulted in a cracked section moment of inertia for an ECS reinforced
specimen that is 4.3 times greater than that of an equivalent GFRP reinforced specimen.
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Figure 5.5:  Qualitative Cracked Transformed Sections

Crack widths of the GFRP specimens are also greater than those of an equivalent
ECS reinforced specimens.  Crack widths are influenced by many parameters, such as
bond quality of rebar, depth of cover, effective area of concrete surrounding the rebar,
etc.  However, stress in the rebar was found to be the greatest variable by Gergely and
Lutz (1968).  Gergely and Lutz’s derivation was based on steel reinforced specimens.
Since GFRP reinforced rebars have a different modulus of elasticity, the measure of
strain would be more appropriate when comparing specimens with the two reinforcement
types.  Crack widths are directly related to reinforcement strain; therefore the larger
strains present in a GFRP reinforced member would result in larger cracks than in an
equivalent ECS reinforced member.

5.3  REVIEW OF EXPERIMENTAL PROCEDURE

A review of the testing parameters is provided in this section.  For a more detailed
discussion, refer to Section 4.2 of Chapter 4.

5.3.1  Deck Panel Geometry

Twelve 2970 mm x 305 mm x 190 mm deck panels were constructed to study the
behavior of concrete bridge decks reinforced with ECS and GFRP rebars under load. The
length of the deck panels was selected to accommodate a span length of 2740 mm during
testing.  This was considered an average Kentucky main support girder spacing.
Typically, Kentucky bridge decks are constructed with a thickness of 205 mm.  However,
in the design of bridge decks 15 mm of this thickness is an assumed wearing surface that
is not considered in the structural computations.  The deck panels were constructed to
represent design conditions with a thickness of 190 mm.  The assumed 15 mm wearing
surface was subtracted from the clear cover of the top reinforcing mat for all the
specimens.

Three different reinforcing schemes were used in the deck panels and are shown
in Figure 5.6.   First, four ECS reinforced deck panels were constructed.  Main
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reinforcement of these specimens consisted of two mats of #16 ECS rebars.  Clear covers
for the top and bottom mats were 50 mm and 25 mm respectively and were selected to
correspond to Kentucky design specifications.  The larger top clear cover is specified
mainly to protect the reinforcement in the bridge deck from corrosion related
deterioration.

The second reinforcing scheme studied was the GFRP reinforced deck panel.
Three of these specimens were fabricated with two mats of #15 GFRP rebars.  Clear
cover for both the top and bottom mats was 25 mm.   The top clear cover was reduced by
25 mm compared to the ECS reinforced deck panels since corrosion related deterioration
should not be encountered in a GFRP reinforced bridge deck.

The third reinforcing scheme was the Hybrid reinforced deck panel.  Five of these
specimens were tested.  The top mat of the specimens was made up of #15 GFRP rebars
with a clear cover of 25 mm as in the GFRP reinforced deck panels.  The bottom mat of
reinforcement consisted of two #16 ECS rebars with a 25 mm clear cover. Table 5.1
provides a summary of the reinforcement details for all of the deck panels tested.

A bridge deck transfers loads from the riding surface to the main support girders
acting as a continuous beam in the transverse direction.  Therefore, both positive and
negative moment regions exist as illustrated in Figure 5.1.   Different ECS and Hybrid
deck panels were constructed to test these different moment orientations due to
differences in clear cover and rebar types.  Hereafter the deck panels are referred to based
on the moment orientation, e.g. positive moment ECS reinforced deck panel.  Since the
GFRP reinforced deck panels had the same top and bottom clear cover, there is no need
to distinguish between positive and negative moment orientation.

The deck panels specimens were labeled using a three character sequence.  The
first letter identifies the specimen type, “E”, “F”, and “H”, represent the ECS, GFRP, and
Hybrid deck panels respectively.  The second character identifies the moment orientation,
“M“ for negative (minus) and “P” for positive (plus) moment. The third character is a
number distinguishing specific deck panels.
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Figure 5. 6: Deck Panel Cross Sections

TABLE 5.1 DECK PANELS IDENTIFICATION AND PROPERTIES

Compression
Reinforcement

Tension
ReinforcementDeck

Panel
Label

Panel
Type

Moment
Orientation Number of

Rebars

Clear
Cover
(mm)

 Number of
Rebars

Clear
Cover
(mm)

EM2
EM3

ECS Negative 2 - #16  ECS 25 2 - #16  ECS 50

EP1
EP3

ECS Positive 2 - #16  ECS 50 2 - #16  ECS 25

F1
F2
F3

GFRP N. A. 2 - #15 GFRP 25 2 - #15  GFRP 25

HM1
HM2

Hybrid Negative 2 - #15  ECS 25 2 - #15  GFRP 25

HP1
HP2
HP3

Hybrid Positive 2 - #15  GFRP 25 2 - #16  ECS 25
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5.3.2  Material Properties

During the fabrication of the deck panels, two standard compression cylinders
were made for each deck panel.  Compression tests were conducted on the cylinders the
same day the respective deck panels were tested.  Table 5.2 presents the results of the
concrete strengths for the cylinders tested.

Table 5.3 and Figure 5.7 show the material properties of the rebars used in the
study.

TABLE 5.2 CONCRETE CYLINDER COMPRESSIVE STRENGTH

Compressive Strength a   (MPa)
Deck Panel Label Cylinder 1 Cylinder 2 Average
EM2 41.97 40.20 41.44
EM3 45.99 46.36 46.17
EP1 41.67 N. A. 41.67
EP3 46.92 45.16  46.03
F1 29.53 27.65 28.59
F2 29.65 30.58  30.11
F3 27.36 26.68 27.02
HP1 46.50 48.80 47.65
HP2 46.38 50.06 48.22
HP3 41.26 44.55 42.91
HM1 28.04 28.41 28.23
HM2 31.34 30.26 30.80
a Concrete Age at time of cylinder tests ranged between 9 and 11 months.

TABLE 5.3 REBAR PROPERTIES

Diameter
of Rebar

Area of
Rebar

Yield
Strength

Ultimate
Strength

Modulus of
Elasticity

Rebar
Type

(mm) (mm2) (MPa)

Stress
Orientation

(MPa) (MPa)

#16 ECS 16 199 486.9
Tension/
Compression

653.4 196,490

Tension 612 42,045#15
GFRP

15 176 N. A.
Compression 325 42,510
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Figure 5. 7:  Stress versus Strain Properties of the Rebars Used

5.3.3  Deck Panel Test Setup

Figure 5.8 illustrates the four point load configuration used during the deck panel
tests.  As the figure shows, the load spacing was reduced from 913 mm to 710 mm for
testing of deck panel F1.  Instrumentation was placed to record the load and midspan
displacement of the deck panels.  In addition, crack measurements were recorded in the
constant moment region at load intervals of approximately 4500 kN.  For more details of
the test setup refer to Section 4.3 of Chapter 4.

Load Application
by Hydraulic Cylinder

Spreader Beam

Hold Down Hold Down

Concrete Deck Panel Specimen

a

190 mm

Constant Moment 
Region

aa

a = 710 mm for Deck Panel F1
913 mm for All other Deck Panels{

b = 355 mm for Deck Panel F1

456 mm for All other Deck Panels{
b

Figure 5.8:  Elevation View of Test Setup
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5.3.4  Dead Load Considerations

Since the deck panel specimens were tested in an inverted position, consideration
of dead load was important in the test results. During the testing, the hydraulic jack lifted
the deck panel up to bear against the supports and the dead load of the deck panels was
included in the measured load.  Load, shear, and moment diagrams for the test setup prior
to lifting the entire weight of the deck panel are shown in Figure 5.9a (dead load).  The
load, shear, and moment diagrams after the weight of the deck panels specimen was
bearing against the supports are shown in Figure 5.9b (live load).  During the reduction of
the test data, the dead load moment diagram was assumed to have the same shape as the
live load moment diagram.  This resulted in a small error in measured moment as
illustrated Figure 5.10.  The maximum percent error of this assumption at the midspan at
AASHTO service load conditions is 1.3% and considered negligible.

ReactionReaction

Reaction Reaction

2

P

2

P

a) Dead Load

2

P

2

P

b) Live Load

Load

Shear

Bending
Moment

Figure 5.9: Qualitative Load, Shear, and Bending Moment Diagrams for
         the Load  Test Setup

5.4  CORRELATION OF ULTIMATE LOAD WITH CODE
        PROVISIONS & THEORY

This Section provides comparisons of experimental ultimate load with: (1) design
load requirements of current AASHTO specifications, (2) ACI-318M-95 provisions for
predicting ultimate load, and (3) two published expressions for predicting shear failure in
GFRP reinforced deck panels.
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5.4.1  AASHTO Design Load Requirements

Article 3.24 of AASHTO (1996) provides guidelines for the design of concrete
bridge slabs with reinforcement perpendicular to traffic.  Flexural requirements for the
deck panels studied are provided in Article 3.24.3.1.  AASHTO specifies that concrete
slabs are to be designed for both a positive and negative live load moment computed
using the following expression in English units:

                             (5.1)

where,
MLL = Live Load Moment in foot-pound per foot slab width
P25 = 20 kips (90 kN)  for HS-25 Loading
S = Span Length in feet

AASHTO further specifies that in cases where the slabs are continuous over three or
more supports a continuity reduction factor of 0.8 shall be applied to Equation (5.1).  This
factor was applied to the deck panels, resulting in a required design live load moment of
7460 kN-mm for the specimens with a 2740 mm span length.  Similarly, the design live
load moment for specimen F1 with the 2130 mm span length was 6100 kN-mm.
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AASHTO specifies an impact fraction, I, in Article 3.8.2.1 that applies to concrete
bridge decks and is a magnification factor to live loads.  For the deck panels, the impact
fraction was the maximum allowed value of 30% resulting in a live load plus impact
moment of 7930 kN-mm for specimen F1 and 9700 kN-mm for the remaining deck
panels.

Design dead load moments were computed using the moment equation for a
simply supported span with a uniformly distributed load.  A 205 mm thick bridge deck
with a 15 mm wearing surface (see Section 4.2.1)  was assumed in the computations
rather than the 190 mm thick deck panels tested.  In addition the dead load moment
included an 720 Pa allowance for future wearing surfaces.  This resulted in a required
dead load moment of 955 kN-mm for deck panel F1 and 1580 kN-mm for the remaining
deck panels.

Combining the dead and live load plus impact moments resulted in design service
moments of 8885 kN-mm for specimen F1 and 11,280 kN-mm for the other deck panels.
Factored design moments were computed using load factors specified in AASHTO
Article 3.22.  The resulting factored design moments were 18,460 kN-mm for specimen
F1 and 23,115 kN-mm for the remaining specimens.  Figures 5.11 and 5.12 depict the
ratio of experimental ultimate moment to the AASHTO service and factored design
moments.
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Figure 5. 11:  Comparison of  Experimental Ultimate Moment and
            AASHTO Service Moment
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AASHTO Factored Load Requirements

1.33

1.151.12

1.53 1.54

1.28

1.091.13

1.58

1.10

1.60 1.58

0

0.2

0.4

0.6

0.8

1

1.2

1.4

1.6

1.8

2

EM2 EM3 EP1 EP3 HP1 HP2 HP3 F1 F2 F3 HM1 HM2

Deck Panel

M
ex

p
/M

AA
SH

TO
,F

ac
to

re
d

Flexural Failures Flexural-Shear Failures

Figure 5.12:  Comparison of Experimental Ultimate Moment and AASHTO
       Factored Moment

The deck panels are separated in Figures 5.11 and 5.12 based on the two observed
failure modes. The flexure failure mode was observed for all the deck panels with ECS
tensile reinforcement, see Table 5.1.  This failure mode was characterized by yielding of
the tensile reinforcement followed by a compression failure of the concrete between the
active load points.  The flexure-shear failure was observed in all the deck panels with
GFRP tensile reinforcement.  This failure occurred between the active load point and the
support reaction.

Figure 5.11 shows that all deck panels met AASHTO flexural service load
requirements with minimum ratios of experimental ultimate moment to design service
moment of  2.25 and 2.24 for specimens with flexural and shear-flexural failure modes,
respectively.  Similarly, Figure 5.12 shows that the minimum ratios of experimental
ultimate to factored AASHTO design moments for the specimens are 1.1 and 1.09 for the
flexural and flexure-shear failure modes, respectively.

For the specimens failing in the flexural mode, the negative moment ECS
specimens, EM2 and EM3 have the lowest ratio of experimental to design service and
factored moments.  This is due to the greater clear cover to tensile reinforcement in these
specimens than in the positive moment specimens with ECS tensile reinforcement shown
in Table 5.1.
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Of the specimens failing in the flexure-shear failure mode, deck panel F1 has the
largest ratio of experimental to design service load and of experimental to design factored
load.  This was due to the lower design moment requirements for specimen F1 with the
reduced span of 2130 mm.  The remainder of the specimens with the 2740 mm span
length failed at comparable ratios of experimental to design moments, an average ratio of
2.3 and 1.12 for service and factored loads, respectively.

Despite the differences in failure mode and type of tensile reinforcement, all of
the deck panels tested under negative moment have approximately the same ratios of
experimental ultimate load to design service load and design factored load.

AASHTO provides no direct provisions for the shear design of bridge decks.
Instead, Article 3.24.4 specifies that “slabs designed for bending moment in accordance
with Article 3.24.3 (Equation 5.1) shall be considered satisfactory in bond and shear”
(AASHTO 1996).  Since all deck panels meet the design flexural requirements, they meet
AASHTO specifications with regard to strength.

5.4.2  Correlation of Experimental Ultimate Load with Theory

Experimental ultimate loads were compared with predicted failure loads based on
current ACI-318M-95 provisions and other published theoretical relations.  As discussed
in the previous section, two failure modes were exhibited in the deck panels, flexure and
flexure-shear failure modes.  The subsequent discussion of predicted ultimate load is
separated for these two failure modes.  Material properties identified in Tables 5.2 and
5.3 were used in all theoretical computations in the following sections.

5.4.2.1  Flexural failure mode

Predictions of the flexure failure mode were computed based on design
assumptions presented in Section 10.2 of ACI-318M-95.  The assumptions include: (1)
satisfaction of equilibrium and compatibility conditions, (2) a maximum usable concrete
strain of 0.003, (3) a reinforcement stress equal to fy, and (4) an equivalent rectangular
stress block.  In addition, ACI-318M-95 specifies a strength reduction factor of 0.9 for
members under flexure without axial load.  This factor was not applied to the theoretical
results presented in this section.

Figure 5.13 shows the ratio of experimental failure moment to the predicted
failure moment computed with the above assumptions for specimens failing in flexure.
Ratios computed vary between 1.02 and 1.23.  Results show that the ultimate strength of
these specimens can be predicted accurately with current ACI provisions.
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5.4.2.2  Flexural shear failure mode

ACI-318M-95 provides the following two equations for computing the shear
capacity of members subjected to shear and flexure in Section 11.3:

   (5.2)

    (5.3)

where,
Vc = nominal shear strength provided by concrete in Newtons
f’c = specified concrete strength
bw = member width
d = distance from extreme compression fiber to centroid of tensile

reinforcement
rw = reinforcement ratio
Vu = factored shear at section considered
Mu = factored moment occurring simultaneously with Vu at section

considered

As shown in Figure 5.14, these two expressions greatly overestimate the shear
strength of the GFRP tensile reinforced deck panels.  Ratios of experimental ultimate
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strength to predicted ultimate strength using Equations (5.2) and (5.3) range between 0.63
and 0.70.

Tests performed by Michaluk et al., (1998) produced similar results.   Michaluk
tested slabs under an equally spaced four point loading with a span length of 3000 mm.
The slabs had a width of 100 mm and depths of 150 mm and 200 mm. Transverse
reinforcement was included in the specimens with longitudinal reinforcing ratios ranging
from 0.23% to 0.955% for the GFRP reinforced specimens. The author recommended
modification of the existing ACI equations by the ratio of the elastic moduli of GFRP and
steel reinforcements, EGFRP/ESTEEL.  This modification applied to the ACI-318M-95
relations, Equations (5.2) and (5.3), results in:

                                                            (5.4)

                                                                                                                                    (5.5)

Equations 5.4 and 5.5 predicted the failure strength of Michaluk’s deck panels with ratios
of experimental to predicted ultimate shear strength ranging from approximately 1.15 to
1.95.

 Figure 5.14 shows a comparison of observed experimental design loads of this
study to equations (5.4) and (5.5) proposed by Michaluk et al., (1998).  Ratios range from
values of 3.05 to 3.45, which means Mickaluk’s expressions significantly underestimate
the shear strength of the deck panels tested.

5.4.2.3  Proposed shear equation modifications

Due to inadequacies of the above shear relations, a proposed shear equation
modification based on the test data is proposed in Equations (5.6) through (5.8).  It is
proposed that the ACI-318M-95 shear relations be modified by the following ratio:

    (5.6)

resulting in the following relations for predicting shear capacity:

                                                              (5.7)

                                                                                                 (5.8)
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Comparisons of the experimental results and the proposed relations are shown in Figure
5.14.  In addition, numerical comparisons of the results from both Michaluk et al., (1998)
study and the present study are given in Table 5.4.   Ratios of experimental results to the
proposed shear relations ranged from 1.04 to 1.17 for the deck panels of this study.

TABLE 5.4 RESULTS OF PROPOSED SHEAR EQUATION

Proposed Equation

(5.7) (5.8)Specimen
Vexp

(kN)
Vc

(kN)
Vexp/Vc

(kN)
Vc

(kN)
Vexp/Vc

(kN)

1 74.6 96.4 0.77 83.87 0.89Michaluk
et al.
(1998) 2 158.1 142.75 1.11 124.6 1.27

F1 53.56 51.42 1.04 51.24 1.04
F2 56.58 52.77 1.07 52.52 1.08
F3 58.36 49.98 1.17 49.89 1.17
HM1 57.07 51.09 1.11 50.94 1.12

Present
Study

HM2 55.20 53.36 1.03 53.09 1.04
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Figure 5. 14: Summary of Comparisons of Experimental Ultimate Load to
          Predicted Shear Capacity (Flexural Shear Failures)

5.5  PREDICTION OF MIDSPAN DISPLACEMENT

Both AASHTO and ACI design recommendations for one way slabs are discussed
in this section.  In addition, four different theoretical methods for computing load versus
displacement are compared to the experimental results.  These theoretical methods
include: (1) integration of moment curvature relations using the moment area method, (2)
an approximate method provided in ACI-318M-95 and its predecessors for many years,
(3) a method proposed by Masmoudi, Theriault, and Benmokrane(1996), and (4) a
method proposed by GangaRao and Faza (1991).

5.5.1  AASHTO & ACI Maximum Displacements at Service Load

AASHTO (1996) provides design recommendations for displacements of concrete
structures in Articles 8.9 and 8.13.  No specifications are provided for individual
superstructure components such as the bridge deck.  Rather, displacement specifications
are based on the entire superstructure acting as a whole.  Article 8.13 specifies that
computed displacements should be based on the entire superstructure section and that the
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superstructure acts together having an equal displacement.  The provisions provided are
not set up to limit localized displacements, such as bridge deck displacements relative to
the main support girders.

ACI-318M-95 specifies a minimum slab thickness that, if equaled or exceeded,
obviates displacement computations.  Based on ACI Section 9.5.2, no displacement
computations are required for the deck panels if the thickness of the deck panels exceeds
L/20, where L is the span length.  For the spans tested, the minimum thickness L/20,
equals 107 mm and 137 mm for the 2130 mm span of specimen F1 and the 2740 mm
span of the remaining specimens respectively.  All of the specimens tested exceed this
minimum thickness with a thickness 190 mm.  Therefore, displacement computations are
not required for the deck panels according to ACI-318M-95 requirements.

Though no displacement computations were required by code specifications, a
comparison of the service load displacements for the deck panels tested is provided in
Figure 5.15.  The AASHTO service loads for the deck panels were presented in Section
5.4.1 and were 8885 kN-mm for deck panel F1 and 11,280 kN-mm for the other deck
panels.  Service dead loads for the deck panels were 955 kN-mm and 1580 kN-mm
respectively.  The displacements used in Figure 5.15 were computed by subtracting the
displacements of the specimens at the service dead load from the displacements at the
total service load.

Results for the deck panels with ECS tensile reinforcement varied widely.  The
deck panels with the smallest �/L at service live load were EM2 and HP3.  Studies of the
load displacement results showed that these deck panels did not crack prior to reaching
the service load while all of the other specimens did crack.  Deck panel EM3 had a very
large ratio compared to the other ECS reinforced deck panels because it had a
significantly lower cracking load.  EP3 also had a lower cracking load than the other
positive moment ECS deck panel, EP1.

Of the deck panels reinforced with GFRP rebars, deck panel F1 had the smallest
�/L at service live load.  This was because the smaller span length made the deck panel
stiffer and reduced the service live load (see Equation (5.1)).  The remaining GFRP
tensile reinforced deck panels had similar ratios that were much larger than ratios for the
ECS reinforced deck panels.

Since code specifications for displacements were based on steel reinforced
members, it is recommended that they be modified for GFRP reinforced members.



106

1000'f

'f002.03

c

c
U50 −

+=ε


















ε
ε−

ε
ε=

2

0

c

0

c
cc

2
'ff

Ratio of Span Length to Live Load Displacement
at Service Load

563
458

212 176 179

1319

331

908

1614

142

11061124

0

200

400

600

800

1000

1200

1400

1600

1800

2000

EM2 EM3 EP1 EP3 HP1 HP2 HP3 F 1 F 2 F 3 HM1 HM2

Deck Panel

L/
∆∆

LL
-S

er
vi

ce

Specimens with ECS Tensile
Reinforcement

Specimens with GFRP
Tensile Reinforcement

Figure 5.15:  Span Length, L, to Service Live Load Displacement, DLL-Service , Ratios
 of Deck Panels

5.5.2  Moment Curvature Analysis

To obtain a more accurate prediction of displacement, moment curvature relations
were required for each specimen.  Assumptions and theories used in the moment
curvature analyses are presented below.

Figure 5.16 shows the concrete compressive stress strain model proposed by Kent
and Park (1971) used in the development of the moment curvature relations.  The
concrete cylinder strengths shown in Table 5.2 were used for the maximum concrete
compressive stress, f’c.  Maximum stress in the concrete was assumed to occur at a strain
of 0.002 as recommended by Kent and Park. The model is defined by the following
expressions in English units:

                      (5.11)

                     (5.12)

where,
gc = concrete strain
g0 = concrete strain at stress f’c
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g50U = strain at 0.5 of maximum stress on descending branch of stress-
strain curve for unconfined concrete

f’c = compressive strength of a concrete cylinder [psi]

The Kent Park model was selected for this study because it is widely accepted and is
easily programmed.

 Tension tests, such as split cylinder or beam tests, were not performed on the
concrete.  Initially, the expression for tensile strength of concrete recommended in
Section 9.5.2.3 of ACI-318M-95 was used in the moment curvature derivations.
However, after comparison of the experimental and theoretical load displacement
diagrams, it was decided to calculate the tensile strength of the concrete from the
cracking load observed during the tests.

 Tensile properties of the ECS and GFRP rebars were determined experimentally.
Stress strain relations were derived from tension tests of three ECS rebars and four GFRP
rebars.  Table 5.3 and Figure 5.7 give details of the tensile properties used.  A more
detailed discussion of the tension test methods is provided in Chapter 2.

 The ECS rebars were assumed to display the same compression and tension
stress/strain properties.  However, the GFRP rebars were likely to have significantly
different properties in tension and compression.  The compression properties of the
GFRP rebars were determined experimentally (see Chapter 2) and are presented in Table
5.3 and Figure 5.7.

 Theoretical moment/curvature plots for three negative moment deck panels are
shown in Figure 5.17 and for three positive moment deck panels in Figure 5.18.  The
figures reflect the yielding of the ECS rebars and post yielding behavior of the deck
panels with ECS tensile reinforcement.  No experimental moment/curvature results are
presented because rebar tensile strains were not recorded during the testing.  Placement of
strain gages on the rebars would interfere with the crack behavior of the deck panels
which was a major focus of the study.  Moment curvature diagrams for the remainder of
the deck panels are given in Section B.1 of Appendix B.

The compression reinforcement apparently did little to alter the behavior of the
specimens at service load levels.  In most cases the reinforcement closest to the
compression face of the deck panel was located near the neutral axis of the specimen and
consequently was under little stress.  After yielding of the ECS tensile reinforcement, the
compression reinforcement of the ECS deck panels did affect the deck panel behavior.
Figure 5.18 shows representative positive moment ECS and hybrid specimens.  Both
specimens contained ECS tension reinforcement.  However, the all ECS specimen had
ECS compression reinforcement while the Hybrid specimen had GFRP compression
reinforcement (see Table 5.1).  The plot shows that the ECS specimen had a greater post-
yielding strength than the Hybrid specimen due to the presence of the ECS compression
reinforcement.
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Concrete Stress versus Strain in Compression

εεc

f'c

0.002 εε50U

0.5f'c

Figure 5.16:  Kent Park Model for Concrete in Compression
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5.5.3  Theoretical Estimates of Displacement for Deck Panels with ECS
Tensile Reinforcement

Two methods were used to compute displacements for the deck panels with ECS
tensile reinforcement.  First, the moment area method was used to compute the
theoretical load displacement curves shown in Figures 5.19 through 5.21.
Moment/curvature relations discussed in Section 5.5.2 were integrated in correlation with
the moment area method to compute displacements accounting for: nonlinearity of the
concrete, concrete still in tension before and after cracking, yielding of the reinforcing
steel, and compression reinforcement.

Second, the method presented in Section 9.5.2.3 of ACI-318M-95 is used.  This involves
an effective moment of inertia computed with the following relations:

                                                                                                                               (5.13)
                                                                                                                               (5.14)

where,
Ie = effective moment of inertia
Mcr = cracking moment
Ma = maximum moment in member at stage displacement is computed
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Ig = moment of inertia of gross concrete section neglecting
reinforcement

Icr = moment of inertia of cracked section transformed to concrete
fr = modulus of rupture of concrete, MPa (see Section 5.5.2)
yt = distance from centroidal axis of gross section, neglecting

reinforcement, to extreme fiber in tension.

Figures 5.19 through 5.21 provide comparisons of the experimental results with
the two theoretical methods for three of the deck panels tested.  The three panels were
selected to represent each of the different reinforcement schemes with ECS tensile
reinforcement.

Results of the moment area method show good correlation for all of the deck
panels with ECS tensile reinforcement up to yielding.  After yielding, the theoretical
results followed the experimental results well for deck panel EP1.  However, there was
some difference in the theoretical and experimental post yielding results for deck panels
EM2 and HP1.  The difference in load was never greater than 15% in either case and was
a result of inaccuracies in the models used.  Hysteresis due to the unloading of deck panel
EP1 had no effect on the load versus displacement results presented here.

Results from the ACI model show good agreement with experimental results up to
the point where the concrete stress/strain curve can no longer be assumed nonlinear,
approximately 0.45f’c.   After this point, the method no longer applies without
considering nonlinearity in the concrete stress/strain curve.

Section B.2 of Appendix B provides similar plots for the remaining specimens.
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Load vs. Displacement
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Figure 5. 19:  Comparison of Experimental and Theoretical Load versus
           Displacement for Deck Panel EM2
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Load vs. Displacement
Deck Panel HP1
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Figure 5. 21:  Comparison of Experimental and Theoretical Load versus
           Displacement for Deck Panel HP1

5.5.4 THEORETICAL ESTIMATES OF DISPLACEMENT FOR
DECK PANELS WITH GFRP TENSION REINFORCEMENT

Displacements of the deck panels with GFRP tension reinforcement were
predicted using three methods.  First, the moment area method was used with the moment
curvature diagrams discussed in Section 5.5.2.  To compute the theoretical
load/displacement curves shown in Figures 5.22 and 5.23 the moment/curvature relations
were integrated as part of the moment area method to compute displacements including
the effects of nonlinearity of the concrete, concrete still in tension before and after
cracking, yielding of the reinforcing steel, and compression reinforcement.

The other two methods for estimating displacements of the deck panels were
based on published research.  Several research studies have found that the ACI-318M-95
effective inertia relation, Equation (5.13), significantly overestimates the effective
moment of inertia of beams reinforced with GFRP rebars due to the large rise of the
neutral axis following cracking.  This overestimation of effective inertia results in a
significant underestimation of displacements.

The second method used to estimate displacements of the GFRP tensile reinforced
specimens was proposed by Masmoudi, Theriault, and Benmokrane (1996).  In his study,
four point load tests were performed on beams with a 3300 mm span with 500 mm
between load points.  The specimen cross sections were 300 mm deep and 200 mm wide
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with reinforcing ratios ranging from 0.50% to 1.07%.  Shear stirrups were provided in the
specimens at a 80 mm spacing.  Based on test results a coefficient, �, was derived that
reduced the computed gross moment of inertia in Equation (5.14).  Using it in correlation
with Equation (5.13) results in the following expression:

                                                                      (5.15)

where,
Ie = reduction coefficient

Masmoudi recommended a reduction coefficient of 0.6 for Ig of members reinforced with
the GFRP rebars used in this study.

The third method used for the computation of displacements was proposed by
GangaRao and Faza (1991) for GFRP reinforced beams.  In this experimental study, load
tests were performed on 305 mm deep and 150 mm wide beams reinforced with different
reinforcing ratios and reinforcement types.  The beams were tested under four point
loading with a 2750 mm span.  All of the specimens contained shear stirrups.  The types
of reinforcement used in the study included smooth, sand coated, and deformed GFRP
rebars as well as conventional deformed steel rebars.

Based on the test results, GangaRao and Faza developed a load displacement
model.  For the four point loading used in the deck panel testing, their model assumes
that the moment of inertia of the deck panel between load points is equal to the cracked
transformed moment of inertia, Icr.  The remainder of the deck panel, between the load
point and support, is assumed to be partially cracked with an ACI-318M-95 effective
moment of inertia, Ie.  This results in a modified moment of inertia, Im, applicable only to
an equally spaced four point loading given by:

                                                                (5.16)

where,
Im = modified moment of inertia

Figures 5.22 and 5.23 show comparisons of the displacements recorded during the
load tests of the two specimen types with GFRP tensile reinforcement and the three
methods discussed.  The most rigorous analysis method, the moment area method, shows
good correlation.

Both the model developed by Masmoudi, Theriault, and Benmokrane (1996) and
the model developed by GangaRao and Faza (1991) were terminated in Figures 5.22 and
5.23 where the stress/strain curve for concrete was assumed nonlinear, a concrete stress
of approximately 0.45f’c.  After this stress level, the models are no longer applicable
without considering the nonlinearity of the concrete stress/strain.  This type of analysis
was not performed in this study.
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 The effective moment of inertia method proposed by Masmoudi Theriault, and
Benmokrane (1996), Equation (5.15), shows good agreement with the experimental data
throughout the load range.  However, the method underestimates the displacements
recorded during the tests.  The modified moment of inertia method proposed by
GangaRao and Faza (1991), Equation (5.16), does not show good agreement around the
cracking load.  However, in regions after cracking the model does approximate the
experimental data reasonably well.  (See Section B.2 of Appendix B for the remainder of
the test results).
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Load vs. Displacement
Deck Panel HM1
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Figure 5. 23:  Comparison of Experimental and Theoretical Load versus
           Displacement for Deck Panel HM1

5.6  CRACK WIDTH CORRELATION

This section first discusses maximum crack width limitations and specifications
provided in ACI-318M-95 and AASHTO (1996) design guidelines.  Comparisons are
made between the maximum crack widths specified in the code provisions and those
observed during experimental testing.  Next, maximum crack spacings measured for the
deck panels with ECS tensile reinforcement are compared to theoretical crack widths
based on the cracking theory proposed by Gergely and Lutz (1968).

Experimental maximum crack widths observed on the deck panels with GFRP
tension reinforcement are compared with three theoretical maximum crack width models.
First, a model proposed by Masmoudi, Benmokrane, and Challal (1996) based on the
Gergely and Lutz relation.  Second, a model proposed by Faza and GangaRao (1991).
And third, a model proposed based on the results of the deck panels tested in this study.

5.6.1  AASHTO and ACI Maximum Crack Widths

Both AASHTO and ACI specifications do not limit maximum crack widths
directly.  Instead, they provide expressions that control the distribution and size of



116

3
cs Adfz =

reinforcement, which in turn control flexural cracking.  These expressions are based on
the maximum crack width model proposed by Gergely and Lutz (1968) in English units:

(5.17)

where,
w = crack width (units of 0.001 in)
� = ratio of distances to the neutral axis from the extreme tension fiber

and from
the centroid of the main reinforcement

fs = reinforcement stress calculated by elastic cracked section theory
(ksi)

dc = tensile reinforcement cover measured from the outermost rebar (in)
A = average effective concrete area around a reinforcing bar (in2)

Section 10.6.4 of ACI-318M-95 specifies that reinforcement should be sized and
distributed such that the quantity z, does not exceed 30 MN/m for interior exposure and
25 MN/m for exterior exposure.  The quantity z is given by the metric version of
Equation (5.17):

(5.18)

where,
z = quantity limiting distribution of flexural reinforcement
fs = calculated stress in reinforcement at service load
Commentary on the provision in R10.6.4 of ACI-318M-95 states that these two

limits for the quantity z correspond to maximum crack widths of 0.4 mm and 0.33 mm,
respectively, assuming an average ratio � of 1.35 for floor slabs.
For a bridge deck, the stricter specification for exterior exposure, 0.33 mm, would apply
to the negative moment specimens reinforced with ECS tensile reinforcement.  In
negative moment regions of a bridge deck the tensile reinforcement is located near the
riding surface and is exposed to a harsher environment.  Interior specifications, 0.4 mm,
would apply to positive moment regions of the bridge deck where the tensile
reinforcement is located near the bottom of the slab.  This would apply to the positive
moment deck panels.

GFRP rebars are not vulnerable to aggressive ions and therefore corrosion.  For
this reason, the limiting maximum crack widths for GFRP reinforced concrete members
should be based entirely on aesthetics and serviceability (i.e. the crack width limit should
be small enough to prevent impact damage from passing vehicles and prevent freeze-
thaw deterioration).  Additional research is required to determine practical limits.  At this
time, it is recommended that the maximum crack width specification for interior
exposure, 0.4 mm, apply to GFRP reinforced concrete members regardless of exposure
condition.

Figure 5.24 provides a comparison of maximum crack widths, encountered at
service load, with the ACI-318M-95 provisions.  Three of the deck panels, specimens

3
cs Adf076.0w β=
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EM2, F1, and HP3, did not crack until after the service load was surpassed and do not
have values depicted in the figure.  Of the remaining deck panels, all of the specimens
with ECS tensile reinforcement met the ACI specifications for maximum crack width at
service load.  None of the remaining specimens with GFRP tension reinforcement met
ACI specifications, even though the maximum crack width limitation was increased for
interior exposure conditions.

AASHTO (1996) limits the allowable stress in steel reinforcement at service load.
In English units, Article 8.16.8.4 provides the following relation for distribution of
reinforcement:

                                     (5.19)

where,
fy = yield stress of reinforcement

AASHTO specifies that the factor z shall not exceed 170 kips/inch for members
in moderate exposure conditions and 130 kips/inch for members in severe exposure
conditions.  Maximum crack widths apparently intended by the AASHTO specifications
were computed using the value of � = 1.35 assumed in the ACI-318M-95 specifications
in conjunction with Equation (5.17).  This resulted in apparent intended maximum crack
widths of 0.4 mm for moderate exposure conditions and 0.3 mm for severe exposure
conditions.
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The AASHTO maximum crack width limits were calculated for the deck panels in
a similar fashion to the ACI limits previously discussed.  Consequently AASHTO severe
exposure specifications, 0.3 mm, were assumed for the deck panels with ECS tension
reinforcement under negative moment.  Moderate exposure conditions, 0.4 mm, were
applied to the remaining deck panels.

Ratios of maximum experimental crack width at service load to the maximum
crack width intended by AASHTO are presented in Figure 5.25.  Specimens EM2, F1,
and HP3 did not crack prior to reaching service load and are depicted in the figure with
values of zero.  All of the remaining deck panels tested with ECS tensile reinforcement
met AASHTO specifications with the exception of deck panel EM3.  None of the
remaining specimens reinforced with GFRP reinforcement met the AASHTO
specifications for intended maximum crack width.

5.6.2  Theoretical Estimates of Maximum Crack
Width for Deck Panels with ECS Tensile Reinforcement

The model proposed by Gergely and Lutz (1968), Equation (5.17), was used to
predict maximum crack widths for the deck panels tested with ECS tensile reinforcement.
Steel stresses required for the model were calculated using the assumptions and models
described in 5.5.2.  Stresses were computed at load levels where cracks were measured
during the deck panel testing.
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Figures 5.26 through 5.28 show the experimental and theoretical results for
representative specimens of the three deck panel types with ECS tensile reinforcement.
Experimental and theoretical predictions show reasonable agreement for both ECS
reinforced specimens in Figures 5.26 and 5.27.  However, theoretical predictions of the
maximum crack width overestimate the measured crack width for the positive moment
Hybrid specimen, as shown in Figure 5.28.  Differences in theoretical and experimental
data should be expected when attempting to predict highly variable parameters such as
maximum crack width.
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Figure 5. 26:  Experimental and Theoretical Maximum Crack Width for Negative
  Moment ECS Deck Panel EM3
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Figure 5. 27:   Experimental and Theoretical Maximum Crack Width for Positive
   Moment ECS Deck Panel EP1
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Figure 5.28: Experimental and Theoretical Maximum Crack Width for Positive
   Moment Hybrid Deck Panel HP1
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5.6.3  Theoretical Estimates of Maximum Crack Width for
Specimens with GFRP Tensile Reinforcement

Three models are used to estimate maximum crack width for the two specimen
types with GFRP tensile reinforcement.  First, a model developed by GangaRao and Faza
(1991) is used which was based on the Watstein and Bresler model:

                                     (5.20)

where,
wmax =  maximum crack width
ff =  GFRP rebar stress
fr =  tensile strength of concrete
Ef =  modulus of GFRP rebar
�m =  bond strength
D =  rebar diameter
A =  previously specified

Stress in the GFRP rebar, ff, modulus of the GFRP rebar, Ef, and the tensile strength of
the concrete, fr, are based on information provided in the discussion of the moment
curvature derivations in Section 5.5.2.   A bond strength, � m, of 18 MPa and a rebar
diameter of 15 mm provided by the manufacturer are used in the analysis.  Equation
(5.20) was obtained from tests of beams with a span length similar to those of this study.
However, the beams contained shear stirrups that were not used in the experiments
conducted here.  In addition the cross sections of the beams tested by Faza and GangaRao
had a thickness of 305 mm and a width of 150 mm compared to the thickness of 190 mm
and width of 305 mm for the deck panels tested in this study.

The second model used to estimate the experimental crack widths was proposed
by Masmoudi, Benmokrane, and Chaallal (1996) and was based on the familiar Gergely
Lutz relation, Equation (5.17).  The relationship proposed was given as:

                                     (5.21)

where,
Kg = a coefficient derived from experimental data.  The remaining

parameters have previously been defined

The coefficient Kg depends on the type of GFRP reinforcement.  Theriault and
Benmokrane (1996) recommended a value of 40.9 mm2/N for the GFRP rebars used in
this study.  The relationship was based on beams tested with stirrups spaced at 80 mm
throughout the specimens.  The specimens were tested under four point loading at a span
length of 1500 mm compared to the 2740 mm and 2130 mm span lengths used in this
study.  Cross sectional dimensions of the specimens used to derive Kg were similar to
those of the deck panels tested here.
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Figures 5.29 through 5.31 compare experimental results to the two maximum
crack width models described above.  Both models show good agreement with deck panel
F1 in Figure 5.31, which was tested at the reduced span length of 2130 mm.  However,
neither model shows good agreement with the experimental data for the other two GFRP
tensile reinforced deck panels tested with a 2740 mm span length. Figures 5.30 and 5.31
show that results of both theoretical models provide approximate single lines that, if
extrapolated, would intercept the y-axis (representing moment) near the origin.  However,
the y-intercept for the experimental data does not pass near the origin.  In addition, the
slopes of the curves do not match; the slopes of the experimental data are considerably
smaller than those of the proposed models.
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Figure 5. 29:  Experimental and Theoretical Maximum Crack Width for the GFRP
    Deck Panel F1 Tested with a Reduced Span Length of 2130 mm
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Moment vs. Maximum Crack Width
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Figure 5. 30:   Experimental and Theoretical Maximum Crack Width for the GFRP
  Reinforced Deck Panel F2
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Figure 5. 31:  Experimental and Theoretical Maximum Crack Width for the
       Negative Moment Hybrid Deck Panel HM2
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A third model, proposed here, is derived to account for the two differences
described above and is also based on the Gergely and Lutz relation (1968).  It is:

                                                                                                                                    (5.22)

where,
ff,crack = stress in the reinforcement at cracking computed for the cracked

transformed section. The remaining parameters were defined previously.

The coefficient 0.09 was computed from experimental maximum crack data for
all the GFRP tensile reinforced deck panels, including deck panel F1.  Figure 5.32 shows
a plot of the maximum  measured crack widths versus the quantity, �f f(dcA)1/3.  Least
squares linear regression was used to compute the value of the coefficient equal to the
inverse of the experimentally obtained 11.2 N/mm, or 0.09 mm/N.  This coefficient
corrects for differences in slope of the experimental and proposed models given by
Equations (5.20) and (5.21).

Equation (5.22) accounts for the non zero value of the y-intercept using the term,
(ff -  ff,crack).  The value ff,crack represents the stress in the GFRP reinforcement after
cracking, at the magnitude of the cracking moment.  Values of the cracking moment were
taken from the experimental data for the deck panels tested in this study.

Figures 5.33 through 5.35 show comparisons of the three models and the
experimental data for three of the test specimens with GFRP tensile reinforcement.
Relations developed by GangaRao and Faza and by Masmoudi show much better
agreement than the proposed model for deck panel F1, with the reduced span length of
2130 mm.  However, the proposed model provides a better estimate of maximum crack
width for the specimens with the longer 2740 mm span in Figure 5.34 and 5.35.  Section
B.3 of Appendix B presents the results for the other three deck panels.
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ββff(dcA)1/3 vs. Maximum Crack Width
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Figure 5. 32:  ββ fs(dcA)1/3
  versus Maximum Crack Width for Deck Panels with
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Figure 5. 33:  Experimental and Predicted Maximum Crack Width for the GFRP
       Reinforced Deck Panel Tested with a Reduced Span of 2130 mm
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Moment vs. Maximum Crack Width
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Figure 5. 34:  Experimental and Predicted Maximum Crack Width for the GFRP
   Reinforced Deck Panel F2
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Figure 5. 35:  Experimental and Predicted Maximum Crack Width for the Negative
 Moment Hybrid Reinforced Deck Panel HM2
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5.7  SUMMARY AND CONCLUSIONS

Twelve full scale reinforced concrete deck panels were tested, simulating
conditions in an actual bridge deck to determine if GFRP rebars are a viable alternative to
conventional ECS rebars as concrete bridge deck reinforcement. Three different
reinforcing schemes are considered in the study: (1) an ECS reinforcing scheme with two
mats of ECS rebars, (2) a GFRP reinforcing scheme with two mats of GFRP rebars, and
(3) a Hybrid reinforcing scheme with a top mat of GFRP rebars and a bottom mat of ECS
rebars.  The different reinforcing schemes were tested in the laboratory with both the
positive and negative moment orientations existing in an actual bridge deck (see Section
5.3.1).

The objective of this chapter is to compare the deck panel test results to pertinent
code specifications and theoretical predictions.  Failure loads, displacements, and
maximum crack widths are considered.

All of the deck panels meet AASHTO (1996) design specifications with regard to
ultimate load.   It can be concluded that the GFRP deck panels can meet load
requirements in an actual bridge deck.  However, the AASHTO design specifications are
based on flexural failures of under-reinforced steel reinforced members which would
collapse in flexure after yielding of the reinforcement.  Since the GFRP tensile reinforced
deck panels of this study failed in a flexure/shear failure mode, it is recommended that
AASHTO consider broadening its current specifications with regard to failure mode.

ACI-318M-95 design guidelines for ultimate load accurately predicted the failure
load of the ECS reinforced deck panels failing in flexure.  However, current ACI
predictions of the failure shear, based on concrete contribution alone, significantly
overestimate the failure load of the GFRP tensile reinforced deck panels.  A theory for
predicting ultimate shear proposed by Michaluk et al., (1998) is also compared to the test
data.  Results show his shear failure theory significantly underestimates the shear strength
of the deck panels.   Since the above theories cannot adequately predict the shear strength
of the GFRP reinforced deck panels, two relations for predicting the shear strength are
proposed herein, based on the results of Michaluk et al., (1998) and the present study.

Service live load displacements are compared to AASHTO and ACI code
provisions.  AASHTO provisions were written to limit full superstructure displacements
rather than localized displacements.  No relative bridge deck displacement limitations are
specified in the code. ACI-318M-95 specifies that deflection computations are not
required for slabs meeting a minimum thickness provided in the code.  The deck panels
tested in this study met the minimum depth requirement; therefore displacement
computations were not required.  Modifications to both code specifications are warranted
in this case, since GFRP reinforced concrete members have greater displacements at
service load than ECS reinforced specimens on which present provisions are based.  It is
recommended that computations of prospective displacements for GFRP reinforced
concrete members be required.
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Theoretical estimates of displacements are calculated by integrating the
moment/curvature relations in combination with the moment area method.  Comparisons
of the theoretical and experimental displacements show good agreement for all of the
deck panels considered.  Displacements are also predicted for the deck panels with ECS
tensile reinforcement using the ACI-318M-95 effective moment of inertia.  Theoretical
and experimental results show good agreement up to yielding of the reinforcement after
which the method no longer applies.

Displacements of the specimens with GFRP tensile reinforcement are estimated
using two proposed theoretical models, one by Masmoudi, Theriault, and Benmokrane
(1996) the other by GangaRao and Faza (1991).  The method proposed by Masmoudi et
al. shows good agreement with the experimental results, slightly underestimating the
displacements.   The method developed by GangaRao and Faza correlates well with the
experimental data, except for regions near the cracking load.

Of the seven deck panels with ECS tension reinforcement, six meet both
AASHTO and ACI maximum crack width requirements.  None of the GFRP tensile
reinforced deck panels that cracked prior to service load meet AASHTO or ACI
maximum crack width requirements.  Both codes specify strict maximum crack widths to
protect steel reinforcement from corrosion related deterioration.  GFRP reinforced
concrete members are not subject to corrosion.  Therefore, the maximum allowable crack
widths should be based on aesthetics and serviceability (i.e. ability to withstand repeated
loading and freeze-thaw cycles without physical degradation).

Theoretical maximum crack widths computed using the Gergely Lutz equation
(1968) show good correlation with the experimental results for the deck panels with ECS
tension reinforcement.  Models proposed by GangaRao and Faza (1991) and Masmoudi,
Benmokrane, and Chaallal (1996) for predicting maximum crack widths for GFRP
reinforced deck panels are also compared to the test results.  The model shows good
correlation for the specimen tested with a reduced span length, deck panel F1.  However,
there are significant differences in slope and y-intercept for the remaining deck panels
with GFRP tensile reinforcement.  A model that better fits these data is proposed.
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6.0  BARRIER WALL IMPACT SIMULATION

 6.1 INTRODUCTION

Figure 6.1 shows the superstructure of a typical bridge deck.  A bridge deck is
required to support loads of passing traffic and must also resist forces caused by barrier
wall impacts.  In the event of a barrier wall impact the portion of the deck highlighted in
Figure 6.1 is subjected to a tensile-flexural load combination that could not be simulated
using the deck panels discussed in Chapters 4 and 5.  To evaluate the behavior of deck
overhang during a vehicle barrier impact, nine reinforced concrete barrier wall specimens
were constructed and tested.

The decks of the barrier wall specimens were reinforced with three different
combinations of rebars.   First, three specimens were constructed reinforced with ECS
reinforced deck  typical of conventional design practice.  Second, three specimens with a
deck reinforced entirely with GFRP rebars were fabricated.  Third, three barrier wall
specimens with a hybrid deck reinforcing scheme were constructed.  The Hybrid
reinforcement scheme consisted of a top mat of GFRP rebars and a bottom mat of ECS
rebars.

CL

Vehicle Impact Force

Area of Interest

Figure 6. 1: Typical Bridge Superstructure Cross Section



130

Vehicle Impact Force

Deck 
Reinforcement

Exterior Beam

Square Tube Support
in Test Setup

Actual Bridge
Barrier
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Figure 6. 2:   Relation of a Test Specimen to an Actual Bridge
(Reinforcement details are given in Figure 6.3)

6.2  BARRIER WALL SPECIMEN DESCRIPTION

Figure 6.2 illustrates how the constructed barrier wall specimens relate to an
actual bridge deck.  This section provides specific details concerning geometry and
reinforcement of the nine barrier wall specimens.

6.2.1  Barrier Wall Dimensions

The geometry of the barrier wall specimens was taken from the plans of the US-
460 bridge over Roger’s Creek in Bourbon County Kentucky.  The bridge was
constructed in July and August of 1997.   Exterior dimensions of the bridge’s barrier
walls were altered in two ways to fabricate the test specimens illustrated in Figures 6.2
and 6.3.  First, the height of the barrier walls was increased by 89 mm to provide
adequate bearing area at the load point, as shown in Figure 6.3.  AASHTO specifies that
the barrier wall design load be applied at the top of the barrier, 1067 mm in the actual
bridge deck.   Second, one of the tapers of the barrier wall was omitted to facilitate form-
work (see Figure 6.1).  This was not a problem since the barrier wall itself is not of
interest in the study.

The reaction block shown in Figure 6.3 was provided to transfer the reaction force
to the test frame.  In addition the reaction block provided a counterweight for the wall



131

facilitating movement of the specimens in the laboratory.   The additional length past the
smaller support tube was designed to insure adequate development length for the deck
reinforcement in the specimen.

The thickness of the actual Roger’s Creek bridge deck was 205 mm.  However, 15
mm of the actual deck thickness is an assumed wearing surface and is not considered in
design.  This resulted in a deck thickness of 190 mm for the barrier wall specimens.

A specimen width of 395 mm was selected to accommodate the three
reinforcement spacings used in the study discussed in the next section.
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Figure 6. 3:  Barrier Wall Specimen Dimensions

6.2.2  Reinforcement Layout

Figure 6.4 shows cross section A-A of Figure 6.3 for the different reinforcement
layouts.  The 15 mm wearing surface discussed in Section 6.2.1 was subtracted from the
top clear cover of all the specimens.

Reinforcement layouts were selected based on three proposed designs of the
Roger’s Creek bridge deck.  Figure 6.4a shows the proposed ECS design consisting of
two mats of ECS rebars.  Both the bottom and top mats were made up of 2 #19 ECS
rebars spaced at 203 mm.  A 25 mm clear cover to the bottom mat and a 50 mm clear
cover to the top mat were used for these barrier wall specimens.
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Figure 6.4b shows the GFRP design proposal made up of two GFRP reinforcing
mats.  Top and bottom mats consisted of 3 #15 GFRP rebars spaced at 127 mm.  A clear
cover to both the top and bottom mat of 25 mm was selected for these specimens.

Finally, Figure 6.4c shows the hybrid design proposal.  These specimens had a
bottom mat made up of 2 #19 ECS rebars spaced at 203 mm with a clear cover of 25 mm.
The top mat consisted of 3 #15 GFRP rebars spaced at 127 mm with a clear cover of 25
mm.

Transverse reinforcement spacing was taken from the Roger’s Creek bridge
design plans and was the same for all of the specimens.  All of the transverse rebars in the
ECS mats were #16 ECS rebars.  All of the transverse rebars in the GFRP mats were #15
GFRP rebars.

The barrier wall reinforcement shown in Figure 6.3 was made up of  2 #16 bent
ECS rebars spaced at 305 mm.  All nine of the specimens possessed identical barrier wall
reinforcement.

The reaction block hook reinforcement, shown in Figure 6.3, consisted of #13
uncoated Grade 420 steel rebars.  Three sets of the double hooked were placed at a
spacing of 127 mm  through the reaction block width.  Reaction block reinforcement was
the same for all the barrier wall specimens.

Table 6.1 provides a summary of the three different deck reinforcement layouts
were used during the study.

TABLE 6.1 SUMMARY OF BARRIER WALL SPECIMEN REINFORCEMENT

Specimen
Type

Bottom Mat
Reinforcement

Top  Mat Reinforcement
Clear Cover
to Bottom
Mat

Clear
Cover to
Top Mat

Rebars
Spacing
(mm)

Rebars
Spacing
(mm)

(mm) (mm)

ECS 2  #19 ECS 203 2  #19 ECS 203 25 50
GFRP 3  #15 GFRP 127 3  #15 GFRP 127 25 25
Hybrid 2  #19 ECS 203 3  #15 GFRP 127 25 25
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Figure 6. 4:  Cross Section of Barrier Wall Specimen Deck

6.2.3  Specimen Labeling

Specimens were identified by a three character sequence.  The first character for
all of the specimens was the letter “B” for barrier wall specimen.  This differentiated
them from the deck panel specimens discussed in Chapters 4 and 5.  The second character
denoted specimen deck reinforcement type, “E” for ECS, “F” for GFRP, and “H” for the
Hybrid barriers.  The third character was a number, 1, 2, or 3, differentiating specimens
with the same reinforcement type.

6.2.4  Material Properties

A standard Kentucky Class AA concrete mix was selected for the barrier wall
specimens.  Table 6.2 provides details of the mix design.

All of the barrier wall specimens were cast using a single load of concrete.  Two
standard 305 mm x 152 mm compression cylinders were made for each of the barrier
wall specimens.  These were broken the day each respective barrier wall was tested.
Table 6.3 shows a summary of the compression strengths.  All of the cylinders had a
greater compressive strength than the 30 MPa identified in Kentucky Standard
Specifications for Road and Bridge Construction (1998).

The properties for the ECS and GFRP rebars used in the barrier wall specimens
are given in Table 6.4 and Figure 6.5.
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TABLE 6.2  CONCRETE MIX DESIGN

(Taken from Kentucky Standard Specifications for Road and Bridge Construction)
Approximate
Percent Fine to
Total Aggregate

Maximum
Free Water by
W/C Ratio

28-Day
Compressive
Strength

Slump
Minimum
Cement
Factor

Class of
Concrete

Gravel Stone (kg/kg) (MPa) (mm) (kg/m3)
AA 36 40 0.42 30 50-100 368

TABLE 6.3 CONCRETE CYLINDER COMPRESSION STRENGTHS

Compression Strength, f’c   (MPa)
Deck Panel Label

Cylinder 1 Cylinder 2 Average
BE1 44.64 44.64 44.64
BE2 40.99 N. A. 40.99
BE3 45.50 46.62 46.06
BF1 41.19 40.41 40.80
BF2 38.28 39.91 39.10
BF3 31.67 31.11 31.40
BH1 33.62 37.94 35.78
BH2 32.67 37.55 35.11
BH3 34.52 36.79 35.66

TABLE 6. 4 REBAR PROPERTIES

Diameter
of Rebar

Area of
Rebar

Yield
Strength

Ultimate
Strength

Modulus of
Elasticity

Rebar
Type

(mm) (mm2) (MPa)

Stress
Orientation

(MPa) (MPa)

#19 ECS 19 284 486.9
Tension &
Compression

653.4 196,490

Tension 612 40,045#15
GFRP

15 176 N. A.
Compression 325 42,510

Refer to Chapter 2 for details of the reinforcement properties.
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Stress vs. Strain
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Figure 6. 5:   Stress versus Strain for ECS and GFRP Rebars
(Refer to Chapter 2 for the derivation of these curves)

6.2.5  Test Specimen Preparation

Forms for the nine barrier wall specimens were constructed with plywood and
timber sections.  Rebars were anchored inside the forms with individual steel chairs and
wire ties.  All nine specimens and their respective concrete cylinders were cast with a
single load of concrete.  The wide variation of concrete compression strengths shown in
Table 6.3 was due to the large amount of time required to place the concrete.   After the
concrete was placed, the exposed surfaces of the barrier wall specimens and compressive
cylinders were sprayed with a curing compound to prevent water from evaporating at the
surface.  The specimens were then covered with plastic sheeting.

The barrier wall specimens and concrete cylinders were left at the pour site for
approximately one month.  Then they were moved from the pour site to the laboratory, a
distance of approximately 15 km.  Testing of the barrier wall specimens began
approximately 10 months after the concrete was placed. The final specimen was tested
about 11 months after the specimens were cast.
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6.3  BARRIER WALL TEST SETUP & INSTRUMENTATION

Figure 6.6 shows an elevation of the test setup.  The barriers walls were tested in a
normal vertical position as illustrated in Figures 6.7 and 6.8.  A building column in the
laboratory served as a reaction block for the load frame.  The load cell was placed against
the wall adjacent to the hydraulic jack as shown in Figure 6.6.  Hydraulic pressure was
controlled under load control, therefore, no post ultimate behavior of the specimens could
be recorded.  The load was transferred from the hydraulic jack to the barrier wall with a
timber section.   The location of load application was selected to satisfy AASHTO
specifications as discussed in Section 6.2.1

Two steel tubes resisted the applied load.  The larger 305 mm square tube acted as
the exterior beam and the smaller tube resisted the uplift that would be resisted by flexure
in the remainder of the bridge deck in an actual bridge.  Figure 6.9 shows qualitative
shear, tensile, and bending moment diagrams for the barrier wall under load.

Load Applied
by Hydraulic Jack

Load Cell

10
40

 m
m

1111 mm

305 mm

914 mm

102 mmDeck Panel Reinforcement

         Timber

502 mm

Figure 6. 6: Barrier Wall Test Setup
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Figure 6.7:  Barrier Wall Test Setup

Figure 6. 8:  Barrier Wall Test Setup
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Figure 6. 9:  Qualitative Shear, Axial, and Moment Diagrams for the Barrier Wall
 Subjected to Load P

Twelve LVDTs, two dial gages, and a load cell were used during the barrier wall
tests.   As Figure 6.10 shows, the LVDTs and dial gages were placed in pairs, one on
each side of the specimens.  This allowed for measurements of specimen twist under
load.  In the data reduction, the pairs were averaged to subtract the twist from the
recorded data.  Data results showed that the twist encountered during the tests was
negligible.

Measurements were recorded at a rate of 1 sample every 2 seconds from the
LVDTs and the load cell.  These measurements continued to be taken through failure of
the specimens.  Dial gages were used to record the horizontal displacement at the top of
the barrier wall.  Loading was stopped in increments of approximately 4500 kN to
manually record the dial gage readings.  Readings were recorded up to approximately
60% of the predicted failure load.  At that point the gages were removed to prevent their
damage.
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PLAN VIEW
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Figure 6. 10:  Illustration of Instrumentation Locations

6.4  COMPARISON OF BARRIER WALL STIFFNESS

To evaluate the behavior of the different barrier wall specimens, the recorded data
were used to determine relative stiffnesses of the specimens.  Relative stiffness was
evaluated in three ways: 1) horizontal displacement at the top of the barrier wall, 2)
vertical displacement at the toe of the barrier wall, and 3) approximate average curvature
between section A-A and the back of the large tube shown in Figure 6.3.

Dead load of the barrier wall specimens was not considered in the analysis.
Instrumentation was positioned after the specimens were subjected to their own weight.

6.4.1  Load versus Displacement at Top of Barrier Wall

Figures 6.11 through 6.13 show the load versus displacement results for the nine
specimens that are grouped by deck reinforcement type.  The dial gages measuring
displacement were removed prior to failure to prevent damage.  Therefore, termination of
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the curves in the figures does not reflect failure conditions of the barriers.  The figures
show good consistency between specimens with the same reinforcement.

Figure 6.14 displays the load versus displacement response of three specimens,
BE3, BF2, and BH2.  These were selected to represent the load displacement behavior of
the ECS, GFRP, and Hybrid reinforced barrier specimens, respectively.  All three curves
follow similar paths up to cracking of the concrete in the deck, denoted by the change in
slope.  After cracking behavior of the three specimens varies.

The ECS barrier, BE3, has the largest slope of the three specimens reflecting the
largest stiffness of the specimens with regard to displacement at the top of the barrier.
Despite differences in bottom mat reinforcement, shown in Table 6.1, curves BF2 and
BH2 follow similar paths after cracking.  Results show that the top mat of reinforcement
(or negative bending reinforcement) governs the behavior of the barrier wall specimens.
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Figure 6. 11:  Load versus Displacement at Barrier Top, ECS Barriers
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Load vs. Displacement
(All GFRP Reinforced Barriers)
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Figure 6. 12:   Load versus Displacement at Barrier Top, GFRP Barriers
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Figure 6. 13:  Load versus Displacement at Barrier Top, Hybrid Barriers
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Figure 6. 14:  Comparison of Load versus Displacement at Barrier Top for the ECS,
GFRP, and Hybrid Specimens; BE3, BF2, and BH2 Respectively

6.4.2  Vertical Displacement at Toe of Barrier Wall

A second comparison of stiffness was based on the vertical displacement of the
specimen at the toe of the barrier wall.  Figure 6.15 illustrates the parameters required in
the evaluation of displacement at the toe.  Data from four LVDTs were used to compute
the displacement.  First, the two LVDTs at the location labeled LVDT1 in the figure were
averaged and  used as a measure of displacement at the toe.  Second, the average of the
pair of  LVDTs at location LVDT2 were used.  After analyzing the data it was found that
the specimen was rotating as a rigid body around Point A due to displacement at the
small tube support located at the rear of the specimen.  To correct the data for rigid body
displacements the following relation was used:

                                                   (5.1)

where,
δ =   corrected vertical displacement at barrier wall toe, Point B
∆1 =  displacement measured with LVDT1

∆2 =  displacement measured measure with LVDT2

L1 =  455 mm

2
2

1
1 L

L ∆





−∆=δ



143

L2 =  1040 mm
All  of these parameters are illustrated in Figure 6.15.

L1 = 455 mm L2 = 1040 mm

LVDT1

Point 
A

LVDT2

Point B

Figure 6. 15:   Detail showing Parameters used to compute Vertical Displacement at
  the Toe of the Barrier

Load versus displacement results for the three types of barrier specimens are
shown in Figures 6.16 through 6.18.  Good agreement of test results is shown for all the
specimen types.  Data for specimen BF1 were accidentally erased and are not presented
with the other test results.

Load displacement curves in Figure 6.19 are representative of the three barrier
types in the study.  Specimens BE3, BF2, and BH2 were chosen to represent the ECS,
GFRP, and Hybrid barrier specimens respectively.  After cracking the specimens show
differences in slope.  As in Section 6.4.1, the ECS specimen data show a larger slope, and
therefore larger stiffness, than the other two specimen types.  In addition, specimen BE3
shows inelastic characteristics due to apparent yielding of the ECS rebars in the deck.
This effect is not exhibited in specimens BF2 and BH2 with GFRP reinforcement in the
deck.

The similarity in slope after cracking of the GFRP and Hybrid specimens again
shows that the stiffness of the barrier is dictated largely by the type and location of
reinforcement in the top mat.  Specimens BF2 and BH2 had the same top mat
reinforcement, with different bottom mat reinforcement as presented in Table 6.1.



144

Load vs. Displacement
(All ECS Reinforced Barriers)

0

5

10

15

20

25

30

35

40

0 5 10 15 20 25

Displacement (mm)

Lo
ad

 (k
N

)
BE2BE3BE1

Load

Displacement

Figure 6. 16:   Load versus Vertical Displacement at Toe of Barrier, ECS Barriers
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Figure 6. 17:   Load versus Vertical Displacement at Toe of Barrier,  GFRP Barriers
 (Note: Data for Specimen BF1 were accidentally erased and are not
 shown)
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Load vs. Displacement
(Hybrid Reinforced Barriers)
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Figure 6. 18: Load versus Vertical Displacement at Toe of Barrier, Hybrid Barriers
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Figure 6. 19:   Load versus Vertical Displacement at Toe of Barrier for the ECS,
GFRP, and Hybrid Specimens; BE3, BF2, and BH2 Respectively
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6.4.3  Load versus Curvature

The third measure of relative stiffness used as a basis of comparison for the
barrier wall specimens was the load curvature response between section A-A and the
back of the large tube in Figure 6.3.  The parameters shown in Figure 6.20 were used to
calculate the curvature.

Since the entire section of the deck from the position of the LVDTs to the back of
the large square support tube was considered a constant moment region, the flexural
strains required to compute curvature can be assumed constant across the section.
Displacements measured using LVDT1 and LVDT2 in Figure 6.20 were divided by the
length from the large tube end to the location of the gages, L3 = 735 mm, converting them
into strains.  The strains were then used to compute the curvature by subtracting the strain
at the top of the barrier deck from the strain at the bottom and dividing by the distance
between the gages, H1 = 215 mm.  This procedure reduces to the following equation:

                           (6.2)

where,
f =  curvature at Section A-A
∆3 =  displacement measured with LVDT3

∆4 =  displacement measured with LVDT4

L3 =  735 mm, distance from section A-A to back of square
                                        support tube

L4 =  215 mm distance from LVDT3 to LVDT4

All of these parameters are shown below in Figure 6.20.

Curvature results grouped by specimen type are shown in Figures 6.21 through
6.23.  Termination of the curves shown in the figures represents failure of the specimens.
All of the specimens of each type show good consistency of behavior.  Data for barrier
BF1 were accidentally erased, so they are omitted from Figure 6.22.
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Figure 6. 20:  Detail showing Parameters used to Compute Curvature at
           Section A-A

A comparison of the different barrier wall types is shown in Figure 6.24.  Three
specimens were selected as characteristic of the different barriers tested, BE3, BF2, and
BH2.  These represented the ECS, GFRP, and Hybrid deck panels respectively.  Until
cracking, all of the specimens displayed similar behavior.  After cracking, the slope of the
BE3 curve was greater than the slopes of curves BF2 and BH2, reflecting greater
stiffness.  This was due to the larger stiffness of the ECS rebars used in the top mat of the
barrier wall specimen compared to the stiffness of the GFRP rebars used in the top mat of
the other specimens (see Table 6.1).  In addition, the presence of the ECS rebars in the
top mat of specimen BE3 produced ductility due to yielding of reinforcement.  This is
shown in Figure 6.24.  Large curvatures exhibited by specimens BF2 and BH2, with
GFRP rebars as top mat reinforcement, are due to the low elastic modulus of the GFRP
rebars.

The curves for barriers BF2 and BH2 follow approximately the same slope after
cracking.  This is because both specimens have the same type and location of top mat
reinforcement, as described in Table 6.1.   The figure shows that the bottom mat
reinforcement has little effect on the stiffness of the barrier wall specimens.
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Load vs. Curvature
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Figure 6. 21: Load versus Curvature of Deck, ECS Barriers
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Figure 6. 22: Load versus Curvature of Deck, GFRP Barriers (Note:
 Data for Specimen BF1 were accidentally erased and
 is not shown)
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Load vs. Curvature
(Hybrid Reinforced Barrier Walls) 
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Figure 6. 23:  Load versus Curvature of Deck, Hybrid Barriers
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Figure 6. 24:  Load versus Curvature of Deck Top for the ECS, GFRP, and Hybrid
 Specimens; BE3, BF2, and BH2 Respectively
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6.5  FAILURE OF BARRIER WALL SPECIMENS

This section compares the ultimate load observed in the specimens to the design
loads required by AASHTO specifications.  In addition, the different failure modes
observed in the tests are discussed.

6.5.1  AASHTO Load Requirements

Provisions for design load requirements are provided in Chapter 2 of the
AASHTO (1996) specifications.  Article 2.7 stipulates that the bridge barrier wall plan
used in the test specimens must resist an unfactored service load of 47 kN, or factored
load of 102 kN.   AASHTO  specifies that the load be distributed over a 1725 mm length
of deck, at the gutter line.  This reduces to a required unfactored service load of 10.7 kN.
Using the AASHTO specified live load factor of 2.17 results in a factored design load of
23.3 kN for the barriers tested.

Only live load is considered in the discussion of barrier wall results because the
recorded data was zeroed with the barrier wall specimens under their own weight.  As
mentioned in Section 6.2.1, the dimensions of the barrier wall specimens were altered
from the actual barrier wall of the US-460 bridge deck to provide adequate bearing area
and to facilitate form construction.  The difference in geometry increased the load on the
barrier wall specimens by 0.03 kN/m over the actual bridge deck barrier wall, a 0.04%
increase.  This was considered negligible and both the barrier wall specimens and the
actual barrier wall can be assumed to have the same dead load, which is negligible
compared to live load effects.

6.5.2  Ultimate Strength of Barrier Wall Specimens

The main focus of the study was the ability of the bridge decks, reinforced with
the three different layouts, to resist required barrier wall impacts.  Serviceability concerns
were not considered as important as the safety requirements associated with the ability to
resist design loads.

Table 6.5 provides a summary of specimen ultimate loads observed during the
test.  As discussed in the previous section the AASHTO design unfactored service and
factored live loads for the specimens were 10.7 kN and 23.3 kN respectively.  Every
barrier tested exceeded these design loads.  Failure modes in Table 6.5 are discussed in
Section 6.5.3.

Figures 6.25 and 6.26 show graphical comparisons of experimental ultimate load
to the design service and factored loads, respectively. The ratio of experimental ultimate
load to design service load was an average of 2.96, 2.55, and 2.79 for the ECS, GFRP,
and Hybrid specimens, respectively.  This reflects a minimum average safety factor of
2.55 for the specimens.  The chart in Figure 6.26 shows the ratio of observed specimen
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load compared to factored design load was an average of 1.37, 1.18, and 1.30, for the
ECS, GFRP, and Hybrid reinforced specimens.  The results show that the capacity of the
specimens exceeded the AASHTO design loads in every case.

TABLE 6.5 SUMMARY OF FAILURE LOADS OBSERVED

Reinforcement
Ultimate
Load

Type Label
Bottom
Mat

Top Mat (kN)
Failure Mode

BE1 2 #19 ECS 2 #19 ECS 35.74 Anchorage
BE2 2 #19 ECS 2 #19 ECS 36.93 AnchorageECS
BE3 2 #19 ECS 2 #19 ECS 35.71 Anchorage

BF1
3 #15
GFRP

3 #15 GFRP N.A. Flexure – Tension

BF2
3 #15
GFRP

3 #15 GFRP 31.3 Flexure- TensionGFRP

BF3
3 #15
GFRP

3 #15 GFRP 30.97 Shear-Tension-Bond

BH1 2 #19 ECS 3 #15 GFRP 35.74 Anchorage
BH2 2 #19 ECS 3 #15 GFRP 34.45 AnchorageHybrid
BH3 2 #19 ECS 3 #15 GFRP 32.07 Shear-Tension-Bond

6.5.3  Failure Mode

Three different failure modes were observed during the tests.  However, all of the
modes occurred at similar loads.  This is reflected in Figure 6.26 showing ratios of the
observed experimental ultimate loads and AASHTO design factored.

All three of the ECS reinforced barriers experienced an anchorage failure under
the barrier wall.  Figure 6.27 shows a photograph of the anchorage failure.  Cracks
formed in the deck region below the barrier wall running parallel to and at the location of
the deck reinforcement.  The crack patterns observed suggest that anchorage failures
occurred at both the top and bottom reinforcing mats. In addition, failures of the
specimens were ductile in nature, as reflected in the graph showing load versus vertical
displacement at the toe of the barrier in Figure 6.17.  This provided warning of the
impending specimen failure.
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The development length provided in the barrier wall specimens was 460 mm.
This was greater than the maximum required AASHTO development length of 400 mm
for the three ECS specimens computed assuming a 415 MPa yield strength for the
reinforcement.  Therefore, by AASHTO specifications, the barrier specimens had
adequate development length using the commonly assumed yield strength of 415 MPa.
Tests of the ECS reinforcement showed that the actual yield point of the reinforcement
was 486.9 MPa.  Using this in correlation with AASHTO provisions resulted in a
maximum required development length of 480 mm for the ECS specimens, 20 mm more
than provided.

Two of the Hybrid specimens, BH1 and BH2, also exhibited an anchorage failure
in the deck below the barrier wall similar to the ECS specimens.  However, a large
diagonal crack in the region behind the large support tube was beginning to form in
specimens BH1 and BH2, which was not observed in the ECS specimens.   The cracks,
similar to that shown in Figure 6.28, apparently formed due to the combined shear,
tensile, and bond forces occurring in that region.  The final Hybrid specimen, BH3, failed
due to the combined forces in the region behind the support tube with the crack pattern
shown in Figure 6.28.  Despite the difference in failure mechanisms for the specimens,
the ultimate loads of the Hybrid reinforced barriers were approximately the same, as
shown in Table 6.5. The Hybrid specimen failure was also ductile in nature providing
warning of failure in the form of large crack widths and large displacements.

The GFRP reinforced barrier BF3 failed due to the flexural, shear, and bond force
combination similar to barrier BH3.  Figure 6.28 shows the crack pattern observed in the
failure.  The remaining two GFRP reinforced specimens, BF1 and BF2, failed between
the toe of the barrier wall and the edge of the larger support tube, as shown in Figure
6.29.  The failure zone is in the photograph where the concrete piece has been removed.
In this region the specimen deck is under a combination of flexural and tensile forces, as
graphically illustrated in Figure 6.9.

As mentioned previously, no failure or load displacement data were available for
barrier BF1.  However, Table 6.5 shows that both of the other GFRP reinforced barriers
failed at approximately the same load despite the difference in failure mechanism.  As in
the Hybrid specimens, ductility was present in the behavior of specimens BF2 and BF3 as
shown by large crack widths and large displacements.

Though there was a significant variation in barrier wall specimen concrete
strength, the concrete strength had little affect on the ultimate strengths of the deck panels
for any specific reinforcing scheme.  Differences in the reinforcement types made it
difficult to comment on the influence in concrete strengths between different deck panels
types.  Overall, comparisons of concrete strength to ultimate load or failure mode show
no trends in barrier wall behavior.
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Figure 6. 27: Crack Pattern of Anchorage Failure beneath the Barrier Wall

Figure 6. 28:  Crack Pattern of Combined Shear-Tension-Bond Failure
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Figure 6. 29:  Crack Pattern of Combined Flexural-Tension Failure

6.6  SUMMARY AND CONCLUSIONS

To evaluate the behavior of concrete bridge deck overhangs reinforced with
GFRP rebars, nine barrier wall specimens were constructed and tested.  The specimens
were designed to simulate force conditions in a bridge deck overhang in the event of a
vehicle barrier wall impact.  Three different deck reinforcing schemes were tested in the
study.  These included a deck reinforced entirely with ECS rebars, a deck reinforced
entirely with GFRP rebars, and a Hybrid deck with a top mat of GFRP rebars and a
bottom mat of ECS rebars.  Details of the reinforcing types are given in Table 6.1.  The
objectives of the study included the comparative stiffness, ultimate strength, and failure
mode of the specimen types.

The test setup was based on an actual Kentucky bridge deck and designed
according to AASHTO specifications.

Measurements were taken to compare the stiffnesses of the barrier walls in three
ways: (1) horizontal displacement at the level of load application; (2) vertical
displacement at the barrier toe; and (3) curvature of the deck.  Results from the three
methods showed that all of the specimens exhibited the same behavior up until cracking
of the deck.  After cracking the ECS reinforced specimens had greater stiffness than
either the GFRP and Hybrid reinforced specimens.  In addition, the ECS reinforced
specimens exhibited an apparent yielding failure not observed in the GFRP or the Hybrid
specimens.  Both of these results were due to the presence of the ECS rebars in the top
mat of the ECS barriers.  Both the GFRP and Hybrid specimens had top mats made up of
GFRP rebars as shown in Table 6.6.  Comparing stiffness results also showed that the
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GFRP and Hybrid specimens displayed similar behavior after cracking despite the
difference in compression reinforcement of the two specimens.

Table 6.6 shows that all of the specimens met AASHTO load requirements.
Ratios of experimental failure to design service load for all the specimens were greater
than 2.9 for all the specimens.  Similarly, ratios of experimental failure to factored design
load for all the specimens were greater than 1.3.

Three different failure modes were observed during the tests.  First, an anchorage
failure (Figure 6.27) in the deck beneath the barrier wall was observed for all three ECS
reinforced specimens and two of the Hybrid reinforced specimens, as summarized in
Table 6.6.  Results showed that adequate development length based on AASHTO
provisions was provided for the #19 ECS rebars assuming a yield point of 415 MPa.
However, tests of the rebar showed that the actual yield strength was 486.7 MPa.  Using
this yield strength with AASHTO specifications for development length showed that the
provided development length was 20 mm less than required.  Though the specimens did
not provide adequate development length in this case, an increase in development length
is not recommended since the barrier wall specimens met AASHTO design load
specifications prior to failure.

The third hybrid reinforced and one of the GFRP reinforced specimens failed in a
region past the support tube simulating the exterior girder (Figure 6.28).  In this region
the deck was under a combined shear, tension, and bond force combination.  The two
final GFRP reinforced specimens failed in the deck between the toe of the barrier wall
and the support tube simulating the exterior girder (Figure 6.29).  This failure was the
result of a combined flexural tension load combination.

Despite the variation in failure mode, all nine of the specimens failed at
approximately the same ultimate load.

All of the specimens regardless of reinforcement type provided some warning of
impending failure.   Failure of the ECS reinforced specimens exhibited yielding, with
sudden large displacement occurring as the applied load approached ultimate load.  The
GFRP and hybrid specimens provided warning of failure by large displacements and
crack widths.

Based on the experimental results all three proposed reinforcing schemes, e.g.
ECS, GFRP, and Hybrid, can be recommended for use in actual bridge decks since they
provided adequate resistance in case of a barrier wall impact.  Each reinforcing scheme
met AASHTO specifications for barrier wall resistance and provided adequate warning of
failure with ductile behavior.
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TABLE 6.6   SUMMARY TEST RESULTS

Reinforcement
Ultimate
Load

PEXP /PAASHTO

Type Label
Botto
m

Top (kN)
Servic
e

Factored
Failure Mode

BE1 ECS ECS 35.74 3.33 1.54 Anchorage
BE2 ECS ECS 36.93 3.44 1.59 AnchorageECS
BE3 ECS ECS 35.71 3.33 1.54 Anchorage
BF1 GFRP GFRP N. A. N. A. N. A. Flexure - Tension
BF2 GFRP GFRP 31.3 2.92 1.34 Flexure- Tension

GFRP
BF3 GFRP GFRP 30.97 2.89 1.33

Shear-Tension-
Bond

BH1 ECS GFRP 35.74 3.33 1.54 Anchorage
BH2 ECS GFRP 34.45 3.21 1.48 Anchorage

Hybrid
BH3 ECS GFRP 32.07 2.99 1.38

Shear-Tension-
Bond
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7.0  CONCLUSIONS, RECOMMENDATIONS, AND FUTURE
RESEARCH

7.1  OBJECTIVES

 The objective of this study is to evaluate the use of glass fiber reinforced polymer
(GFRP) rebars in concrete bridge decks.  The objective was achieved by conducting the
following tasks: (1) Constructability assessment; (2) Laboratory testing of GFRP rebars
to determine their material properties; (3) Laboratory testing of concrete deck panels and
barrier walls reinforced with GFRP and/or epoxy coated steel to evaluate the behavior
and compliancy with the AASHTO and ACI Codes; and (4) Deployment of the GFRP
rebars in a portion of the top reinforcing mat in the Roger’s Creek deck.

7.2   SUMMARY OF RESEARCH FINDINGS

7.2.1  Constructability Assessment

 The constructability assessment phase of the research project proved that GFRP
rebars can withstand bridge deck construction with very few changes from conventional
construction techniques.  In addition, results show that GFRP rebar mats can support
construction loads.

Recommendations based on the research findings include the use of ECS chairs
and plastic coated steel wire ties with GFRP rebars.  It is estimated that approximately
twice as many ECS chairs will be required to achieve adequate mat stiffness in a GFRP
rebar mat.

No floatation of the reinforcing mat was observed during the constructability assessment;
however, this problem could be encountered during placement of high slump concrete.
To avoid floatation, the GFRP reinforcing mat could be tied to the concrete forms.

In case repairs on a deck are needed (e.g. potholes), the use of a jackhammer was
identified as a viable method for removing concrete from a GFRP reinforced bridge deck
during repair operations.  Hydro-demolition was also considered as a repair procedure but
was found to damage the GFRP rebars during the concrete removal process.  Therefore, it
should not be considered for removal of deteriorated concrete reinforced with GFRP
rebars.

7.2.2  Rebar Material Properties

Standard methods are not available for determining the compression elastic
modulus and compression strength of GFRP rebars. A method was developed to
experimentally determine these parameters.  Based on the test results of more than 50
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GFRP rebar specimens in compression, an ultimate compression strength versus
unbraced length design curve is proposed.  Test results also show that the compression
modulus of elasticity is approximately the same as the tensile modulus of elasticity for
the GFRP rebars used in the study.  However, for design, the compression strength of the
GFRP rebars should be 50% of the tension strength.

7.2.3  Testing of Bridge Deck Panels

  Twelve full-scale reinforced concrete deck panels were tested to simulate
transverse bridge deck load conditions.  Three different reinforcing schemes were
evaluated in the study: (1) an ECS reinforcing scheme with a top and bottom mat of ECS
rebars, (2) a GFRP reinforcing scheme with a top and bottom mat of GFRP rebars, and
(3) a Hybrid reinforcing scheme with a top mat of GFRP rebars and a bottom mat of ECS
rebars.

Results show that the ultimate load, load versus displacement at service levels
(i.e. prior to yielding), moment versus maximum concrete compression strain, and deck
panel failure mode were governed by the type of tensile reinforcement.  The type of
compression reinforcement had little effect on these parameters.  Compression
reinforcement did have a limited effect on the ductility of the deck panels with ECS
tension reinforcement and the maximum observed crack widths.

Observations show that all twelve deck panels exhibited the same load versus
displacement and moment versus strain characteristics prior to cracking.  After cracking,
the deck panels with ECS tension reinforcement exhibited significantly greater stiffness
and smaller crack widths than the deck panels with GFRP tensile reinforcement.

All of the deck panels with ECS tension reinforcement failed in a flexural mode.
The failure mode exhibited ductility and provided adequate warning of failure through
apparent yielding of the reinforcement.  All deck panels with GFRP reinforcement
collapsed in a combined flexure and shear failure mode.  The failure of these deck panels
was ductile, and provided warning of impending collapse with large crack widths and
displacements.

7.2.3.1  Comparison with AASHTO Specifications

 Comparisons of the deck panel results to current AASHTO provisions for bridge
deck design show that all of the deck panels met AASHTO guidelines for ultimate load.
However, AASHTO specifications are based on under-reinforced concrete specimens
with steel reinforcement, failing after yielding of the reinforcing steel.  Since GFRP
specimens do not exhibit yielding, and in this study failed in shear, it is recommended
that specifications be broadened to include a shear failure mode.
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ACI-318M-95 design specifications accurately predicted the failure load of the
ECS reinforced deck panels, which failed in flexure.  However, neither current ACI
provisions nor a model developed by other researchers adequately predicted the
combined shear and flexural failure strength of the GFRP reinforced deck panels.  Two
equations for predicting the shear strength of the specimens are proposed in this study.

Experimental maximum crack widths were compared to theoretical models
developed by others, and the result show that these models adequately predicted crack
widths for the GFRP reinforced deck panel with a span length of 2130 mm.  However,
these models did not predict crack widths for the deck panels with the longer span length
of 2740 mm.  A maximum crack width model based on the results of this study is
proposed based on the Gergely-Lutz expression.

 7.2.4  Barrier Wall Impact Simulation

In addition to the deck panel specimens, nine barrier wall specimens were
constructed and tested to evaluate the behavior of concrete bridge deck overhangs with
the three different reinforcing schemes discussed in Section 7.1.3.  Results show that all
of the specimens met AASHTO load specifications.  In addition, all of the specimens
exhibited a ductile failure type that provided adequate warning of the impending failure.
The ECS reinforced specimens exhibited ductility through apparent reinforcement
yielding, large displacements, and large crack widths, while the GFRP reinforced deck
panels exhibited ductility through large displacements and crack widths.

7.3  RECOMMENDED REINFORCING SCHEME

Results of this study show that both the GFRP and Hybrid deck panel reinforcing
schemes meet all AASHTO load requirements.  Either of these reinforcing schemes can
be depended on from a strength standpoint.  However, the results also show that the
GFRP and Hybrid deck panels did not meet AASHTO requirements for maximum crack
widths.  In addition, though AASHTO does not specify maximum displacements for
concrete bridge decks, the displacements observed for the GFRP and Hybrid deck panels
were significantly greater than those of the ECS reinforced deck panels and warrant
consideration.

The Hybrid reinforcing scheme is recommended for use in bridge decks even
though it did not meet serviceability requirements.  This reinforcing scheme provides the
dependability of ECS rebars with the corrosion immunity of the GFRP rebars.  Since
reinforced concrete bridge decks transfer load transversely over main support girders as a
continuous beam, ECS rebars in the bottom of the bridge deck will decrease the
deflection of the deck under loading observed in this study.  In addition, crack width
limitations for the top reinforcing mat could be increased for GFRP reinforced deck
panels due to their immunity from corrosion.
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